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ABSTRACT 
 
 
 
According to the U.S. Energy Information Administration, construction and use of 

buildings consumed almost half of the total energy used in the United States in 2012. 

Design for Deconstruction (DfD) of buildings was proposed to minimize the 

environmental impacts and reduce the pollution and waste produced during the 

construction and demolition of buildings by reclaiming the materials at the end of the 

service life of buildings. Traditional steel-concrete composite flooring system makes the 

most efficient use of the two materials, with steel being subjected to tension and concrete 

resisting compression. However, in this system the concrete slabs are poured integrally 

with the supporting steel framing systems, inhibiting the separation and reuse of the 

structural components.  

 

The objectives of the proposed research are to develop new structural system concepts for 

deconstructable steel and steel-concrete composite construction to facilitate DfD coupled 

with the use of recycled materials in sustainably optimized construction. The proposed 

system not only maintains the benefits offered by composite construction but also enables 

disassembly and reuse of the structural components.  

 

This report first describes the deconstructable composite floor system utilizing clamping 

connectors. This floor system is anticipated to be used along with all-bolted construction 

for the remainder of the structure to facilitate deconstruction. The environmental benefits 

of utilizing DfD in the design of buildings is demonstrated with the life cycle assessment 

results of prototype structures. The experimental program for investigating the 

performance of the system is then introduced. Pushout tests are conducted to quantify the 

strength and ductility of the clamping connectors and evaluate
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the influences of the parameters. It is indicated that the strength of the ductile clamping 

connectors is comparable to that of steel headed stud anchors. In addition, the behavior of 

the clamping connectors is further validated through full-scale beam tests in which the 

flexural behavior of the deconstructable composite beams is investigated 

comprehensively. Combining experimental and finite element analysis results, strength 

design equations and resistance factors are proposed for calculating the shear strength of 

the clamping connectors and the flexural strength of the associated composite beams. 

This report culminates with conclusions and future work.    
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 INTRODUCTION 
 

According to the U.S. Energy Information Administration, buildings consumed almost 

half of the total energy used in the United States in 2012, while the transportation sector 

and the industrial sector accounted for 28% and 23%, respectively. As the leading 

contributor to CO2 emission, the building sector was also responsible for 45% of all CO2 

emissions (Energy Information Administration 2012). Although the embodied energy 

only amounts to 10-20% of the total energy use of buildings (Ramesh et al. 2010), it will 

hold a larger proportion in the future, as technologies are developed to increase the 

efficiencies of the heating, ventilating and lighting systems. In addition to depleting 

nonrenewable resources and aggravating climate change, waste related to building 

construction and deconstruction is a major concern. Construction and demolition (C&D) 

waste totals nearly 160 million tons per year, including debris generated during 

demolition (48 percent), renovation (44 percent) and new construction (8 percent) (U.S. 

Environmental Protection Agency 2008). Recycling and reusing C&D waste conserves 

landfill, cuts down the expenses for purchasing new materials, and reduces the 

environmental impacts.  

 

Hot-rolled structural steel used in the construction of engineered steel building structures 

and infrastructure components currently is produced in the U.S. from nearly 100% 

recycled materials. A variety of sustainable concrete mixes (e.g., measured by a lowering 

of the required carbon footprint to manufacture the concrete) are also being developed 

worldwide. However, the manufacture of new building materials, even based on the use 

of recycled materials, still currently consumes significant energy derived from non-

renewable fossil fuels. Achieving comprehensive sustainability in the built environment 

requires significant reduction in and eventual elimination of the use of most 

nonrenewable resources, both for construction materials and for energy consumption. 

 

The need to reduce the energy consumption and material waste related to the construction 

industry motivates the exploration of Design for Deconstruction (DfD) of buildings. DfD 

of buildings, first proposed in the 1990s (Kibert 2003), aims at resolving these issues by 
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reclaiming and repurposing the materials at the end of their service life. Contrary to the 

conventional linear material flow, which starts with the extraction of raw materials and 

ends with the disposal of debris in landfills, DfD could help close this loop by reducing 

the cost of recovering and reusing resources. 

 

The benefits of deconstruction could be more rapidly realized if the building service life 

is much shorter. Although buildings are commonly designed for a 50-year or more 

service life, the actual life of many buildings is much less.  A survey conducted by 

O’Conner (2004) revealed that demolition of buildings was rarely due to damage in 

structural systems and materials, but mainly because of the lack of maintenance for non-

structural components, changing land values and inability to meet current owners’ needs.  

 

Structural steel framing systems are particularly conducive to deconstruction at the end of 

the service life of a structure, so long as they have not been subjected to extensive 

permanent damage from an extreme hazardous event or deteriorated due to 

environmental or other factors. When structural members are protected from the 

environment within a building envelope, as with this system, little deterioration occurs. 

Composite construction makes efficient use of the two materials, with concrete being 

subjected to compression and steel resisting tension. In conventional composite 

construction, steel frames are erected in place, with corrugated metal deck often laid atop 

the steel beams and girders, shear connectors shot onto the top flanges of the steel 

members, reinforcement laid in place, and a monolithic concrete floor slab cast in place. 

However, composite steel-concrete floor systems, by far the most ubiquitous type of 

structural steel framing for commercial and institutional buildings, are not reusable at 

end-of-life. The integration of steel beams and concrete slabs via shear connectors 

inhibits the separation of the two materials, making impossible the deconstruction of the 

composite flooring systems and reuse of the structural components. Steel beams and 

shear studs can be recycled after being extracted from demolition debris, while concrete 

slabs can be crushed for fill or making aggregates for new concrete. Conventional 

composite floor systems are therefore not the best choice for reducing the long-term 

environmental impacts of building materials.  
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The aim of this research is to establish fundamental strategies for predicting the behavior 

of and designing sustainable steel structures through combining sustainably optimized 

prefabrication strategies with DfD, achieving nearly 100% reusability for composite floor 

framing systems within the context of reusable bolted steel framing. This research 

combines an experimental testing program and finite element analysis to characterize the 

behavior of the new composite floor system under gravity loading and lateral loading, 

including seismic loading.  

 

 Deconstructable composite prototype system 
 

A new deconstructable composite floor system is proposed in this project. This system is 

designed to maintain the benefits of steel-concrete composite construction, such as 

enhanced flexural strength and stiffness, reduced steel beam size and weight, and ease of 

construction, and enable sustainable design of composite floor systems in steel building 

structures, components disassembly and reuse of the structural components. The 

deconstructable composite prototype is illustrated in Figure 1.1; this concept was first 

introduced in Webster et al. (2007). The system consists of precast concrete planks and 

steel beams connected using clamping connectors. Frictional forces are generated at the 

steel-concrete interface to resist required shear flow and achieve composite action. Cast-

in channels are embedded in concrete to provide flexibility for where the beam intersects 

the plank and allow for different beam widths. Tongue-and-groove joints at the concrete 

plank edge ensure vertical load transfer between adjacent planks, and offer a level and 

well-matched surface. By untightening the bolts, the clamping connectors enable the 

precast concrete planks and steel beams to be easily disassembled and reconfigured in 

future projects.  

 

Mechanical connectors are usually used in conventional precast concrete construction to 

transfer in-plane diaphragm forces. In order to achieve deconstructablity of the system, 

grouting the planks and placing a cast-in place concrete topping, which help to tie all the 

planks together, are not possible. In the proposed deconstructable system, the precast 
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concrete planks are connected using unbonded threaded rods before being attached to the 

steel beams, as shown in Figure 1.2, with a pattern of connections aligned at 4 ft. on 

center and the planks staggered to help facilitate transfer of forces across the diaphragm. 

Friction, developed by pretensioning the rods, provides the resistance against joint sliding 

due to diaphragm shear and joint opening due to diaphragm flexure. 

 

 

 

Figure 1.1 Deconstructable composite beam 
prototype Figure 1.2 Precast concrete plank connections 

 

Preliminary plank dimensions, presented in Figure 1.3, are 20 ft. x 2 ft. x 6 in. This size is 

believed to be small enough to facilitate transportation and handling, and promote 

reconfiguration in future structures, but large enough to have structural integrity and 

reduce labor for construction and deconstruction. Ideally, the planks are stocked in 

different sizes and concrete strengths for ready use, comparable to how steel is currently 

stocked at supply centers. A typical plan layout for a prototype office building using this 

system with a staggered plank configuration, as seen in Figure 1.2, is shown in Figure 

1.4. 

 

 

 

 

 

 

Precast concrete plank 
Cast-in channels 

Threaded rods 

Steel beam 

Tongue-and-groove joint 

Bolt 
Clamp 
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a) Plank perpendicular to steel beam 

 
b) Plank parallel to steel girder 

Figure 1.3 Precast concrete plank cross section (units: inches) 
 

 
Note: 
1. The dashed lines show the steel framing. The beams are perpendicular to the precast concrete planks, while the 
girders are parallel to the planks. 
2. Other precast plank patterns are also possible for the DfD system. 

Figure 1.4 Typical floor plan for deconstructable composite floor system (units: feet) 
 

 Research scope and organization  
 

This research investigates the use of Design for Deconstruction for steel building 

structures, including buildings having a range of gravity loading (offices, warehouses, 

etc.,) and lateral loading that includes both wind loading and seismic loading. A review 

of previous research on several subjects is presented in Chapter 2, including DfD, 

prefabricated structural systems, steel headed stud anchors and seismic design of 

diaphragms. Chapter 3 covers the design of several prototype structures that can be used 

to explore the applicability of the proposed system in an entire class of buildings. Life 
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cycle assessment results are also presented to demonstrate the environmental benefits of 

adopting DfD in the design of buildings. From a dismantler’s perspective, challenges and 

opportunities for dismantling current steel structures and the flow of the demolished 

materials are also indicated.  

 

In Chapter 4, results from the pushout tests are presented to demonstrate the strength and 

ductility of the clamping connectors, influences of different parameters, load distribution 

among the clamps, behavior of the bolts and channel lips, formation of cracks, responses 

of the channel anchors and reinforcement, etc. Finite element models are developed to 

study the inherent indeterminacy of the system, such as the bolt tension variation and bolt 

tension transfer. Combining experimental results and finite element analysis results, 

design equations are proposed to calculate the shear strengths of the clamping connectors. 

To evaluate the clamping connector behavior in a realistic manner and validate the 

findings from the pushout tests, beam tests are performed, and the findings are presented 

in Chapter 5, including the strength and stiffness of the composite beam specimens, slip 

between the steel beams and concrete planks, strain distribution along the depth of the 

beam sections, location and migration of the neutral axes in the steel beams and concrete 

planks, behavior of the bolts and rods, effective widths, etc. Finite element models are 

also developed which predict the overall behavior of the beam specimens well. In 

Chapter 6, resistance factors are derived for the proposed equations that estimate the 

shear strengths of the clamping connectors and the AISC model that predicts the positive 

flexural strength of composite beams assuming a plastic stress distribution. This report 

finishes with conclusions and future work.  

 

In the appendices, Appendix A summarizes the design results of the prototype structures 

illustrated in Chapter 3 and reports the sizes of the steel beams, girders, braces and 

columns. The precast concrete planks are designed in Appendix B, including the selection 

of the flexural and shear reinforcement and the design of the shear keys. Appendix C 

contains drawings for the load frame steel components, specimen steel parts, and precast 

concrete planks, all of which comprise the experimental setups for the pushout tests and 

composite beam tests. The associated mill certifications are documented in Appendix D. 
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Raw data for all the tests is provided in Appendix E, and data reduction calculations are 

shown in Appendix F. Appendix G indicates the selection of the reaction angles in the 

pushout tests. The grade and dimension of the rods, which are utilized to connect the 

precast concrete planks in the floor system and resist in-plane diaphragm forces, are 

determined in Appendix H. An effective moment of inertia and a lower bound moment of 

inertia are calculated and compared for the composite beam specimens in Appendix I. 

Using three beam specimens as examples, the calculations of the flexural strength and 

bending stiffness of the deconstructable composite beams are demonstrated in Appendix 

J. Appendix K presents the diaphragm behavior of the deconstructable composite floor 

system.   
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 LITERATURE REVIEW 
 

This section highlights the key studies and developments on the subjects related to this 

research, including Design for Deconstruction (DfD), prefabricated structural systems, 

steel headed stud anchors and seismic design of diaphragms.  

 

 Design for Deconstruction  
 

DfD is believed to be beneficial environmentally and economically. Reuse of components 

is usually favored compared to recycling of materials, as less production is needed. In 

DfD, salvaged materials from old buildings are repurposed in new projects, thus 

eliminating the costs of waste disposal and material manufacturing. However, the ability 

to reclaim materials from retired buildings depends on how the materials are integrated 

during building construction. The lack of practice and research on how to design with 

reclaimed materials also makes it difficult to implement for now.  

 

Kibert (2003) believed that deconstruction reserves the embodied energy of the used 

materials and reduces the energy input required for reprocessing and remanufacturing the 

materials. Of the 1.9 billion metric tons of raw materials in 1996, 1.6 billion metric 

tonnes was related to the building sector. The huge material flow in the building sector 

necessitates DfD to reduce the material extraction and demolition waste. Although the 

design life of buildings is usually 50 to 100 years, the actual service life is unpredictable 

due to the degradation of the shorter-life components, rendering buildings in disuse and 

disrepair. DfD, properly implemented, could mitigate these issues to facilitate material 

recycling and reuse. 

 

Kilbert (2003) indicated that numerous challenges remained for DfD, such as the lack of 

tools for deconstructing buildings, the low disposal cost for demolition waste, the need 

for building codes addressing how to design with reused materials, and the inadequacy in 

establishing the environmental and economic benefits. Principles of DfD were suggested 

to address these challenges. Kilbert (2003) also indicated that the government could play 
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a bigger role in promoting deconstruction. Increasing the disposal costs and providing tax 

advantages for recovered materials would encourage the owners, contractors, architects 

and engineers to consider and incorporate DfD into the design of new structures. This 

work stressed that time is a significant factor for deconstruction and should be provided 

in the overall project scheduling.  

 

Durmisevic et al. (2002) argued that traditional design of buildings focused on the short-

term performance, such as the optimization of functions, costs and construction 

schedules. Likewise, previous research on sustainable buildings concentrated on 

designing energy efficient buildings and using environmental-friendly materials. Because 

buildings are constantly changing to cater to the needs of the owners, Durmisevic (2002) 

indicated they could be dynamic and flexible structures with parts that could be 

disassembled, replaced, recycled or reused.  

 

The authors defined three levels of building composition: building level, system level and 

component level. Elements and materials are first assembled to achieve component 

functions. The components are then integrated to carry system functions, such as 

finishing, distributing and insulation. In the end, the systems are clustered to perform 

building functions, for example, load-bearing, enclosure, partitioning and servicing. 

Building composition, therefore, should be considered at each level at the beginning of 

the design stage to enable building disassembly. When buildings are disassembled, 

disassembly at the building level could offer reuse of the systems, spatial adaptation and 

functional adaptation of the buildings. The authors thus indicated that disassembly at the 

system level provides reuse of the components and functional adaptation of the systems. 

Disassembly at the component level enables reuse of elements and materials as well as 

functional adaptation of the components. In order to design decomposable structures, the 

main characteristics are summarized, including modular parts dry assembled on site, 

independence of various systems, application of parallel instead of sequential 

assembly/disassembly, use of mechanical connections, etc.  
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Two case studies were examined by Gorgolewski (2008) to highlight the challenges 

inherent in DfD. Gorgolewski (2008) indicated that reuse of the components is more 

favorable than using recycled materials in terms of environmental impacts, but designing 

with reclaimed materials could add complexity to the design process. Recycled materials, 

which are manufactured with the used materials, have almost the same properties as the 

virgin materials. However, reusing deconstructed components in a new project requires 

the establishment of their structural characteristics. Coordinating demand with supply is 

also important. It is common that the materials are not available at the right time, in the 

right amount and dimension. Unlike the traditional design approach in which the 

components sizes are specified before design, reused components are identified on the 

demolition site. The designers usually have to redesign and choose the components 

available. It iss beneficial for the design engineers and architects to communicate and 

develop working relationships with the demolition and salvage contractors to obtain an 

inventory of available components and purchase the needed components to prevent the 

contractors from selling them. Gorgolewski (2008) also indicated that additional fees and 

costs related to identifying, testing and restoring the purchased materials are also 

inevitable.  

 

 Prefabricated structural systems 
 

In prefabrication, structural components are manufactured in factories, and then 

transported to the construction site for assembly. Prefabrication and modularization have 

received increasing attention due to reduced construction time and labor cost, controlled 

manufacturing process, fewer restraints by adverse weather, and standardization and 

customization of the products. All of these benefits are conducive to DfD.  

 

A survey conducted by McGraw-Hill Construction (2011) indicated the following related 

to prefabrication and modular construction: 66% reported a decreased project schedule, 

with 35% reporting a decrease of four weeks or more; 65% indicated a decreased project 

budget, with 41% indicating a decrease of 6% or more; 77% described decreased 

construction waste, with 44% describing a decrease of 5% or more. All these 
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improvements in productivity are the driving factors for contractors, engineers and 

architects to adopt prefabricated/modular construction. The report highlighted that a main 

reason for not using prefabricated/modular construction is because the architect does not 

design it into the project.  

 

As an alternative to traditional bolting and welding connections between steel 

components, Lindapter clamping connections are designed to eliminate on-site drilling 

and welding, retain the integrity of the steel pieces and suit any steel beam size. The 

Lindapter connection can be designed for tensile, combined, frictional, compression and 

shear loading.  More importantly, the connection can be deconstructed and reused several 

times (Lindapter 2013).  

 

Sandwich plate system (SPS) is a composite material comprising two steel plates bonded 

with a polyurethane elastomer core. The core increases the distance between the steel 

plates, thus increasing the flexural strength and stiffness. In addition, the presence of the 

core suppresses the buckling of the steel plates. SPS delivers a high strength to weight 

ratio, making it an excellent alternative to both reinforced concrete and stiffened steel. 

SPS also promotes a sustainable built environment. SPS panels can be unbolted from the 

supporting steel frames and relocated to a new building. The two components of SPS 

panels are fully recyclable (Intelligent Engineering 2011). 

 

A proprietary steel framing system has been developed by ConXtech (Renz 2005). 

ConXtech moment-resisting frames are intended for high seismic zones and eliminate the 

need for braced frames and shear walls. Lowering and locking connections aid both 

construction and deconstruction on site, enabling structural steel reuse. The moment 

frames employ reduced beam sections to dissipate energy during earthquakes. The 

absence of interior obstacles makes the structures more adaptable for future use. 

ConXtech utilizes robotic welding to reduce construction time and labor while increasing 

quality control.  
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 Steel headed stud anchors  
 

Extensive research has been conducted to establish the behavior of steel headed stud 

anchors since their introduction after World War II. Full-scale beam tests demonstrate the 

realistic behavior of steel headed stud anchors; however, the shear connectors are loaded 

indirectly from bending of the beams and unevenly along the beam length. Because the 

forces acting on a stud depend on the relative stiffness of all the structural components, it 

is difficult to establish the behavior of the steel headed stud anchors from beam tests.  As 

an alternative, pushout tests have been widely used to study the behavior of shear 

connectors. However, the pushout tests cannot represent the actual loading scenario of the 

shear connectors in composite beams and may lead to estimated strengths and failure 

modes that are inaccurate if they are not properly designed. This section summarizes 

several key studies related to the use of steel headed stud anchors in steel connections.   

 

 Pushout tests and beam tests  

 

Chinn (1965) tested ten pushout specimens and two composite beam specimens using 

lightweight concrete. The parameter of the pushout tests was stud diameter. In the 

pushout tests, the flanges were greased before casting the concrete slabs to prevent bond 

and reduce the effects of friction at the steel/concrete interface. A quantity, which was 

termed as the useful capacity, was defined to represent the beginning of considerable 

inelastic behavior of the specimens. The two beam specimens differed in terms of the 

compressive strength of the slabs. The limit state of the beams was yielding of the steel 

beam which was followed by concrete crushing. The strengths of the beams were very 

close to the predicted values.  

 

Goble (1968) explored a pull-out failure of shear studs from thin steel flanges. Based on 

the results obtained from 41 specimens, the failure mode shifted from stud failure to 

flange pull-out at a stud diameter to flange thickness ratio of 2.7. Near this limit, the 

specimens did not exhibit significant strength and ductility reduction, but the limit state 
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of flange pull-out should probably be avoided in design. An equation was proposed to 

predict the strength of studs that might fail in this manner. This research leads to the 

restriction in AISC 360-16 (2016) which requires that the steel flange be thicker than the 

stud diameter divided by 2.5 unless the stud is welded directly over the web.   

 

Hawkins et al. (1984) compared ten pushout specimens under reversed cyclic loading 

with thirteen specimens tested monotonically. The variables were type of loading, 

presence of ribbed metal deck, geometry of metal deck and orientation of metal deck. 

When the controlling failure mode was stud shearing, ductile responses were observed, 

and the hysteresis loops exhibited large energy dissipating capacities, although the cyclic 

shear strength was about 83% of the monotonic shear strength. In contrast, when the limit 

state was concrete pull-out failure, brittle behavior was seen, resulting in poor hysteresis 

responses. The cyclic shear strength was about 29% lower than the monotonic shear 

strength. S-shaped hysteresis loops and little energy absorption were common 

characteristics in cyclic specimens failing due to rib shearing. 

 

Oehlers et al. (1986) derived the shear stiffness of stud connectors based on the results 

from 116 pushout tests. It was shown that a large permanent set occurs even if the applied 

loading is small, since the weld collars embeds into the concrete. The studs embedded in 

stronger concrete are stiffer than those in weaker concrete. The slip at failure is about 

one-third of the stud diameter. The authors also concluded that the slip at lower loads is 

affected by voids, dense aggregates, and the roughness of weld collar, while the slip is 

dependent on the concrete strength at higher loads.    

 

Oehlers et al. (1987) utilized the results from 110 pushout specimens which included 8 

specimens in which the axial forces applied to the shear studs were known, and derived a 

shear strength equation that could account for the number and position of the shear 

connectors in the slabs. It was also concluded that the strength of shear studs with zero 

axial load was 81% of the strength predicted using the proposed equation.  
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Jayas et al. (1988) conducted 18 full-size push-out tests and 4 pull-out tests to study the 

behavior of shear studs in composite beams with corrugated metal decks perpendicular 

and parallel to the steel beams. The main test parameters were the longitudinal spacing of 

the shear studs and the geometry of the metal decks. When the studs are spaced 

sufficiently apart in solid slabs and in composite slabs with parallel metal decks, the shear 

strength of the studs is adequately predicted by the Canadian provisions. If the 

longitudinal stud spacing is less than 6 times the stud diameter, concrete-related failures 

need to be checked. When the metal deck is perpendicular to the steel beam, the 

controlling limit state is stud pull-out, and two empirical equations were proposed for 

specimens with 38 mm and 76 mm metal deck. 

 

Jayas et al. (1989) tested four full-scale composite beams with different deck profiles and 

stud layouts, along with two pushoff specimens, to verify previously reported results. The 

parameters included the longitudinal spacing of studs and the number of studs per rib. 

Concrete pull-out was the main failure mechanism. It was shown that the shear stud 

strength equations proposed by the authors accurately predicted the ultimate flexural 

strengths of the beams in the program. 

 

Gattesco et al. (1996) designed a direct shear test which was capable of simulating the 

actual boundary conditions of shear studs close to the ends of a simple beam. The direct 

shear test setup was validated by the monotonic test results that were very similar to the 

results from previous research, and then employed to study the behavior of shear studs 

under cyclic loading which subjected the specimens to various blocks of cycles between 

two load values. It was shown that the stud slip increased at each cycle and the increment 

was almost constant after a few cycles, indicating a progressive accumulation of damage 

and no shakedown. During the load cycles including load reversal, the slip increment 

increased at every cycle. After the cyclic tests, the specimens were loaded monotonically 

to failure, and the accumulated damage reduced the monotonic strength and ultimate slip 

of the shear studs by 10% and 30%, respectively.  
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Lyons et al. (1996) performed 87 pushout tests using composite slabs. The variables were 

stud position, metal deck height, stud height, and deck gage. Various failure modes were 

briefly described, including stud shearing, stud rupture, concrete pull-out, rib punching, 

rib cracking, and slab splitting. The comparison between the test results and predicted 

strengths indicated that the AISC stud strength equations were unconservative, and three 

factors that were not included in the AISC formulas contributed to the discrepancy, 

namely, the number of studs in a rib, the embedment length above the top of the steel 

deck, and the weak/strong position difference.   

 

Johnson et al. (1998) developed strength equations based on theoretical models for seven 

failure modes. Results from 269 existing pushout tests and 34 new tests were used to 

calibrate these equations. When the metal deck is perpendicular to the beam, five limit 

states were studied, including shank shearing, concrete pull-out failure, rib punching, 

combined concrete pull-out failure and rib punching. When the metal deck is parallel to 

the beam, two limit states were investigated, including splitting of concrete and concrete 

pull-out failure. Compared to the current design provisions, the new equations required 

more parameters, but led to consistent results with low scatter and covered a wide scope.  

 

Bursi et al. (1999) tested two series of pushout specimens with different boundary 

conditions under monotonic, variable and constant equi-amplitude displacements. It was 

shown that symmetric boundary conditions improved the shear strength and displacement 

ductility. Relevant codes overestimated the strength of shear studs under reversed 

displacement.  

 

Civjan et al. (2003) performed a series of experimental and analytical tests on modified 

composite push-out specimens and bare steel shear studs to investigate the behavior of 

shear studs subjected to fully reversed low-cycle fatigue load. In the modified pushout 

tests, the variables were monotonic loading versus cyclic loading, concrete strength, weld 

quality, and weld methods. In the bare stud tests, the parameters were monotonic loading 

versus cyclic loading and shear to moment ratio. Boundary conditions and dominant 

stresses were evaluated in finite element simulation.  
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In the modified pushout tests, when subjected to fully reversed cyclic loading, the shear 

stud capacity could decrease as much as 40%. This observation could be attributed to 

low-cycle fatigue of the stud/weld materials as well as concrete degradation. Increasing 

the weld area at the base of studs increased the overall stud capacity. Initial bending of 

studs did not affect the shear stud load capacity. Failure of studs was typically reported at 

a slip of 0.02 in. In the bare stud tests, the stud strength reduction under cyclic loading 

was less than that in the push-out specimens. Studs subjected to predominately shear load 

exhibited a smoother fracture surface, while a tension fracture failure was observed when 

the bending moment was dominant, as was typical in the modified push-out specimens. 

Based on the computational results from four elastic finite element models, it was 

concluded that bending stress was critical, while tension stress became negligible when 

friction at the steel/concrete interface and bearing between concrete and steel were 

accounted for.  

 

Hicks (2007) presented the experimental results from two full-scale composite beam tests 

and the companion pushout tests. The performance of the beam with a single stud in each 

trough was satisfactory; however, the strength of the beam with pairs of studs in 

favorable positions was lower than anticipated. The author pointed out that any brittle 

behavior exhibited by shear studs in pushout tests is because of the deficiencies in the 

pushout specimen, rather than shear connections. A standard pushout test configuration 

was proposed for shear studs embedded in composite slabs that use metal decks.  

 

Pallarés et al. (2009) reviewed 391 monotonic and cyclic tests on shear studs using solid 

slabs and proposed design equations and resistance factors for the limit states of steel 

failure and concrete failure of headed stud anchors subjected to shear force. The ratio of 

the overall stud height to the shank diameter was also discussed to avoid concrete pryout 

failure. These recommendations are summarized in the “User Note” in Section I 8.3 in 

AISC 360-16 (2016). It was also suggested to use 75% of the monotonic shear strength as 

the design strength of studs under seismic loading.  
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Ranzi et al. (2009) tested two full-scale composite beams utilizing deep trapezoidal metal 

deck and welded shear studs. The two beams, which had low degrees of shear connection, 

were intended to provide benchmark data to calibrate theoretical models and design 

recommendations. The test results showed that the beams behaved in a ductile manner, 

and the tested ultimate flexural strengths were greater than those predicted by Eurocode 4.   

 

Table 2.1 summarizes the pushout tests and beam tests whose results and conclusions lay 

the foundation for the design of steel headed stud anchors and composite beams in the 

AISC Specification (2016a).  

 
Table 2.1 Summary of key pushout tests and beam tests 

Reference Test  Key parameters  Major findings 

Ollgarrd et al. 
(1971) 

Pushout tests 
with solid slabs  

Concrete strength; stud 
diameter; type of 

aggregate; number of 
connectors per slab 

1. A design equation is proposed for 
the shear strength of shear studs 
embedded in solid concrete slabs. 

2. An empirical load-slip formula is 
proposed for monotonically 
loaded specimens.  

Grant et al. 
(1977) 

Beam tests with 
composite slabs 

Yield strength of the steel 
beam; deck geometry; 

degree of shear connection  

1. A revised shear strength model is 
proposed for shear studs 
embedded in composite slabs.  

2. Modified models are proposed for 
calculating effective moment of 
inertia and effective section 
modulus.  

Easterling et al. 
(1993) 

Pushout tests and 
beam tests with 
composite slabs 

Stud position 

1. The design equation of shear 
studs embedded in composite 
slabs is unconservative and unable 
to account for different stud 
positions.  

Rambo-
Roddenberry 

(2002) 

Pushout tests 
with solid slabs 
and composite 

slabs; 
beam tests with 
composite slabs 

Pushout tests: flange 
thickness; steel/concrete 

surface; normal force; stud 
diameter; concrete 

strength; deck height; 
friction at the deck/steel 
beam surface; tension in 

the stud shank 
Beam tests: stud position 

1. The design equation for the shear 
strength of shear studs embedded 
in solid concrete slabs is 
acceptable.  

2. Different coefficients are 
proposed for the shear strength 
model of shear studs embedded in 
composite slabs to account for 
stud positions.  

 

Ollgarrd et al. (1971) tested 48 solid slab specimens. The parameters included concrete 

compressive strength, concrete split tensile strength, modulus of elasticity, density, stud 

diameter, type of aggregate and number of connectors per slab. The test results showed 

that when the connectors were embedded in lightweight concrete, the strengths decreased 
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15% to 25% compared to the strengths of connectors in normal weight concrete. As a 

result of greater restraint, larger curvature was observed for the stud embedded in normal 

weight concrete, while the stud was seen to be nearly straight in lightweight concrete. 

Different crack patterns were observed for the upper and lower connectors. For the upper 

connectors, the crack was almost vertical to the free end, while the crack at the lower stud 

propagated toward the steel beam surface at about a 45° angle. A regression analysis was 

employed to obtain an equation for the stud strength. An empirical expression for the 

load-slip relationship was also determined.  

 

Grant et al. (1977) reported test results of 17 composite beams. The variables were the 

yield strength of the steel beam, the deck geometry, and the degree of shear connection. 

The test results of 58 beam tests conducted by other researchers were also evaluated. The 

parameters were weight and strength of concrete, diameter and height of shear 

connectors, slab reinforcements and type of loading. All tested beams were ductile, as 

demonstrated by the large deflections of the beams and the plastic hinges occurring near 

the midspan. The predominant failure mode was rib punch-through failure for the shear 

connectors in beams with wider slabs, while horizontal rib cracking first occurred in 

narrower slabs since the full development of the failure surface was truncated. A revised 

model for shear connector strength was provided to include the effects of rib height and 

embedment of the connector. Modified models for calculating effective moment of inertia 

and section modulus were also proposed for deflection estimation and allowable stress 

design of composite beams.   

 

Strong and weak position issues in composite beams were explored through four beam 

tests by Easterling et al. (1993). The authors indicated that the best approach for 

evaluating shear connector strength was to use pushout tests to investigate the influences 

of the parameters and formulate design equations and then validate the equations in beam 

tests. The only nominal parameter was the stud positions.  All the beams were ductile, but 

the behavior was different for strong position and weak position studs. The strong 

position studs exhibited higher strength than the weak positon studs, which was attributed 

to more concrete between the studs and the metal deck. The strong position studs failed 
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by developing concrete shear cones or shearing off in the shank, and punching through 

the deck rib was the limit state for the weak position studs. Test results revealed that the 

shear stud strength used in the AISC Specification (1986) was unconservative in many 

cases and needed further modification.  

 

Extensive research conducted by Rambo-Roddenberry (2002) laid the basis for the steel 

headed stud anchor strength expression in AISC (2016a). Twenty-four solid slab pushout 

test specimens were tested, and the variables were flange thickness, steel/concrete surface 

and normal force. The results showed (1) flange thickness did not affect the stud strength 

significantly; (2) sheet metal between steel beam and concrete slab reduced the frictional 

component of the stud strength; (3) applying normal force on the concrete slabs increased 

the stud strength. The equation developed by Ollgarrd et al. (1971), which was employed 

in the AISC Specification (1993), was slightly unconservative when normal force was not 

applied to the specimens.  

 

Ninety-three composite slab pushout tests were also performed. The following 

parameters were studied: stud diameter, concrete strength, deck height, friction at the 

deck/steel beam surface, and tension in the stud shank. The main conclusions were (1) 

strong position studs exhibited stud shearing failure, and weak position studs exhibited 

rib punching through failure; (2) the limit state was rib shearing for deep deck tests; (3) 

7/8’’ studs had much less strength than 3/4’’ studs because of limited welding abilities at 

the lab. The AISC strength equation for shear connectors in composite slabs was also 

based on the formula developed by Ollgarrd et al. (1971), but a strength reduction factor, 

SRF, was included to account for the presence of the metal deck. The tested shear 

connector strengths were significantly less than the AISC predictions. New strength 

prediction models were concluded from the pushout test results, which were proved to be 

adequate comparing to the test results elsewhere.  

 

Three partially composite beams were designed to confirm the validity of the new 

equation. The main differences were the stud position and the number of studs per rib. 

The test results correlated well with the expected flexural strength using the AISC 
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flexural model. Based on all composite beam test results reported, a resistance factor for 

composite beam flexural strength was calculated through reliability analysis. 

 

 

 Deconstructable shear connectors  

 

Lam et al. (2013) conducted both experimental and analytical research on demountable 

shear connectors. The connector with a 16 mm threaded end was fabricated from the 

standard 19 mm diameter T. W. Nelson headed stud connector. An M16 Gr 8.8 nut was 

used to fasten the connector to the steel beam.  Eight specimens were tested, and the 

parameters were the concrete compressive strength and the headed/stud collar size. Two 

types of failure modes were observed: fracture of the shear connectors close to the 

threaded end or failure by concrete crushing and splitting. For specimens failed by 

concrete crushing, the slabs could be easily disassembled from the steel beam and the 

threaded portion of the shear connectors was not damaged. By comparing the load-slip 

curves for welded headed studs and demountable connectors, Lam et al. (2013) found 

that when the concrete strength and the failure mode are similar, the demountable 

connectors achieve similar strength but with higher ductility than the welded connectors. 

A nonlinear finite element model was developed to investigate the capacity of these shear 

connectors embedded in a solid slab. The analytical model proved to give a good 

prediction of the connector capacity and load-slip behavior. This research was extended 

to investigate the performance of the same type of demountable shear connectors 

designed with composite slabs, and very similar conclusions were obtained (Rehman et al. 

2016). The beam test results showed that the behavior of the beam with the demountable 

shear connectors was comparable to that of the specimen with welded shear studs (Lam et 

al. 2017).  

 

Lee et al. (2013) considered the deconstructability and sustainability of bolted shear 

connectors in composite beams. Precast geopolymer concrete (GPC) slabs replaced 

ordinary Portland concrete (OPC) slabs, as GPC was believed to mitigate the excessive 

CO2 emissions associated with OPC. Four pushout tests were designed according to the 
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Eurocode 4 Specifications. Two tests were designed using M20 8.8 single nut bolts 

embedded in concrete slabs, and the others were designed using M20 8.8 bolts through 24 

mm precast holes. Three distinct stages were discovered in the load-slip curves for the 

pretensioned bolted shear connectors: viz. a region of “full interaction”, a region of “zero 

interaction” and a region of “partial interaction”. These were delineated by the frictional 

force at the steel-concrete interface, by the size of the clearance hole relative to the 

diameter of the bolt, and by the shear flow force as a result of bolts bearing against 

concrete. For the first two tests, only two stages were observed because the bolts were 

embedded in the concrete panels during the pre-casting process, and therefore there were 

no hole clearances between the bolts and the surrounding GPC concrete. 

 

As the second phase of the research conducted by Lee et al. (2013), composite beam tests 

were performed by Ataei (2016). Among the four beam specimens, three specimens 

consisted of steel beams, precast geopolymer slabs and post-tensioned friction-grip bolted 

shear connectors, while the fourth specimen was a control specimen that used single-nut 

embedded shear connectors and a cast-in-place geopolymer slab. The control specimen 

was a fully composite beam, and the other three beams had a degree of shear connection 

of more than 100%, 97% and 55%. The ultimate flexural strength and initial stiffness of 

the control specimen were shown to be greater than those of the counterpart beam. The 

authors attributed the lower stiffness of the counterpart specimen with precast panels and 

bolted shear connectors to the discontinuity of the precast panel system and the rotation 

of the panels. The disparity in the ultimate flexural strengths was due to different failure 

modes of the specimens. The monolithic concrete slab was crushed in the control 

specimen, while localized concrete crushing and longitudinal splitting of the panels were 

observed in the other beam. The post-tensioned friction-grip bolts induced friction at the 

steel-concrete interface. At the early loading stages, the friction resisted the required 

shear flow without generating any interface slip. Therefore, the stiffness of the partially 

composite beams was close to that of the corresponding fully composite beams.  

 

Moynihan et al. (2014) tested three composite beams, of 2 m, 10 m and 5 m long, 

constructed utilizing M20 bolts as demountable shear connectors. The first two beams 
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were loaded to service loading, unloaded, deconstructed and reassembled, and all three 

beams were loaded to failure. The test results showed that the flexural strengths of the 

three beams were all larger than the predicted strengths in accordance with Eurocode 4. 

The behavior of the 10 m specimen was similar to that of a previously published 

composite beam designed with welded shear studs.  

 

Pathirana et al. (2015) tested the static flexural strength of seven composite beams. Three 

composite beams respectively adopted three different connector types, including welded 

shear studs and two types of bolted connectors. Another three beams were non-composite 

and respectively retrofitted using these three types of connectors. The last beam was a 

non-composite beam and used as a reference beam. The load-slip behavior of these 

connectors in normal and retrofitted conditions was compared in the companion pushout 

tests. Finite element models were developed for the beam specimens, and the calibrated 

models were utilized to parametrically study the effects of the concrete and grout strength, 

grout-hole size and shear connection ratio on the flexural behavior of retrofitted beams.  

 

Compared to the welded shear studs, the bolted connectors achieved much higher shear 

capacity in both conditions. The shear strength of the bolted connectors were not 

sensitive to the test conditions, whereas the shear studs exhibited much higher shear 

strength in normal conditions than in retrofitted conditions. By comparing the load-slip 

behavior, it was concluded that the majority of the stud slip occurred after yielding, while 

the bolted connectors slipped as a result of shear transformation without yielding. The 

retrofitted beams utilizing bolted connectors demonstrated similar strength and ductility 

behavior to the normal beams with the same connectors. For the welded stud connectors, 

the flexural strength of the retrofitted beams was not as large as that of the normal beams. 

Hence, it was feasible to retrofit existing composite beams utilizing these bolted 

connections. The parametric study conducted using calibrated finite element models 

indicated that the flexural strength of the retrofitted beams was affected by the concrete 

strength, not by the grout strength and grout hole sizes.  
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 Analytical and computational analysis of steel headed stud anchors and composite 

beams  

 

Closed form solutions for calculating the shear connector force and slip and the beam 

deflection were first derived by Newmark et al. (1951). The derivation was based on the 

assumption of equal curvature and no separation between the steel and concrete elements.   

 

The uplift effects in composite beams were studied by Naraine (1984). A sixth order 

differential equation was derived which included both the slip and uplift at the 

steel/concrete interface, whereas Newmark’s theory only considered the slip and involved 

a second order differential equation. Different loading scenarios were investigated. When 

a beam is under uniform loading, such as a secondary beam in a building, approximately 

uniform compressive force exists between the steel beam and concrete slab, except for 

the supports where the compressive force is much greater. This implies that there is 

normally no separation at the steel/concrete interface, and the shear connectors are not 

under tensile axial loading. When a concentrated force acts on the bottom steel flange, 

separation between the steel beam and concrete slab may occur, and the shear connectors 

are subjected to tension as well as shear.  

 

An equation was derived by Oehlers et al. (1995) to predict the maximum slip demand on 

the shear connectors in composite beams, thereby avoiding stud fracture in composite 

beams with a low composite action. It was assumed that the steel beams and concrete 

slabs are elastic along the beam length. When the plastic moment or fracture moment of 

the composite beam is reached, all the shear connectors placed between the beam end and 

the maximum moment section are inelastic. This work was expanded in Burnet et al. 

(2001) which imposed additional slip requirements to account for cracking of the 

concrete slab, yielding of the steel beam, and plastic rotation at the plastic hinge region if 

the composite beam is ductile.  

 

A numerical procedure was proposed by Gattesco (1999) accounting for the nonlinear 

behavior of concrete slabs, steel beams and shear connectors. The beam was discretized 
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into several elements with four degrees of freedom at each end: vertical displacement, 

rotation, horizontal displacement at the centroid of concrete and horizontal displacement 

at the centroid of steel section. Stiffness matrices were formed for each segment and then 

assembled to generate equilibrium equation for the system, which could be solved to 

obtain the displacements at the nodes and the internal forces. 

 

Qureshi et al. (2011) investigated the influences of spacing and layout on the shear 

connector capacity parametrically.  Three-dimensional nonlinear finite element models, 

which take into account material nonlinearity and geometric nonlinearity, were verified 

against the experimental test results. Three-dimensional eight-node brick and six-node 

wedge reduced integration elements were used for the concrete slab, shear studs and steel 

beam flange. The steel metal deck was modelled with four-node shell reduced integration 

elements, and the wire mesh was modelled by three-dimensional two-node truss 

elements. Surface to surface contact was defined between the top of the metal deck and 

the bottom of the concrete slab.  Contact was also assigned between the shear studs and 

the surrounding concrete. The frictional coefficient was assumed to be 0.5 in both cases. 

The concrete damaged plasticity model, provided in ABAQUS (2011), was chosen to 

simulate concrete cracking under tension and concrete crushing under compression. An 

elastic-perfectly-plastic material was utilized for the steel components. The quasi-static 

solution was obtained using ABAQUS/Explicit by applying the loads sufficiently slowly 

to render the dynamic effects negligible. Subsequently, the validated models were 

employed to study the effects of transverse spacing and stud position on the strength of 

shear studs.  

 

 Seismic design of diaphragms 
 

Diaphragms serve multiple functions in a building. Diaphragms are responsible for 

transferring the inertia forces within the floor systems to the seismic force-resisting 

systems, and also provide supports to the vertical elements to prevent buckling and 

reduce the additional forces associated with P-delta effects (Moehle et al. 2010). For 

modelling and design, diaphragms are usually simplified as deep beams consisting of the 
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following components: diaphragm slab, tension and compression chords, collectors, and 

the connections to the seismic force-resisting system; see Figure 2.1.  

 

 
Figure 2.1 Diaphragm components  

 

 Seismic demand on diaphragms 

 

Seismic demand on diaphragms is given in ASCE 7-10 Section 12.10.1.1. Design forces 

for vertical elements and diaphragms are different. The reason is that the maximum 

seismic demands on diaphragms at various levels occur at different times; therefore, 

using the diaphragm force to design the vertical elements would be overly conservative. 

Figure 2.2 presents the appropriate load patterns for evaluating the diaphragm at different 

levels (Sabelli et al. 2011). It should be noted that collectors are to be designed using load 

combinations with overstrength factors.  
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Figure 2.2 Loading pattern for diaphragms at different levels 

 

 Seismic behavior of diaphragms  

 

Traditionally, diaphragms are designed to remain elastic because of their importance in 

maintaining building integrity.  There have been few cases of observed damage in 

diaphragms after earthquakes (Moehle et al. 2010).  

 

Based on the relative rigidity of the diaphragms and the seismic force-resisting systems, 

diaphragms can be classified as rigid, flexible and semi-rigid per ASCE 7-10 Section 

12.3.1. Examples of rigid diaphragms are concrete slabs and composite slabs with span-

to-depth ratio of 3 or less. For structures with rigid diaphragms, the distribution of the 

lateral forces depends on the relative stiffness of the vertical elements in the seismic 

force-resisting systems. The seismic force distribution among the vertical elements in 

structures with flexible diaphragms, however, depends on the tributary area supported by 

the vertical element. It is permitted to idealize the diaphragm as flexible if the maximum 

in-plane deflection of the diaphragm is more than twice the average story drift. Examples 

include metal deck and wood panels spanning braced frames or concrete shear walls.   

 

 Diaphragm analysis  

 

Simplified models, such as an equivalent beam model, equivalent beam-on-spring model 

and corrected equivalent beam model, are usually adequate for modeling of diaphragms 

in regular buildings. Complicated models such as finite element models and strut-and-tie 

models are necessary for buildings with irregularities (Moehle et al. 2010). No specific 

provision for deciding forces in individual components is available. The required strength 
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should be calculated in accordance with the assumed distributions, and adequate ductility 

is provided to ensure force redistribution. For example, when shear is uniformly 

distributed along the depth of the diaphragm, it is reasonable to infer that chord forces are 

concentrated at the diaphragm boundaries. In this case, shear ductility is required for the 

metal deck when the axial deformation is significant for a long collector (Sabelli et al. 

2011).  

 

 Diaphragm component design   
 

 Composite diaphragm strength  

 

Easterling et al. (1994) summarized the test results on composite diaphragms where the 

strength, stiffness and limit states were reported. Parameters for the specimens were steel-

deck type, steel-deck thickness, connector types, number of connectors, slab aspect ratio, 

edge member size, and concrete thickness. No primary or secondary reinforcement was 

used. All diaphragms displayed brittle behavior, but the author believed that the ductility 

of some specimens could be improved by adding reinforcement in the slabs. Governing 

limit states were identified and described. Concrete diagonal cracking or cracking parallel 

to and above the deck flange might occur when the concrete above the deck was thin. 

Deck-concrete shear transfer failure appeared in welded composite diaphragms, but this 

limit state was unlikely for diaphragms connected with steel headed stud anchors because 

shear studs restrained the relatively slip between the steel deck and the concrete slab 

effectively. It was also concluded that load transfer from the edge member to the 

composite slab took place in the edge zone, a small region along the diaphragm edge. 

This was shown during tests when the separation between the metal deck and the 

concrete slab was significant at the corners, and the interior region remained composite. 

Equation (2.1) was proposed to estimate the concrete shear strength. Steel Deck Institute 

Diaphragm Design Manual (SDI DDM03) uses a different design equation that 

incorporates the contributions from both the concrete slab and the deck-to-steel framing 

connectors.   
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 !! = 3.2&"'()#$ (2.1) 

Where  

!! = shear strength of the diaphragm 

&" = effective thickness of the composite slab including a construction from the steel deck 

using a transformed section approach  

' = depth of the diaphragm (inches) 

)#$ = concrete compressive strength (psi) 
 

 Steel members  

 

Steel members include chords, collectors as well as members that are part of the lateral 

resisting system. The design procedure for all these members is not outlined in detail in 

design guides or specifications. Simplified design approaches are provided in the AISC 

360-16 commentary (2016).  

 

Steel girders that are part of a moment frame or braced frame are often designed as non-

composite sections. This is because the moments on the girders in moment frames are 

both positive and negative, and the axial forces in moment frame or braced frame girders 

could be tension or compression depending on the direction of the external loading. 

Designing composite sections for the negative moment region may not be economical for 

using extra reinforcement in the slab. In addition, the shear connectors necessary for 

shear transfer in this region can only be placed in a very small length, making 

construction difficult.  

 

Steel collectors can be designed for combined loading of axial force due to shear transfer 

between the concrete slab and the steel beam as well as flexural force resulting from 

gravity loading and lateral loading. It is recommended in the commentary that non-

composite axial strength and composite flexural strength are used in the interaction 

equation in Chapter H in AISC (2016a) for strength check of steel chords. Even though 

designed as noncomposite members, all collector beams should consider the slip capacity 
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of the shear connectors. The reason is that although the anchors are properly detailed for 

diaphragm force transfer, they are also subjected to gravity loading even if the sections 

are designed as bare steel. 

 

The design of beam-to-column connections and columns needs to account for combined 

loads due to diaphragm behavior, for example, collector axial force that is collected 

through shear studs transferring the force into columns in the seismic resisting system.  

 

 Shear connectors  

 

Typically, the flexural design of composite beams determines the detailing of shear 

connectors. However, while the in-plane diaphragm forces may make additional shear 

connectors necessary, typically they are not needed. Guidance on this issue is also 

provided in the AISC Commentary (AISC 2016a). The commentary states that it is not 

required to superimpose the horizontal shear due to bending of the beams and the 

horizontal shear resulting from diaphragm behavior for two reasons. First, it is recognized 

that reduced live load is used in load combinations with lateral loads in ASCE 7. This 

reduced live load decreases the demand on the shear connectors, and the “residual” 

strength provides certain capacity for diaphragm force transfer. Secondly, the shear flows 

on the shear connectors are not additive for gravity and lateral loading. Lateral loads 

overload the shear connectors on half of the beam and underload those on the other half, 

which is deemed to be acceptable since steel headed stud anchors are ductile.  

 

 Diaphragm seismic design methodology  

 

A new seismic design methodology for precast concrete diaphragms was developed by 

Fleischman et al. (2014). Unlike the conventional design approach for diaphragms where 

all the structural components are designed to be elastic or sustain minor damage during 

earthquakes, the new performance-based design approach utilizes prequalified precast 

connectors as the main energy-dissipating mechanism in the diaphragms.  
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Depending on the geometry of the diaphragm and the seismic design category, three 

seismic demand levels are defined: low, moderate and high. Three design options are also 

available to achieve the anticipated performance: elastic design option (EDO), basic 

design option (BDO) and reduced design option (RDO).   

 

1. EDO: the diaphragm is designed to remain elastic not only for the design basis 

earthquake (DBE), but also for the maximum considered earthquake (MCE). The 

ductility requirement on the precast connectors is relatively low. 

 

2. BDO: this approach targets elastic diaphragm under the DBE, and permits 

inelastic behavior in the MCE. Precast connectors with moderate ductility are 

required to prevent brittle failure in the MCE.  

 

3. RDO: diaphragm yielding under the DBE is allowed for this design method. In 

exchange for the lower design forces, the precast connectors need to be highly 

ductile.  

 

The primary improvements over the traditional design methodology are summarized as 

follows:  

 

1. New equations with different coefficients were proposed for calculating the 

seismic demand in a precast concrete diaphragm, because the current design 

equations in ASCE 7-10 underestimated the required seismic forces, and could 

not take advantage of different design options.  

 

2. The axial, shear and flexural strength of a precast concrete diaphragm were 

derived by taking into consideration the contribution from all the reinforcement at 

a diaphragm joint. An interaction equation could be applied to check the adequacy 

of reinforcement at the joint.  
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3. Effective flexural and shear modulus were also obtained by accounting for all the 

reinforcement at a joint. The effective diaphragm stiffness could be used to 

perform a drift check for the gravity columns and thus ensure the connections and 

non-structural components were detailed for this drift.   

 
 

 

 

  



32 
 

 PROTOTYPE STRUCTURES 
 

The behavior and design of a new structural system can be studied through the use of 

prototype structures. Prototype structures are developed to establish typical member sizes, 

expand the knowledge of this system and investigate its applicability to an entire class of 

buildings. This section summarizes the prototype structures detailed in this research to 

help explore a range of design issues arising in the DfD system. Life cycle assessment 

results are also briefly presented to demonstrate the environmental benefits of adopting 

DfD in the design of buildings. From a dismantler’s perspective, challenges and 

opportunities for dismantling current steel structures and the flow of the demolished 

materials are discussed. In addition, Appendix A summarizes the member sizes of all the 

frames designed in this chapter. The selection of the flexural and shear reinforcement for 

the precast concrete planks, along with the design of the shear keys, is given in Appendix 

B. 

 

The prototype structures in this work are designed in accordance with the following 

codes: Minimum Design Loads for Buildings and Other Structures (ASCE 2010), the 

AISC Specification for Structural Steel Buildings (AISC 2016a) and the AISC Seismic 

Provisions for Structural Steel Buildings (AISC 2016b). 

 

3.1 Selection and design of prototype structures 
 

The prototype buildings in this work all are designed to have the same plan layout: 3 bays 

by 3 bays with bay widths of either 20 ft. or 30 ft. (Figure 3.1a). The buildings are 3 or 9 

stories tall with a story height of 13 ft. Simple connections are assumed for beam-to-

beam and beam-to-column connections within the gravity system. Concentrically braced 

frames are utilized to resist lateral loads, including wind loads and seismic loads. Since 

the buildings are assumed to be located in Los Angeles, the steel systems are detailed for 

seismic resistance, and special concentrically braced frames (SCBF) are chosen (Figure 

3.1b), with a focus on ensuring all bolted construction in the field to maximize the 

potential for deconstruction. The lateral loads are investigated in this system especially to 



33 
 

highlight issues related to using deconstructable flooring systems as diaphragm systems 

within buildings to help transfer lateral loads to the lateral-force resistance system. 

 

A composite floor framing system is used for all configurations, and composite beams are 

designed accordingly. Either headed stud anchors or girder clamps (Lindapter 2011) 

connect the concrete slabs with the steel beams in the conventional composite system and 

the deconstructable composite system, respectively. Solid slabs are chosen for the 

prototype structures, since it is assumed that the limit states of composite beams with 

solid slabs are more comparable to the proposed system using clamping connections. As 

opposed to composite slabs that are cast on corrugated metal deck, solid slabs refer to 

slabs formed with flat soffits. 

 

Two levels of live loads are selected: high gravity, which corresponds to storage 

warehouse live load (250 psf) and low gravity, which corresponds to office live load and 

partition allowance (80 psf). In this work, it is assumed that the 3-story buildings are used 

as storage warehouses, while the 9-story structures are office buildings. 

 

 

 

Thick solid lines represent lateral braces.  
a) Plan view b) Elevation view 

Figure 3.1 Building layout for three-story buildings 
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Sixteen framing systems are designed with variations of bay width, number of stories, 

concrete slab thickness, and shear connection between concrete slabs and steel beams. 

The frames are also named in this order with “ss” and “gc” representing steel headed stud 

anchor connections in solid slabs and girder clamp connections, respectively. The 

prototype structure matrix is summarized in Table 3.1.  

 

In the prototype structures, all the headed stud shear connectors are 3/4 in. diameter, 

Type B shear studs which have a minimum tensile strength of 65 ksi. All the clamps used 

in the deconstructable composite floor system are 1 in. diameter. Since the shear strength 

of the clamp connections was unknown during the design which was performed prior to 

conducting the experiments, a nominal shear strength of 15.74 kips was assumed for the 

clamps, according to the manufacturer’s catalog (Lindapter 2011). As shown in Chapter 4, 

the tested shear strength of the 1 in. diameter clamps is 22.1 kips, greater than 15.74 kips. 

With the exception of the HSS braces that use A500 Grade B steel, A992 Grade 50 steel 

is used for all the shapes. The strength of the cast-in-place concrete slabs and precast 

concrete planks is assumed to be 4 ksi. All designs use the LRFD design method in AISC 

360-16 (2016).  

 
Table 3.1 Prototype structure matrix 

Frame 
Number 

Name 
Bay width 

(ft.) 
Number 
of stories 

Concrete 
slab/plank  

thickness (in.) 

Live load 
(psf) 

Connections 
between concrete 

and steel 
1 20-3-6-ss 20 3 6 250 Studs in solid slabs 
2 20-3-8-ss 20 3 8 250 Studs in solid slabs 
3 20-9-6-ss 20 9 6 80 Studs in solid slabs 
4 20-9-8-ss 20 9 8 80 Studs in solid slabs 
5 30-3-6-ss 30 3 6 250 Studs in solid slabs 
6 30-3-8-ss 30 3 8 250 Studs in solid slabs 
7 30-9-6-ss 30 9 6 80 Studs in solid slabs 
8 30-9-8-ss 30 9 8 80 Studs in solid slabs 
9 20-3-6-gc 20 3 6 250 Girder clamps 
10 20-3-8-gc 20 3 8 250 Girder clamps 
11 20-9-6-gc 20 9 6 80 Girder clamps 
12 20-9-8-gc 20 9 8 80 Girder clamps 
13 30-3-6-gc 30 3 6 250 Girder clamps 
14 30-3-8-gc 30 3 8 250 Girder clamps 
15 30-9-6-gc 30 9 6 80 Girder clamps 
16 30-9-8-gc 30 9 8 80 Girder clamps 
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3.2 Loads 
 

Loading on the prototype structures includes gravity load (dead load and live load), 

seismic load and wind load. 

 

3.2.1 Gravity load 

 

The composite flooring and roofing systems are comprised of  a normal weight concrete 

slab, mechanical/electrical/plumbing, roof deck, rigid insulation, roofing (five-ply felt 

and gravel), ceiling system (acoustical tile and mechanical system allowance) and steel 

framing (beams, girders and columns). Minimum design dead load for these components 

can be found in Table C3-1 of ASCE (2010).The dead load on the roof and 6 in. thick 

floor system of the prototype structures is described in Table 3.2. The weight of exterior 

wall systems, which is assumed to be 15 psf, is transferred to the foundation directly.  

 
Table 3.2 Breakdown of dead load  

Description  Roof (psf) Floor (psf) 
Concrete slab N/A 72.5 

Mech./elec./piping 10 10 
Roof deck 3 N/A 

Rigid insulation 3 N/A 
Roofing 6 N/A 

Ceiling system N/A 5 
Steel framing 5 5 

Total 27 92.5 
 

The live load is provided in Table 4-1 of ASCE (2010). Low live load is supposed to be 

70 psf (50 psf + 20 psf for partitions). However, corridor loading above the first floor is 

given as 80 psf. Therefore, an envelope of 80 psf, rather than 70 psf, is used 

conservatively throughout the layout.  The roof live load is assumed to be 20 psf for all 

configurations.  
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3.2.2 Live load reduction 

 

Live load is reduced in accordance with the provisions in Section 4.7 of ASCE (2010). In 

the prototype structures, the beams and columns for which a value of *%%+& is 400 ft2 or 

more are designed for a reduced live load in accordance with the following formula: 

 , = ,'(0.25 +
15

(*%%+&
) (3.1) 

Where  

, = reduced design live load per ft2 of area supported by the member 

,' = unreduced design live load per ft2 of area supported by the member 

*%% = live load element factor  

+& = tributary area in ft2 

 

L is no less than 0.5,' for members supporting one floor and L is no less than 0.4,' for 

members supporting two or more floors. Live loads that equal to or exceed 100 lb/ft2 are 

not reduced.  

Table 3.3 shows the reduced live load used for the design of the members in the prototype 

structures.  

 

3.2.3 Earthquake load  

 

Three types of analytical procedures for calculating seismic load are permitted in ASCE 

(2010); in this work, the equivalent lateral force method is adopted for all the buildings. 
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Table 3.3 Reduced design live load for different members 

Name 
Unreduced design 

live load 
(psf) 

Reduced design live load (psf) 
Members 

Columns Beams Girders 
Level Corner Edge Interior Exterior Interior Exterior 

20-3-6 

250 All 250 
20-3-8 
30-3-6 
30-3-8 

20-9-6 

80 

9 80 69 

80 80 62 80 

8 80 55 
7 69 48 
6 62 44 

20-9-8 

5 58 42 
4 55 40 
3 52 39 
2 50 37 

30-9-6 

80 

9 77 53 

69 80 48 76 

8 60 43 
7 53 39 
6 48 36 

30-9-8 

5 45 35 
4 43 33 
3 41 32 
2 40 32 

 

Seismic base shear 

 

The seismic base shear, V, in a given direction is determined in accordance with the 

following equations: 

 ! = 3(4 (3.2) 

 3( =
5)*

6
7
8"
9
≤

⎩
⎪
⎨

⎪
⎧
5)+

? 6
7
8"
9
						)AB		? ≤ ?%																

5)+?%

?, 6
7
8"
9
				)AB			? > ?%													

		 (3.3) 

3( is no less than 

 3( = 0.0445)*8" ≥ 0.01 (3.4) 
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Where 

3( = the seismic response coefficient 

4 = the effective seismic weight  

5)*  = the design spectral response acceleration parameter in the short period range 

(Section 11.4.4 or 11.4.7 (ASCE 2010))  

5)+ = the design spectral response acceleration parameter at a period of 1.0 s (Section 

11.4.4 or 11.4.7 (ASCE 2010)) 

? = the fundamental period of the structure  

?% = long-period transition period (Section 11.4.5 (ASCE 2010)) 

7  = the response modification factor (Table 12.2-1 (ASCE 2010)) 

8" = the importance factor (Section 11.5.1(ASCE 2010)) 

 

Effective seismic weight  

 

The effective seismic weight of a structure is determined as per Section 12.7.2 in ASCE 

(2010). The effective seismic weight, W, is the sum of the following: 

• 100% of the dead load 

• 25% of the floor live load for 3 story buildings used for storage 

• 100% of the partition allowance and exterior wall systems 

 

Period determination  

 

The fundamental period of the structure, T, in the direction under consideration is 

established using the structural properties and deformational characteristics of the 

resisting elements in a properly substantiated analysis. As an alternative to performing an 

analysis to determine the fundamental period, T, the approximate building period,	?-, is 

used directly. 

 ?- = 3.ℎ!/ (3.5) 

Where 

ℎ! = the structural height 
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3.	GHI	J =coefficients based on the structural types chosen (Table 12.8.2 (ASCE 2010))  

 

Vertical distribution of seismic forces 

 

The lateral seismic force, K/ , induced at any level is determined from the following 

equations: 

 K/ = 30/! (3.6) 

 30/ =
L/ℎ/1

∑ L2ℎ2
1!

23+
 (3.7) 

Where 

30/ = vertical distribution factor 

! = total design lateral force or shear at the base of the structure (Equation 3.2) 

L2  and L/  = the portion of the total seismic weight (W) of the structure located or 

assigned to Level i or x 

ℎ2 and ℎ/ = the height from base to Level i or x 

N = an exponent related to the structure period 

 N = O
1																														? ≤ 0.5

1 + 0.5(? − 0.5)								0.5 < ? < 2.5								
		2																															? ≥ 2.5	

																								 (3.8) 

 
3.2.4 Wind and snow load 

 

Wind loads on the main wind-force resisting system (MWFRS) are determined using the 

directional procedure in accordance with Chapter 27 of ASCE (2010). Table 3.4 shows 

the seismic load and wind load used for the design of the lateral force-resisting systems 

(LFRS) in the prototype structures. Because the prototype structures are located in Los 

Angeles, seismic loads, rather than wind loads, dominate the design of the lateral 

resisting system.  

 

Snow loads are assumed to be zero. 
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Table 3.4 Seismic load and wind load for the prototype structures  

Name Level  
Lateral force (kips) 

Seismic load  Wind load 

20-3-6 
Roof 56.6 10.0 

3 189.7 18.6 
2 94.9 17.1 

20-3-8 
Roof 57.1 10.0 

3 214.0 18.6 
2 107.0 17.1 

30-3-6 
Roof 119.8 15.0 

3 404.1 28.0 
2 202.0 25.6 

30-3-8 
Roof 120.8 15.0 

3 461.4 28.0 
2 230.7 25.6 

20-9-6 

Roof 22.8 13.7 
9 68.4 26.9 
8 59.3 26.3 
7 50.2 25.6 
6 41.0 24.8 
5 31.9 24.0 
4 23.2 22.9 
3 14.9 21.5 
2 7.1 19.9 

20-9-8 

Roof 26.8 13.7 
9 95.3 26.9 
8 82.6 26.3 
7 69.9 25.6 
6 57.2 24.8 
5 44.5 24.0 
4 32.3 22.9 
3 20.8 21.5 
2 9.8 19.9 

30-9-6 

Roof 105.2 20.6 
9 324.5 40.4 
8 280.1 39.4 
7 236.5 38.4 
6 193.5 37.2 
5 151.4 35.9 
4 110.3 34.3 
3 70.6 32.3 
2 32.9 29.9 

30-9-8 

Roof 123.7 20.6 
9 381.6 40.4 
8 328.6 39.4 
7 277.4 38.4 
6 227.9 37.2 
5 178.4 35.9 
4 129.0 34.3 
3 83.0 32.3 
2 38.9 29.9 
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3.2.5 Load combinations for strength design 

 

Basic load combinations are provided in Section 2.3.2 in ASCE (2010).  

 

1. 1.4D 

2. 1.2D+1.6L+0.5(,4 	or 5 or	7) 

3. 1.2D+1.6(,4 	or 5 or	7)+(L or 0.5W) 

4. 1.2D+1.0W+L+0.5(,4 	or 5 or	7) 

5. 1.2D+1.0E+L+0.2S 

6. 0.9D+1.0W 

7. 0.9D+1.0E 

 

The load factor on L in combinations 3, 4, and 5 equals 0.5 for all occupancies in which 

,'	is less than or equal to 100 psf, and is 1.0 otherwise. As such, 0.5 is used as the load 

factor on L in combinations 3, 4, and 5 for office buildings, and 1.0 is used for warehouse 

storage. 

 

3.3 Design criteria  
 

The available strength for each member is computed in accordance with the AISC 

Specifications (AISC 2016a, 2016b). A tolerance of 5% is allowed so that small 

overstresses are acceptable. 

 

3.3.1 Gravity system 

 

Elastic analysis is required to obtain the required strength for beams, girders and columns, 

which comprise the gravity system. Shored construction and unshored construction are 

assumed for the conventional composite floor system and deconstructable composite 

floor system, respectively. For the conventional composite floor system, the available 

flexural strengths of the composite beams should be greater than the required strengths.  

In the deconstructable composite floor system, once the planks are placed on and 
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clamped to the steel beams, the concrete planks and steel sections act compositely. 

Lateral-torsional buckling is thus not considered as a limit state. In this design, the bare 

steel sections are conservatively chosen to support the weight of the steel beams and 

concrete planks and other construction dead loads and live loads. Otherwise, as the 

planks are attached to the steel beams, it is necessary to ensure that the available flexural 

strengths exceed the required flexural strengths over the full lengths of the beams. 

Depending on the level of live loads, either the bare steel section or composite section 

needs to be selected first. After the most economical steel section is chosen, shear 

connectors are determined such that the available strength is slightly larger than the 

required strength.  

 

A minimum of 50% composite action is recommended by the AISC Specification and is 

targeted in these designs to prevent early departure from elastic behavior in both the 

beams and the studs. A lower amount of shear connection also requires large rotation to 

reach the available flexural strength of the member. 

 

Since the method of designing composite beams using girder clamps is not available at 

the time of design, rigid plastic analysis developed for composite beams using shear studs 

is utilized. 

 

Deflection limitation 

 

Deflections at two phases need to be checked for the conventional composite floor 

systems, while the deflections of the deconstructable composite beams are only checked 

in the second phase. 

 

Before the concrete hardens, dead load from the weight of the wet concrete and the steel 

beam and live load from the construction workers and equipment are taken by the steel 

beam alone. The deflection limit is L/240, and the steel beams can be cambered to reduce 

ponding effects if the limit is violated.    
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After the concrete hardens, all the loads are supported by the composite sections. 

Traditionally, the live load deflection is restricted to a maximum of L/360. The lower-

bound moment of inertia, 	8%5 , provided in Equation (C-I3-1) in the AISC 360-16 

Commentary (2016) or transformed section properties, 8.4, can be used to compute live 

load deflection.  

 

3.3.2 Lateral force resistance system 

 

Due to the symmetry of the frames, the structure can be decomposed into two lateral-

resisting frames when the lateral loads are applied in a certain direction.  

 

The direct analysis method is selected to compute the required strength of the frames. A 

factor of 0.80 is applied to all stiffness in the structure for second-order analysis. To 

account for imperfections, a notional load equal to 0.002 times the gravity load at each 

floor level is applied. An additional 0.001 times the gravity load at each floor level is also 

used so that R6  can be taken as unity. As an alternative to a rigorous second-order 

analysis, the approximate second-order analysis method (also known as the B1-B2 method) 

in Appendix 8 of the AISC Specification (AISC 2016a) is applied. 

   

Braced frame design 

 

An elastic analysis is used to proportion the braces. Rectangular HSS and W shape 

sections are selected for the braces. A redundancy factor,	ρ, is be assigned to the seismic 

force-resisting system  to account for less redundancy in the structures. The value of this 

factor is either 1.0 or 1.3. A value of 1.3 is chosen for the prototype structures. 

 

SCBFs designed in accordance with these provisions are expected to provide significant 

inelastic deformation capacity primarily through brace buckling and yielding of the brace 

in tension. Therefore, a capacity design method is used for beams, girders and columns to 

avoid failing prior to the braces.  
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The required strength of the columns, beams and connections in the SCBF is based on the 

load combinations in the applicable building code that include the amplified seismic load. 

In determining the amplified seismic load, the effect of horizontal forces, including 

overstrength, T78 , is taken as the larger force determined from the following two 

analyses: 

 

1. An analysis in which all braces are assumed to resist forces corresponding to their 

expected strength in compression or in tension 

2. An analysis in which all braces in tension are assumed to resist forces 

corresponding to their expected strength and all braces in compression are 

assumed to resist their expected post-buckling strength 

 

A vertical seismic load effect is considered in designing the beams, girders and columns 

that are part of the lateral resisting system: 

 T0 = 0.25)*U (3.9) 

Where  

5)* = design spectral response acceleration parameter at short periods (Section 11.4.4 or 

11.4.7 (ASCE 2010)) 

U = effect of dead load 

 

HSS braces are used when their strength is adequate; otherwise, W shape braces are used. 

 

3.3.3 Member requirements 

 

According to AISC (2016b), columns and braces in SCBFs satisfy the requirements for 

highly ductile members, and beams satisfy the requirements for moderately ductile 

members. The width-to-thickness ratios of compression members do not exceed the 

limiting ratios (Table 3.5) to achieve these requirements.  It is assumed that the beams are 

provided with sufficient lateral bracing to achieve their full plastic moment strength. 
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Table 3.5 Limiting width-to-thickness ratios 

Member  
Section 

requirements 
b/t h/t or h/tw 

W shape beams 
Moderately 

ductile 0.38%& '!⁄  0.64%& '!⁄  

W shape columns Highly ductile 0.30%& '!⁄  

For +" ≤ 0.125   

2.45%& '!⁄ (1 − 0.93+") 
For +" > 0.125   

0.77%& '!⁄ (1 − 0.93+") ≥ 1.49%& '!⁄  

Where +" = #!
∅"##

 

8% = required axial strength using LRFD load 
combination 

8!= nominal axial yield strength of a member, 
equal to '!9& 

∅'= resistance factor for compression 
Rectangular HSS 

braces 
Highly ductile 0.55%& '!⁄  0.55%& '!⁄  

W shape braces Highly ductile 0.30%& '!⁄  1.49%& '!⁄  

 
3.3.4 Story drift determination  

 

The deflection at level x (V9) used to compute the design story drift,	∆, is determined in 

accordance with the following equation: 

 V9 =
3:V/"
8"

 (3.10) 

Where  

3: = the deflection amplification factor (Table 12.2-1 (ASCE 2010)) 

V/"  = the deflection at the location required by this section determined by an elastic 

analysis 

8" = the importance factor (Section 11.5.1(ASCE 2010)) 

 

The allowable story drift can be found in Table 12.12-1 of ASCE (2010). 
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P-Delta effect 

 

P-delta effects on story shears and moments, the resulting member forces and moments, 

and the story drifts induced by these effects are considered where the stability coefficient 

(X) as determined by the following equation is equal to or less than 0.10: 

 X =
Y/∆8"
!/ℎ(/3:

 (3.11) 

Where 

Y/  = the total vertical design load at and above Level x; where computing 	Y/ , no 

individual load factor need exceed 1.0 

∆ = the design story drift occurring simultaneously with !/  

8" = the importance factor (Section 11.5.1(ASCE 2010)) 

!/ = the seismic shear force acting between Level x and x-1 

ℎ(/ = the story height below Level x 

3: =the deflection amplification factor (Table 12.2-1 (ASCE 2010)) 

 

When the stability coefficient (X) is greater than 0.10 but less than or equal to	X7-/, the 

displacements and member forces are multiplied by 1.0 (1 − X).⁄  When X  is greater 

than	X7-/, the structure is potentially unstable and is redesigned. 

 

The stability coefficients are calculated and shown in Table 3.6 for all the structures. 

Since all the buildings are braced frames which are inherently stiff structures, the stability 

coefficients are much smaller than 0.10.  
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Table 3.6 Stability coefficients for the prototype structures 

Name Level  Stability coefficients  

20-3-6 
3 0.005 
2 0.014 
1 0.013 

20-3-8 
3 0.005 
2 0.014 
1 0.013 

30-3-6 
3 0.006 
2 0.015 
1 0.017 

30-3-8 
3 0.006 
2 0.015 
1 0.017 

20-9-6 

9 0.009 
8 0.009 
7 0.011 
6 0.013 
5 0.015 
4 0.016 
3 0.016 
2 0.015 
1 0.015 

20-9-8 

9 0.009 
8 0.009 
7 0.011 
6 0.013 
5 0.015 
4 0.016 
3 0.016 
2 0.015 
1 0.015 

30-9-6 

9 0.009 
8 0.007 
7 0.009 
6 0.011 
5 0.013 
4 0.014 
3 0.015 
2 0.015 
1 0.017 

30-9-8 

9 0.009 
8 0.007 
7 0.010 
6 0.012 
5 0.012 
4 0.014 
3 0.015 
2 0.016 
1 0.017 
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3.4 Final design 
 

The following tables describe the design results for the composite flooring systems of the 

prototype structures. It is seen that the steel weight per sqft is higher in the 

deconstructable composite floor system than in the conventional composite floor system. 

The difference could be attributed to the following: first, since the shear strength of the 

clamps is underestimated in the design, the selected steel sections for the deconstructable 

composite beams and girders may be oversized, and the required number of clamps may 

be overestimated; second, because unshored construction is presumed for the 

deconstructable composite beams, the steel sizes may be bumped up to support the 

weight of the concrete planks and steel beams as well as the live load during construction, 

especially for buildings supporting low gravity loading; third, the precast concrete panels 

in the prototype structures are assumed to be two-channel planks, and there is an upper 

bound for the number of clamps used in the deconstructable beams and girders. If the 

maximum shear resistance provided by the clamps is inadequate, the weight and sizes of 

the steel sections are increased. As such, more efficient designs may be possible based on 

the results of this research. Design results of the gravity columns and members that 

belong to the lateral-force resisting system are given in Appendix A.  
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Table 3.7 Member sizes for the conventional composite flooring system with solid slabs 

Name 

Floor interior beam Floor exterior beam Floor interior girder Floor exterior girder Weight  
per sqft 

(lbs) Member 
size 

# of 
shear 
studs 

% of 
composite  

action 

Member 
size 

# of 
shear 
studs 

% of 
composite  

action 

Member 
size 

# of 
shear 
studs 

% of 
composite  

action 

Member 
size 

# of 
shear 
studs 

% of 
composite  

action 
30-3-
8-ss W18x35 48 100% W14x22 24 79.5% W27x84 88 69.5% W21x44 68 100% 52.73 

30-3-
6-ss W18x40 48 87.6% W14x26 36 100% W27x84 88 69.5% W21x50 68 87.9% 58.00 

20-3-
8-ss W12x19 30 100% W10x15 12 58.5% W18x35 30 62.7% W12x19 30 100% 31.15 

20-3-
6-ss W12x22 20 66.3% W10x15 12 58.5% W18x35 48 100% W14x22 24 79.5% 33.70 

30-9-
8-ss W12x19 30 100% W10x15 12 58.6% W21x44 52 79.5% W16x26 36 89.8% 29.20 

30-9-
6-ss W12x19 30 100% W10x15 12 58.6% W21x44 52 79.5% W16x26 44 100% 29.20 

20-9-
8-ss W10x15 12 58.6% W10x15 12 58.6% W12x19 30 100% W10x15 12 58.6% 22.95 

20-9-
6-ss W10x15 12 58.6% W10x15 12 58.6% W12x19 30 100% W10x15 12 58.6% 22.95 
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Table 3.8 Member sizes for the deconstructable composite flooring systema 

Name 

Floor interior beam Floor exterior beam Floor interior girder Floor exterior girder Weight  
per sqft 

(lbs) Member 
size 

# of 
bolts 

% of 
composite  

action 

Member 
size 

# of 
bolts 

% of 
composite  

action 

Member 
size 

# of 
bolts 

% of 
composite  

action 

Member 
size 

# of 
bolts 

% of 
composite  

action 
30-3-
8-gc W18×35 60 91.7% W14×22 32 77.6% W30×90 40 23.9% W21×55 40 38.9% 55.40 

30-3-
6-gc W18×40 60 80.0% W14×26 32 65.5% W30×99 40 21.7% W21×55 40 38.9% 61.67 

20-3-
8-gc W10×19 40 100% W10x15 24 85.7% W18×35 40 61.1% W12×19 32 90.4% 31.15 

20-3-
6-gc W12×22 40 97.2% W10x15 24 85.7% W18×40 40 53.4% W14×26 24 49.1% 36.00 

30-9-
8-gc W16x31 32 55.1% W12x22 32` 77.7% W21x62 40 34.4% W16x40 40 53.3% 44.87 

30-9-
6-gc W14x30 32 56.9% W12x19 32 90.4% W21x55 40 38.9% W18x35 40 61.1% 41.47 

20-9-
8-gc W12x19 24 67.8% W10x15 24 85.7% W14x30 24 42.7% W12x19 24 67.8% 29.65 

20-9-
6-gc W12x16 24 80.2% W10x15 24 85.7% W14x26 24 49.1% W12x16 24 80.2% 25.90 
a The final design results may change depending on the design strategies concluded from the composite beam tests .
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3.5 Results from life cycle assessment 
 

A separate study was conducted that used life cycle assessment (LCA) to compare the 

environmental impacts of the prototype structures with the deconstructable composite 

floor systems to those of the buildings with conventional composite floors. The aim of 

the study was to demonstrate whether DfD leads to environmental benefits, and, if so, 

how much. Materials and processes that are significant contributors to the environmental 

impacts were also identified. Four environmental impact categories were included, 

namely, fossil fuel depletion, global warming, respiratory effects, and smog. With the 

assumed probability distributions, parameter uncertainties were evaluated using a Monte 

Carlo analysis. More details of the LCA are given in Brown et al. (2014). Key results 

from the study are shown below.  

  

Figure 3.2 compares the LCA results of the conventional and deconstructable buildings 

for the 20-3-6 building geometry. In all the categories, the DfD building has higher 

impacts than the traditional building for production and transportation of components and 

labor. This is reflective of the greater mass of materials and longer assembly time 

required for the DfD building. This is due to the fact that the DfD building uses solid 

concrete planks, rather than composite slabs cast on corrugated metal deck of the 

traditional building. This corrugation allows the traditional building to use 20-25% less 

concrete than the DfD building, which in turn reduces the weight of the steel structure 

required to resist the loads of the building. If the DfD building components are not reused 

at all, they are recycled or landfilled in the same way as those in the traditional building 

design, and again due to their larger mass, incur larger impacts across all the categories. 

Overall, assuming no reuses, the DfD building has between 5-30% higher impacts than 

the traditional building. However, as noted above, based on several assumptions used in 

the prototype design, these prototype structures may be modestly overdesigned in 

comparison to a design that would use the results from this research more integrally. 

 

For DfD buildings, if the components are reused once and substitute for primary raw 

materials, their production and disposal impacts are now distributed across two buildings.  
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With each successive reuse, the impacts associated with these life cycle stages decreases 

proportionally. The decreases are partially offset by the increases in material and worker 

transportation, as reuse requires additional labor for deconstruction and the DfD 

components must be transported to a central storage location. However, transportation 

impacts are minor compared to those of production and disposal; worker transportation is 

essentially insignificant.  For the scenario where components are used to a maximum of 3 

times, the environmental impacts of the average DfD building are 60-70% lower than 

those of the traditional building. 

 

 
Figure 3.2 Relative LCA results comparing Traditional and DfD building designs assuming 0-3 

reuses; disaggregated by life cycle stage; Traditional building = 100% 
 

Figure 3.3 shows the LCA results for global warming between buildings with varying bay 

size, number of stories, and floor thickness. The baseline 20-3-6 configuration has the 

smallest dimensions and thus requires the fewest materials and associated transportation 

and disposal activities. The 20-3-8 configuration raises the DfD plank thickness to 8 in., 

which increases the amount of concrete required by approximately a third. This design 

change increases the production-phase GHG emissions from 120 to 155 ton CO2e, or 

+29%, or nearly in proportion to the change in the concrete mass. The 20-9-6 

configuration considers nine stories instead of three, requiring a different steel structural 

design and sizing of members. On a per story basis, the global warming impacts increase 



53 
 

from 40 ton CO2e for a 3-story structure up to 44 ton CO2e for a 9-story structure, 

reflecting the larger members and more extensive connections required. Increasing the 

bay size also changes the structural design, with longer spans and a less dense geometry. 

The 30-3-6 configuration has 2.25 times the floorspace of the baseline 20-3-6 

configuration and 2.27 times the absolute GHG emissions, with the small extra 

proportion attributable to the larger members required for longer spans.   

 

 
Figure 3.3 Absolute LCA results for Global Warming (ton CO2e) comparing building 

configurations; disaggregated by life cycle stage 
 
Figure 3.4 illustrates the Monte Carlo simulation results for traditional versus DfD 

building designs for the baseline 20-3-6 configuration, analogous to Figure 3.2. There is 

significant overlap between 95% confidence intervals for the traditional and no-reuse 

DfD designs, indicating little statistical difference between the two. However, there is no 

overlap between the traditional and 1-3 reuse DfD designs (with the exception of a small 

overlap for respiratory effects and smog formation in the single reuse scenario), 

indicating that the DfD designs have statistically lower environmental impacts over their 

life cycles than the traditional designs, assuming at least one reuse as intended. 

Simulation ranges are narrowest for global warming, as emissions are commonly reported 

and there is little uncertainty in the characterization (global warming potential) factors. 
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Figure 3.4 Results of Monte Carlo simulation for uncertainty analysis; Traditional and DfD building 
designs assuming 0-3 reuses; disaggregated by life cycle stage; Traditional building mean = 100%; 

95% confidence intervals 
 

3.6 Communication with dismantler 
 

In parallel with comparing the environmental impacts of the traditional buildings with the 

DfD buildings, this research also included extensive discussions with a demolition 

contractor, including observing a building undergoing dismantling to ascertain the 

challenges for dismantling current steel structures and the flow of the disassembled 

materials. Main conclusions are summarized below: 

 

• An extensive environmental survey (checking for asbestos, lead paint, PCBs, 

etc.) is necessary before dismantling to ensure that there is nothing harmful for the 

health of the workers and also to determine which materials may be reused or 

recycled depending on whether there are harmful materials involved (painted 

bricks, asbestos in caulk attached to steel framing, etc.). Usually a dismantler will 

isolate several samples of each material for testing. After the environmental 

survey is completed, they cut and cap utilities. The dismantler will first remove 
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partition walls, suspended ceiling systems and mechanical systems, and then 

remove the structural system. Typically, the dismantler will also determine which 

materials can be reused, recycled, or sent to a landfill. After locating buyers and 

identifying the value of each of the materials, the dismantler decides whether 

reusing, recycling, or sending the materials to a landfill is most cost-effective. 
  

• Bricks or concrete blocks are often crushed and used as aggregates. The 

dismantler also tries to salvage bricks or blocks where possible, as reclaimed 

bricks have enough value if the mortar is easily removable, and if any paint can be 

removed safely. Mortar is typically removed manually. Monolithic concrete is 

typically recycled (downcycled to aggregate) or disposed of in a landfill. Steel 

members and joists are in some cases salvaged for reuse (e.g., by removing bolts) 

or more typically recycled (in which case they often torch, saw, or tear with 

machines during dismantling).  Aluminum, copper, and metals are generally 

recycled.  There is no determination made for whether the steel was ever 

overloaded during its life in the building. The architectural finishes are mostly 

mixed and crushed and sent off site to a sorting facility. 

 

• The values of steel scrap vary, with top quality being for beams, plate, and other 

structural steel, followed by bar joists, then sheet metal/light iron, which is 

voluminous, and must be shredded. 

 

• It is more expensive to sort items if a soft demolition of finish materials cannot be 

conducted prior to the major structural dismantling. 

 

• Materials that go to landfill only account for 10% of all the materials for this 

specific demolition project.  

 

• The dismantlers may use strong magnets and eddy currents to separate ferrous and 

nonferrous metals from mixed debris, like reinforced concrete rubble. 
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• The dismantler felt that, in the future, use of robotics will enhance options for 

deconstruction. 
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 PUSHOUT TESTS 
 

The pushout experimental program includes two series of tests to characterize the basic 

behavior of the clamping systems. In the pretension tests, the number of turns of the nut 

is first determined to ensure adequate and reliable axial force generated in the bolts. 

Pushout tests are then performed to study the strength and ductility of the clamping 

connectors and explore the influences of the testing parameters. This research focuses on 

hot-rolled channels HTA-CE 72/48 with shortened anchors, HS 72/48 Grade 8.8 M24 and 

M20 bolts, and Type AFW clamps with short tails (Halfen 2011; Lindapter 2011).  

 

In this chapter, a general description of the testing program is first given, including the 

test matrix, test setup, instrumentation plan and loading protocol. The global and local 

performance of the test specimens is then presented, including the load-slip responses, 

formation of cracks, bolt tension variation, force distribution in the system, and behavior 

of the channel anchors and reinforcement. Finite element models are also developed to 

investigate the indeterminacy of the system and predict the load-slip relationship of the 

clamps. Combining the experimental results with the finite element analysis results, 

design equations are proposed to estimate the slip strength and peak strength of similar 

clamping connectors.   

 

More information regarding the pushout experimental program is provided in the 

appendices, with Appendix C illustrating the drawings for the load frame steel, specimen 

steel and concrete planks, Appendix D documenting the mill certifications for the 

components, Appendix E reporting the experimental raw data, and Appendix F 

demonstrating the useful quantities extracted from the experimental raw data. Some 

design issues are given in Appendix G and Appendix H. 

 

 Test matrix  
 

Parameters for the pushout tests include bolt diameter, number of channels, 

reinforcement configuration, loading protocol, and use of shims, as given in Table 4.1. 
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The naming convention of the specimens is explained using Test 4-M24-2C-RH-LM-S, 

with 4 describing the cast sequence of the specimen during the concrete pour, M24 

describing M24 bolts, 2C describing two channels embedded in the concrete plank, RH 

describing heavy reinforcement pattern, LM describing monotonic loading, and S 

describing shims.  

 

Two-channel planks are considered as standard specimens in this research; nonetheless, 

long span beams with heavy gravity loading may necessitate three-channel planks to 

obtain larger flexural strength than the two-channel planks. Loading on a shear connector 

in a composite beam under gravity loading is usually unidirectional, but the load could 

change sign when the composite floor system is under seismic loading and shear 

connectors are employed to connect the composite diaphragm with the collector beams in 

a lateral force-resisting system. Typically, cyclic loading decreases the ultimate strength 

of steel headed stud anchors (in design, a 25% reduction in shear strength is typical; see 

AISC 2016b). Its influence on the clamping connectors is also investigated in the pushout 

tests. Shims are common in bolted steel connections to make up differences in plate 

thicknesses. Clamped connections may also incorporate steel shims to expand the range 

of applicability of a given clamp size for use when the steel shape flange thickness is less 

than the clamp’s specified range (see Figure 4.1a). In Tests 4-M24-2C-RH-LM-S and 6-

M24-2C-RH-LC-S, 5 in. x 2 in. x 1/8 in. A36 steel shims are inserted between the thin 

steel flanges and clamp teeth. Figure 4.1b illustrates another shim application if the steel 

flange is thicker than the clamp’s specified range. This type of use of shims is similar to 

that recommended by the clamp manufacturer, but this idea is not investigated in this 

research. Two reinforcement patterns are designed for the concrete specimens. Premature 

concrete failure modes are anticipated to be suppressed or restrained in the specimens 

designed with the heavy reinforcement pattern, and the desired limit state of these 

specimens is slip of the clamps. In contrast, premature concrete failure is expected to be 

the limit state of the specimen with less reinforcement. The reinforcement configuration 

is further discussed in Section 4.2. 
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Table 4.1 Pushout test matrix 

Name 

Test parameters 

Bolt diameter Number of 
channels 

Reinforcement 
configuration Loading Shim 

M24 M20 2 3 Light Heavy Monotonic Cyclic Yes No 

1-pretension test P P N/A  P N/A  P 

2-M24-2C-RH-
LM P  P   P P   P 

3-M24-2C-RL-LC P  P  P   P  P 

4-M24-2C-RH-
LM-S P  P   P P  P  

5-M24-2C-RH-LC P  P   P  P  P 

6-M24-2C-RH-
LC-S P  P   P  P P  

7-M24-3C-RH-
LM P   P  P P   P 

8-M24-3C-RH-LC P   P  P  P  P 

9-M20-2C-RH-
LM 

 P P   P P   P 

10-M20-2C-RH-
LC 

 P P   P  P  P 

 

 

 
a) Thin steel flange  b) Thick steel flange 

Figure 4.1 Different use of shims 

Precast concrete plank

Steel beam

 Cast-in channel

Shims

T-bolts

Clamp tail
Clamp teeth

Shims

Precast concrete plank

Steel beam

 Cast-in channel

Shim

T-bolts

Clamp tail
Clamp teeth

Shim
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 Test specimen design 
 

Cast-in channels  

 

Design guidelines for anchor channels are not provided in ACI 318-11 Appendix D, 

whereas Eurocode 2 (CEN 2009) has a specific document for the design of anchor 

channels embedded in concrete. All the limit states for anchor channels under tension and 

shear are summarized in Table 4.2. Some terminologies used in the Eurocode are 

modified so that they are specific to the current application and consistent with the 

nomenclatures adopted in ACI 318-11. 

 
Table 4.2 Limit states for anchor channels  

Loading Failure modes Channel Most unfavorable 
anchor or bolt 

Tension 

Steel 
failure 

Anchor  × 
Weld between anchor and channel  × 
Local deformation of channel lips ×  

Bolt  × 
Flexural of channel ×  

Pullout failure  × 
Concrete breakout  × 

Concrete splitting failure  × 
Side-face blowout  × 

Steel failure of anchor reinforcement  × 
Anchorage failure of anchor reinforcement  × 

Shear 

Steel 
failure 

Shear force 
without lever 

arm 

Bolt  × 
Local flexure of 

channel lips ×  

Shear force 
with lever 

arm 
Bolt  × 

Concrete pry-out failure  × 
Concrete edge failure  × 

Steel failure of anchor reinforcement  × 
Anchorage failure of anchor reinforcement  × 

 

Although the channels and T-bolts are commercially available components, they are not 

designed to work together in the proposed configuration. Between the conventional 

applications and the current application, the load transfer is similar when the bolts are 

under shear perpendicular to the axis of the channel, but the mechanism is significantly 

different when the bolts are under tension.  
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As shown in Figure 4.2a, in the conventional application, when the bolt is subjected to 

tension, the load is transferred to the anchors, and a linear force distribution with the 

influence length 	"! is assumed (CEN 2009). After the anchor forces are determined, the 

resistance of the channel anchors against all the failure modes in Table 4.2 can be 

checked. The same method could also be utilized to calculate the shear force acting on 

the anchors when the shear is perpendicular to the axis of the channel, but this approach 

is conservative and does not reflect the actual loading scenario where the shear loading is 

mainly directly transferred into concrete by bearing at the channel/concrete interface. 

When subjected to combined shear and tension loading, interaction equations are utilized 

to verify the strength of the bolts, channel lips, channel anchors and concrete.     

 

In contrast, in the clamping system, when the bolt is pretensioned, the majority of the 

load is counteracted by the reactions at the clamp tail and the steel beam, rather than 

transferred to the anchors. Apparently, the linear distribution assumed in the Eurocode 

(see Figure 4.2a) is overly conservative when calculating the anchor forces. In addition, 

the resistance of the anchors could be enhanced by the reactions which do not exist in the 

conventional application. For example, as shown in Figure 4.2b, the formation of the 

concrete breakout cone of the center anchor is inhibited by the reaction at the edge of the 

steel flange. Hence, the required forces and available strengths of the anchors cannot be 

readily determined in the clamping system.  

 

A preliminary finite element model, which is similar to that presented in Section 4.6, was 

utilized to estimate the forces the anchors would be subjected to during the pushout tests. 

In this model, nominal material properties were used. A frictional coefficient of 0.3 was 

assumed for all the contact surfaces. The pretension of the M24 bolts was approximately 

46.1 kips (205 kN), which is the minimum bolt pretension for Group A M24 bolts in 

Table J3.1M in the AISC Specification (AISC 2016a). According to the FE analysis 

results, among all the anchors, the center anchor has the largest tensile force, which is 

3.84 kips (17.1 kN), and the shear force acting on the anchors is minimal. The tensile 

capacity of the anchor is conservatively taken as 14.6 kips (65 kN) (Halfen 2013), if the 

beneficial effect of F2 in Figure 4.2b in preventing the formation of the concrete failure 
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cones is ignored. Therefore, the FE simulation results indicated that no anchor-related 

concrete failure modes would occur in the pushout tests.  

 
 
 
 

 
 
 
 
 
 

Note: The read lines indicate the linear force distribution assumed in Eurocode 2; F is the external force 
acting on the bolt; F1 and F2 are anchor forces.  

a) Conventional configuration  
 
 
 

 
 
 

Elevation view 

 
Side view 

Note: The read lines denote potential concrete break-out cones; F is the external force acting on the 
bolt; F1 and F2 are forces transferred to the clamp tail and clamp teeth, respectively. 

b) Current configuration 
Figure 4.2 Tensile load transfer in different applications 

 

The standard HTA-CE 72/48 channel configuration is slightly modified by shortening the 

channel anchors, which gives a concrete cover thickness of 1/2 in. above the top of the 
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anchors. This concrete cover thickness is the same as that required for steel headed stud 

anchors in AISC 360-16 (2016). The shop drawing for the channel is given in Figure 

C.14 in Appendix C.   

 

Precast concrete plank  

 

The precast concrete specimens have the same width and thickness as the planks 

designed in the prototype structures in Chapter 3. When testing stud shear connectors, the 

length of the concrete slabs is a nontrivial parameter for two reasons: (1) the compressive 

stress due to shear connectors bearing against concrete is distributed over the length of 

the slabs; (2) a smaller length makes possible longitudinal splitting of the concrete slabs. 

These justifications may also hold for the clamp connectors. Considering the geometry of 

the test rig illustrated in Figure 4.16 in Section 4.5.1, the length of the plank specimens is 

taken as 4 ft. As shown in Figure 4.2b, the plank is sufficiently long so that the behavior 

of the clamp system is not affected by the boundaries of the plank in the pushout tests. 

 

Reinforcement  

 

Two reinforcement patterns for the precast concrete planks were designed for the pushout 

test specimens, as shown in Figure 4.3 and specimen drawings in Appendix C.1.2 in 

Appendix C. The heavy reinforcement pattern includes supplementary reinforcement that 

was placed to bridge all potential concrete failure planes to restrain the opening and 

propagation of the cracks. The red lines in Figure 4.4 indicate possible concrete failure 

cones under different forces. Because this reinforcement was not designed to take the 

entire load, they were considered as supplementary reinforcement, not anchor 

reinforcement. Considering the splitting force, surface reinforcement was also added to 

resist the force arising from the strut-and-tie model (CEN 2009). Even though the 

preliminary FE analysis results showed that the limit states of the pushout specimens 

would not be anchor failure modes, the heavy reinforcement configuration was 

conservatively employed for most of the concrete planks to ensure that the governing 

limit state would be slip of the clamps, rather than concrete failure.   
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The light reinforcement pattern, which only retains the bars designed for gravity loading 

and eliminates some of the shear reinforcement, was used for specimens where premature 

concrete failure was anticipated to explore this limit state. The spacing of the channel 

anchors is 9.65 in. (245 mm), which is equal to the distance between the transverse 

reinforcement in the light reinforcement pattern. In the heavy reinforcement pattern, the 

reinforcement spacing decreased close to the clamping connectors to provide extra 

protection against concrete breakout. 

 

  
a) Light reinforcement pattern b) Heavy reinforcement pattern 

Figure 4.3 Different reinforcement patterns for pushout test specimens 
 

All the reinforcement conformed to the detailing requirements in ACI 318-11, as drawn 

in Figure C.13 in Appendix C. The hooks for the transverse bars were regarded as 

standard hooks, and the bend diameter and the end extension were 6Db and 12Db, 

respectively. The transverse bars were rotated to fit into the thickness of the planks. The 

waveform bars were considered as stirrups, and the bend diameter and the end extension 

were 4Db and 6Db, respectively. ACI Section 12.13.2.1 stipulates that the ends of 

waveform bars can be anchored using a standard hook around longitudinal reinforcement. 

However, straight anchorage is not allowed because it is difficult to hold the stirrup in the 

right position when pouring concrete and the development of the stirrup is ineffective. 

A706 reinforcement with a minimum yield stress of 60,000 psi was selected. No.4 bars 
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were used as longitudinal reinforcement, and No.3 bars were chosen as the transverse and 

waveform reinforcement. Reinforcement drawings are provided in Appendix C.1.2. 

 

 
a) Anchor tensile force 

 

 
b) Anchor shear force  

Figure 4.4 Supplementary reinforcement and surface reinforcement arrangement  
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Surface reinforcement  
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Cast-in channel   
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Steel beam   

 

Since the shear at the steel-concrete interface is anticipated to flow mainly through the 

beam flange, WT sections are chosen over W sections. WT5x30 and WT4x15.5 are 

chosen for two reasons. First, the M24 clamps are designed for sections with flange 

thicknesses ranging from 1/2 in. to 11/16 in., whereas the M20 clamps are designed for 

flanges with thicknesses from 3/8 in. to 7/16 in. The selected beams fit within the range 

of use of the two types of clamps, with the flanges of the WT5×30 and WT4×15.5 

sections being 0.68 in. and 0.435 in. thick, respectively.  Second, clamp slip is the desired 

limit state; steel sections are sized to avoid other limit states, such as yielding, buckling, 

and local buckling of the steel sections. In the pushout tests, WT4x15.5 were also used 

with M24 clamps in two specimens, with 5 in. x 2 in. x 1/8 in. A36 steel shims inserted 

between the clamp teeth and the WT flange.  

 

 Material properties  
 

This section covers the ancillary testing for both pretension tests and pushout tests. In 

these tests, all materials of the same size were from the same heat or batch. Mill 

certifications for the steel components are attached in Appendix D, including steel 

specimens, cast-in channels, T-bolts, reinforcement, and clamps. Material testing is 

conducted to measure and compare the material properties of the specimen components 

to those documented in the mill certifications.   

 

Round coupon specimens were machined from the T-bolts and tested to obtain the stress-

strain curve of the bolt material, which is crucial for deciding the nut rotation for 

pretensioning and tracking the bolt pretension variation during pushout tests and beam 

tests based on the strain gage measurements.  Dogbone-shaped coupons were machined 

for the other steel parts. ASTM A370-14 and ASTM E8/E8M-13a dictate the dimensions 

of these coupons. All the tested reinforcement specimens were bars with full sections. 

The compressive strength and splitting tensile strength of cylindrical concrete specimens 



67 
 

were determined according to ASTM C496/C496M-11 and ASTM C39/C39M-14a. 

Testing details and results are provided in the following sections. 

 

Steel properties  

 

Two coupons were machined for the bolts from each diameter. Although the bolt coupons 

all had the same diameter for the reduced section, the other dimensions were slightly 

different between the two diameters because the shank lengths were 6 in. and 4 in. for the 

M24 and M20 bolts, respectively. The dimensions had to be adjusted to ensure that the 

grip length was adequate, and the minimum length and radius required by the ASTM 

standard were satisfied. Among the six coupons cut for each WT section, three were from 

the flange, and the other three were from the web. These coupons were away from the 

edges and flange-to-web joint of the section to minimize the influence of residual 

stresses. Similarly, coupons were cut from the flange and web of the channels. 

Dimensions of all the coupons are depicted in Figure 4.5. Three bars were tested for each 

type of reinforcement.  

 

According to ASTM E8/E8M-13a, the gage length for the bolt coupons should be 2 in.; 

however, the limited height between the loading heads of the testing machine prevented a 

2 in. extensometer from being installed. Hence, a 1 in. extensometer was used to measure 

the strain of the coupons. The gage length for the cast-in channel coupons was 2 in., 

while all the other dogbone-shaped specimens and reinforcement used a gage length of 8 

in.  

 

The loading process was based on the Technical Memorandum of Structural Stability 

Research Council (SSRC), which summarizes the methods for determining static yield 

stress (Ziemian 2010).  In this process, several pauses were needed to establish the yield 

stress at zero strain rate, i.e., the static yield stress.  For the coupons with a gage length of 

2 in., the loading rate started at 0.025 in. /min, and increased to 0.125 in. /min after the 

first pause. These rates were adjusted to 0.10 in. /min and 0.50 in. /min for the specimens 

with a gage length of 8 in.  
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M20 bolt coupon 

 
M24 bolt coupon 

 
WT section coupon 

 
Cast-in channel coupon 

Figure 4.5 Pushout test tensile coupon dimensions (units: inches) 
 

For the coupons exhibiting a plateau region in the stress-strain curve, the material 

properties reported are: elastic modulus #" , strain hardening modulus #"# , static yield 

stress $$", dynamic yield stress $$%, ultimate tensile stress $&, and strain at the initiation 

of strain hardening %"#. The static yield stress is taken as the average of the three low 

values at the pauses. When a plateau region is not seen in the stress-strain curve, the 

material properties documented include: elastic modulus #" , static yield stress $$" , 

dynamic yield stress $$%, and ultimate tensile stress $&. A line is plotted through the low 

points of the pauses, and the static yield stress is determined by the 0.2% offset intercept. 

In Table 4.3, because the testing was paused at large strains for the first M24 bolt coupon, 

its dynamic yield stress was lower than the static yield stress. Hence, the pauses were 
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moved earlier for the other coupons to avoid this issue. All the bolt coupons failed 

outside of the 1 in. gage length, but within the 2 in. gage length. Fracture of all the other 

coupons occurred within the gage length. 
 

Table 4.3 Pushout test steel coupon testing results  
Type %%	(ksi) %%&	(ksi) "'% (ksi) "'( (ksi) ") (ksi) '%&	(µε) 

WT5x30 

Flange 1 30800 330 51.0 55.0 73.4 21900 
Flange 2 30700 360 51.8 55.3 - 20800 
Flange 3 30200 350 50.8 54.6 - 21300 
Web 1 29800 320 54.3 58.1 74.5 26100 
Web 2 29700 300 54.4 58.7 74.3 29700 
Web 3 29500 300 54.2 58.3 74.1 26700 

WT4x15.5 

Flange 1 30100 320 50.4 54.3 69.1 25400 
Flange 2 30200 290 50.7 54.4 69.4 25100 
Flange 3 30000 280 50.7 54.2 69.2 27300 
Web 1 28500 210 56.0 59.6 69.5 30000 
Web 2 29100 220 57.0 60.5 70.7 30500 
Web 3 28800 210 56.1 59.3 69.8 30000 

Cast-in channel 

Flange 1 27900 130 63.5 67.5 72.3 26000 
Flange 2 27400 120 65.1 68.3 73.5 24700 
Flange 3 28700 80 62.5 65.9 70.7 29500 
Web 1 26500 100 56.7 60.2 65.0 37000 
Web 2 28500 40 58.5 63.2 67.4 39000 
Web 3 28500 80 58.5 62.6 67.5 34000 

No.4 longitudinal 
reinforcement 

1 24100 600 62.0 65.9 89.8 15200 
2 27200 600 63.9 68.0 91.7 15300 
3 25100 510 62.8 66.9 90.4 15500 

No.3 longitudinal 
reinforcement 

1 29000 520 61.2 65.0 91.8 14500 
2 28800 510 61.3 64.2 90.8 14400 
3 27400 580 61.2 65.2 91.7 15100 

No.3 transverse 
reinforcement 

1 29500 N/A 67.5 73.0 102.0 N/A 
2 29200 N/A 65.2 70.5 99.7 N/A 
3 26900 N/A 64.7 70.4 101.7 N/A 

M24 bolt 1 31800 N/A 122.4 121.6 138.2 N/A 
2 30200 N/A 110.1 117.7 134.6 N/A 

M20 bolt 1 29800 N/A 107.9 116.6 133.0 N/A 
2 31900 N/A 108.9 117.1 132.5 N/A 

 

Bolt tension and shear testing  

 

In addition to tensile coupon testing, tension testing was conducted on the T-bolts in 

accordance with ASTM F606/F606M-14a using the testing fixture at the University of 

Cincinnati shown in Figure 4.6. Details regarding this test rig can be found in Moore et 

al. (2008). The relationship between the bolt axial load and axial elongation is shown in 

Figure 4.7. The fractured specimens are shown in Figure 4.8. Different failure modes 
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were found for the M24 and M20 bolts. The M24 bolts fractured at the bolt heads, 

whereas the M20 bolts fractured at the bolt shanks. The average ultimate tensile strength 

was 68.8 kips and 49.7 kips for the M24 and M20 bolts, respectively. Using Equation 

(4.1) given in Kulak et al. (1987), the stress area of the M24 and M20 bolts is 0.55 in2 

and 0.38 in2, respectively. The ultimate tensile strength of the bolt materials is thus 

determined to be 131 ksi and more than 125 ksi for the M20 bolt and M24 bolts, 

respectively.  

 &'()&&	*()* = 	0.785	(2 −
0.9743
7

)' (4.1) 

Where 

2	= nominal bolt diameter (in.) 

7	= number of threads per inch  

 

 
Figure 4.6 T-bolt tensile testing fixture  

 

T-bolt 

Channel 
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a) M24 bolts b) M20 bolts 

Figure 4.7 Tensile load versus axial elongation 

  
a) M24 bolts b) M20 bolts 

 
c) Impression on the channel lips 

Figure 4.8 Failed M24 and M20 bolts under tension 
 

Shear testing was also performed on the T-bolts in accordance with ASTM F606/F606M-

14a with the testing fixture at the University of Cincinnati shown in Figure 4.9. Details 

regarding this test rig can be found in Moore et al. (2008). The relationship between the 

bolt shear force and shear deformation is plotted in Figure 4.10. The average peak shear 

strength was 47.7 kips and 32.1 kips for the M24 and M20 bolts, respectively. Based on 

the stress area of the bolts and a shear/tension ratio of 0.625 (AISC 2016a), the ultimate 
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tensile strength is determined to be 139.5 ksi and 135.2 ksi for the M24 and M20 bolts, 

respectively. The fractured specimens are shown in Figure 4.11.  

 

  
Figure 4.9 T-bolt shear testing fixture 

 

  
a) M24 bolts b) M20 bolts 

Figure 4.10 Shear load versus shear deformation 
 

  
a) M24 bolts b) M20 bolts 

Figure 4.11 Failed M24 and M20 bolts under shear 
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It can be seen that the ultimate strength, calculated from the direct tension and shear test 

results, is close to that obtained from tensile bolt coupon testing. 

 

Concrete properties 

 

In the proposed deconstructable composite floor system, precast concrete planks are 

favorable over cast-in-place slabs to achieve maximum efficiency and facilitate reuse. 

However, in this research, due to cost, the concrete planks utilized in the pushout tests 

and beam tests were all cast in place. The pushout specimens were cast with single-use 

plywood formwork, while the formwork for the beam specimens was reused twice. The 

performance of the pushout specimens did not appear to be affected by the quality of the 

planks. In the beam tests, some local behavior of the specimens might have been affected 

due to the construction tolerances of the concrete specimens, but the overall performance 

of the beams was not influenced. This will be further discussed in Chapter 5. 

 

A “green” concrete mix was designed to decrease the embodied energy of concrete. In 

the mix, a certain amount of cement was substituted with fly ash or slag to reduce the 

environmental impacts as well as maintain high performance. Type III cement, an 

accelerating admixture, was added to the mix to help concrete gain high early strength 

since fly ash or slag slows strength gain. Nonetheless, the concrete supplier preferred to 

provide one of its own pre-designed standard mixes. Considering material strength is 

more important than sustainability in terms of structural testing, a standard mix provided 

by the concrete supplier was used.  

 

The initially measured slump in the concrete plant was 3.0 in.; however, the desired 

slump was from 6.0 in. to 8.0 in. Hence, 6.0 gallons of water was added before the pour 

to adjust slump and increase workability, which increased the water/cement ratio and 

decreased the concrete strength.  

 

Thirty-three cylinders were divided into three groups, with each group consisting of 

eleven 6 in. by 12 in. cylinders. Along with concrete cylinder group A, Specimens 1 
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through 3 were first poured and vibrated. Specimens 4 through 6 and concrete cylinder 

group B were then poured and vibrated. Three slump tests were conducted consecutively, 

and the measured slumps were 6.25 in., 5.25 in., and 4.50 in., respectively. Cylinder 

group C was cast between Specimen 8 and Specimen 9. These three groups of cylinders 

represent concrete at different stages (i.e., beginning, middle, and end) during the pour.  

 

Concrete specimens were left to air-dry for a couple of hours until they started to harden. 

After about 8 hours, specimens were sprayed and covered with wet burlaps. A plastic 

sheet was put over the burlaps to prevent loss of moisture. Forms for the specimens and 

cylinders were stripped on the next day to simulate the scenario that forms are usually 

stripped within 24 hours to facilitate reuse in the precast concrete industry. 

Approximately half of the cylinders in each group were placed close to the specimens and 

dry cured in the same manner as the specimens, while the other cylinders were put into a 

water bath to mimic moisture-cured conditions. All specimens were cured for 28 days. 

Table 4.4 provides the curing condition, testing date and purpose of the testing for the 

cylinders.  

 
Table 4.4 Pushout test concrete cylinder testing results (units: psi) 

Curing 
condition Test type Testing date Cylinder 

A 
Cylinder 

B 
Cylinder 

C Average 

Moist-cured 

Compressive 
strength (psi) 

3 days 2,802  3,117  2,796  2,905 
7 days 3,835  3,810  3,393  3,679 
21 days 4,450 4,309 4,200  4,320 
28 days 4,079 4,373  4,158 4,203 

Splitting tensile 
strength (psi) 28 days 373  356  419  383 

Same as the 
specimen 

Compressive 
strength (psi) 

3 days 2,832 3,148 2,669  2,883 
7 days 3,715  3,661 3,252  3,542 
28 days 4,651 4,659  4,122  4,477 

Test day for 
specimens 1-3  

(approximately 153 
days) 

6,319  6,232  6,543  6,365 

Test day for 
specimens 4-6 

(approximately 197 
days) 

6,587  6,347  6,403  6,446 

Test day for 
specimens 7-10  

(approximately 300 
days) 

5,933 5,883 5,833 5,883 
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 Pretension tests  
 

Bolts can be pretensioned by either the turn-of-nut method or using a calibrated wrench. 

The turn-of-nut method is based on displacement control; therefore, the pretension 

depends on the material properties of the bolts. For regular bolts, the nut rotation needed 

to develop the minimum bolt pretension from a snug-tight position can be found in Table 

8.2 in the RCSC Specification (RCSC 2014), provided the joint is properly compacted 

and the bolt head (or nut) is held when the nut (or bolt head) is turned. The calibrated 

wrench method is a torque-controlled method which is affected by various factors, such 

as the finish and tolerance on the bolt and nut threads, the uniformity, degree and 

condition of lubrication, and the friction between the nut and washer and between the nut 

and bolt threads. Equations and tables that correlate torque to tension cannot be used 

without verification. Calibration should be performed at least daily, and each time when 

the joint assembly is changed, the surface conditions of the bolts, nuts, and washers are 

different or major changes are made for the wrench (RCSC 2014). The turn-of-nut 

method is preferred in the field due to its ease and consistency, and thus selected as the 

method for pretensioning the T-bolts.  

 

Unlike regular bolts, the T-bolts are inserted in cast-in channels which can deform when 

the bolts are pretensioned. As a result, more turns of the nut than in standard bolted 

connections are needed to enable the bolts to deform into the inelastic range and meet the 

minimum pretension requirements in the AISC Specifications (2016a). Three M24 and 

M20 bolts were tested under torqued tension until fracture to develop the relationship 

between the number of turns of the nut and the bolt axial force.  

 

 Test setup and instrumentation 
 

A 4 ft. by 2 ft. by 6 in. heavily reinforced concrete slab was placed on a flat surface with 

the channels facing up, and the steel beam was then attached to the slab with the clamps. 

WT5x30 and WT4x15.5 were chosen for testing M24 and M20 bolts, respectively.  
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While torque was applied to a bolt, the other three bolts were at snug-tight positions to 

ensure the beam was stationary, as shown in Figure 4.12. No additional restraint is 

needed, as the system is self-reacting when the nut is being turned. Before testing, the 

bolt and nut threads and the washers were all lubricated, and the required nut rotation is 

not affected by the lubrication condition in the turn-of-nut method, which is a strain-

controlled method. The tested bolt was first turned to a hand-tight position, and then to a 

snug-tight position using an 18 in. long spud wrench. The nut and clamp were marked to 

facilitate recording their relative rotation when a hydraulic wrench was used to rotate the 

nut from the snug-tight position until fracture. The nut was turned at an increment about 

15 degrees, and the total rotation was recorded at each turn. When testing a new bolt, 

undeformed cast-in channel portions and intact steel flange segments were required, since 

the channel lips were deformed, and impressions were generated on the steel flange 

during the test, as shown in Figure 4.14 in Section 4.4.2.  

 

 
Figure 4.12 Bolt pretension test setup 

 

The configuration of the clamping connections enables strain gages to be attached to the 

bolt shanks after the threads are removed locally. The strain gage locations are shown in 

Figure 4.13. Channel lips were instrumented with rosette strain gages to study their 

behavior.   

Bolt tested 

Snug-tight bolts 
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a) Plan view 

 
b) Side view 

Note: 1TN and 1TS are uniaxial strain gages attached on the bolt shank; 1LNa/b/c and 1LSa/b/c are 
rosette strain gages attached on the channel lips.  

Figure 4.13 Strain gage layout in bolt pretension tests 
 

 Specimen performance 
 
M24 bolts  

 

After some rotations, minor concrete spalling was observed due to the deformed channel 

lips bearing against the surrounding concrete. When the clamping connections were 

disassembled after the tests, plastic deformation of the lips, as well as impressions on the 

beam flanges under the clamp teeth, were found. The failure modes, nonetheless, were 

different for the three bolts. Fracture occurred at the heads of the first bolt, with the north 
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head fracturing at 4.29 turns and the south head fracturing at 5.83 turns. Twist of the 

shank was insignificant during the test.  For Bolts 2 and 3, the shanks were twisted off at 

5.44 and 4.79 turns respectively, and 90° twists of the shanks were observed when the 

fracture was approached. Cracking at the bolt head was also detected for the second bolt 

after the test, as seen in Figure 4.14a.  

 

M20 bolts 

 

The channel lip deformation was imperceptible because the pretension force of the M20 

bolts was much less than that generated in the M24 bolts. All three bolts fractured due to 

twisting of the shanks under the applied torque, as shown in Figure 4.14b.   Bolts 1 and 2 

both fractured at 5.16 turns, while Bolt 3 fractured at 5.33 turns.   

 

The necking and fracture of the unthreaded portion of the bolts indicate a torqued tension 

failure mode. Since the reduced sections are prone to fracture prematurely, removing 

threads may have altered the ultimate failure modes of the bolt specimens, and the total 

rotations prior to fracture could also be underestimated for the bolts.  
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 Behavior of bolts and channel lips  
 

The uniaxial strain gage readings in the pretension tests are plotted in Figure E.1 in 

Appendix E. After each turn, the readings dropped and then stabilized because the test 

was paused to record the nut rotation and the general behavior of the specimens, and the 

  
(1) During testing (2) After testing 

Concrete spalling and channel lip deformation 

 
 

From right to left: Bolt 1, Bolt 2, and Bolt 3 
(3) Cracking in the bolt head (4) Fracture of bolts 

a) M24 bolts 

 
 

From right to left: Bolt 1, Bolt 2, and Bolt 3 
(1) Channel lip deformation (2) Fracture of bolts 

b) M20 bolts 
Figure 4.14 Photographs of bolt pretension tests 

Crack 

Impressions 
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bolt pretension relaxed. During the tests, numerous gages debonded at large strains as a 

result of combined axial and torsional deformation of the bolt shanks.  

 

A number of mechanical models have been developed that specify how steel behaves 

under cyclic loading, ranging from simple ones, such as the elastic-perfectly-plastic 

model and Prager model (Prager 1949), to complex ones, such as Shen steel model (Shen 

et al. 1995) and Chaboche model (Chaboche et al. 1986). Most models use the Von Mises 

yield function to determine the yield condition and the associated flow rule to prescribe 

the direction of the plastic flow, but they differ in terms of strain hardening rules that 

stipulate the post-yielding material behavior.  

 
Since bolts are not supposed to be the main energy dissipating components in a structural 

system, the cyclic behavior of the bolt material under shear or tension has not been 

studied by researchers. In the material property testing, since the bolt coupons were not 

loaded in compression, the test data is insufficient to calibrate the isotropic hardening 

rule. Therefore, the Chaboche model without isotropic hardening, which is incorporated 

in ABAQUS (2011), is employed to calculate the stress variation based on the strain 

history. This model is believed to be capable of interpreting the bolt behavior, because 

the axial stress in the bolt cannot be compressive no matter how the strain varies in the 

pretension tests and pushout tests, and material yielding in the compressive direction is 

not of a concern. Appendix F contains the details regarding how to implement the 

material model in ABAQUS to track the bolt axial stress variation under torqued tension. 

It should be pointed out that once the bolt material is yielded, the axial stress or force 

could be underestimated or overestimated by the current model that neglects the shear 

stress due to torsion and shear.   

 

In Figure 4.15, the bolt tension variation, which is calculated using the average axial 

strain measurement, is depicted until strain gage debonding happens because the actual 

behavior of the bolt cannot be captured thereafter, and the recorded data is meaningless. 

The loading and unloading behavior of the bolt material during the tests is plotted in 

Appendix F.  
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The plots in Figure 4.15 show that the bolt tension increase becomes less for the same 

amount of nut rotation, indicating that the bolts have yielded, and any variation in the 

strain or elongation in the bolts leads to a small change in the pretension force.  Two 

turns and 1.5 turns are selected for pretensioning the M24 and M20 bolts, respectively. 

After these rotations, the tension of the M24 bolts, calculated by multiplying the stress 

converted from the measured strain by the area of the reduced section, is 59.9 kips, 56.7 

kips, and 57.3 kips, respectively, and the tension of the M20 bolts is 41.7 kips, 42.2 kips, 

and 41.6 kips, respectively. The tension in both bolts meets the minimum pretension 

requirements, which are 46.1 kips (205 kN) and 31.9 kips (142 kN) for Group A M24 and 

M20 bolts, respectively, in Table J3.1M in the AISC Specification (AISC 2016a). The 

ratios of the mean measured bolt tension to the minimum bolt pretension are 1.26 and 

1.31 for the M24 and M20 bolts, respectively. For both diameters, the number of turns of 

the nut required for twist-off in the shank or fracture at the bolt head is at least 2 times the 

recommended turns of the nut for establishing pretension.   

 

Initially, three full turns was utilized for the M24 bolts in Tests 2-M24-2C-RH-LM and 

4-M24-2C-RH-LM-S. However, the bolt head of one of the four bolts fractured during 

Test 4. Subsequently, it was decided that two full turns be used for the remaining M24 

tests. Table 4.5 in Section 4.5.4.1 indicates that three full turns does not yield higher 

pretension force than two full turns, which is demonstrated by the negligible difference of 

the slip load and the peak strength per clamp between Test 2-M24-2C-RH-LM and Test 

7-M24-3C-RH-LM.  
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M24 bolt 1 M24 bolt 2 

  
M24 bolt 3 M20 bolt 1 

  
M20 bolt 2 M20 bolt 3 

Figure 4.15 Bolt tension variation in pretension tests  
 

 Pushout tests 
 

The strength of steel headed stud anchors in both solid slabs and composite slabs has 

been well studied and established in the relevant design provisions. Shear connectors in 

composite beams should be strong to transfer the shear force between concrete slabs and 

steel beams; otherwise, the two materials would behave individually, and no composite 
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action exists. The ductility requirements on shear connectors are as important as the 

strength requirements, and slip capacity checks are now required by the AISC 

Specification (AISC 2016a). In composite beams with a low amount of composite action, 

shear connectors undergo large shear deformation as well as some bending and axial 

deformation, resulting in possible fracture in the connector shanks and loss of load-

carrying capacity. Adequate ductility ensures that the shear force can redistribute from 

the weaker connectors to the stronger connectors at large slips, and the composite beams 

retain their flexural strengths at large deflections. In addition, shear connectors are 

responsible for transferring in-plane inertia forces in composite diaphragms to lateral 

force-resisting systems under earthquakes. When shear connectors are the governing 

components, their strength and ductility under cyclic loading determine the behavior of 

the diaphragm during earthquakes. Therefore, the strength and ductility of shear 

connectors should be treated equally.  

 

 Test setup 
 

Numerous pushout test setups have been developed in the past to study the behavior of 

steel headed stud anchors, see Gattesco et al. (1996), Anderson et al. (2000), Saari et al. 

(2004) and Lam et al. (2005). The behavior of shear studs can vary considerably 

depending on the test setup. An extensive discussion on the influences of various 

parameters is reported by Ernst (2006). These parameters include width of the concrete 

specimen, number of connectors in one slab, the reinforcing of the specimen, recess in 

concrete slabs, specimen preparation, horizontal restraints, normal forces, stress regime in 

concrete, etc. Eurocode 4 (CEN 2004) specifies a standard test specimen for shear studs 

embedded in solid slabs, and it is permitted to modify the standard test specimen to 

conform to the beam to which the pushout test is related. However, no comment is 

provided on how to modify the test when metal deck is employed. Generally, it is 

believed that pushout tests yield conservative strength estimation for shear connectors 

due to the following reasons: (1) normal forces existing in a composite floor system will 

induce compression between concrete slabs and steel beams, suppressing concrete 

crushing and fracture of steel anchors; (2) compressive stress due to shear connectors 
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bearing against concrete is distributed over a smaller width in pushout tests; (3) the 

smaller width also makes possible longitudinal splitting of concrete slabs.  

 

The pushout test setup utilizing a self-reacting frame is illustrated in Figure 4.16. An 

isometric view of the test setup is given in Figure 4.17. This test setup can be used for 

both monotonic and cyclic loading tests. The test specimen consists of a precast concrete 

plank attached to a WT section using clamping connectors. The size of the precast 

concrete plank is 4 ft. × 2 ft.	× 6 in.   

 

The stem of the WT at the end of the member that attached to the actuators was coped to 

ensure that the actuator load was applied primarily to the flange to reduce eccentricity of 

the force application in the WT. The coping is indicated by the 1/2 in. gap between the 

end plate and the web of the WT section in the left side of Figure 4.18. A stiffened 

C15x50 connected the test specimen to the self-reacting frame. L8x4x1 was chosen as the 

reaction angle to react against the concrete plank and provide bearing stiffness and 

compressive stress distribution within the concrete comparable to those in a composite 

beam (see Appendix G). The whole test setup was restrained vertically by stiffened 

W6x25 assemblies, as separation between concrete slabs and steel beams is rarely seen in 

composite beams.  Plates welded on the WT stems distributed the reaction generated due 

to the overturning of the specimen and provided support against web local buckling.  

Steel guides were designed to ensure that the WT section moved only along its axial 

direction. Detailed dimensions of the test setup are given in Figure 4.18. ASTM A992 

steel was used for the WT sections, while A36 steel was selected for the reaction angle 

sections and the plates that constituted the remainder of the load frame. Gaps between the 

concrete plank specimen and the reaction angles were eliminated by placing thin steel 

shims to minimize the rigid body motion of the concrete plank during the test.  

 

All connections were designed as slip-critical to reduce as much slip as possible. Since 

the reuse of A325 bolts is allowed, they were selected for connections where tightening 

and untightening bolts were frequent due to switching new concrete specimens and steel 

beams. A490 bolts, however, were used for connections that remained intact during the 
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testing. Teflon sheeting was attached at the interface between the WT section and the 

steel guides to minimize friction effects on the tested strengths of the specimens. 

 

 
 

 
 

Figure 4.16 Pushout test loading frame  
 

 

Self-reacting frame 

Test specimen  

110 kips Actuators 

Self-reacting frame Test specimen  

North 

Cross beam 
Actuators Sliders 
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Figure 4.17 Isometric view of pushout test setup  
 

  

Teflon sheeting 
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a) Elevation  view 
 

 
b) Plan view 

Figure 4.18 Different views of  pushout test specimen 
 

Although pushout tests cannot precisely replicate the actual loading scenario of shear 

connectors in composite beams, they should be designed properly to imitate the forces 

induced in the shear connectors and eliminate limit states that never happen in composite 

Load 

Load 
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beams. A comparison of the forces acting on the shear connectors in a composite beam 

and in the pushout test setup is illustrated in Figure 4.19. The slab uniform loading 

applied in a composite beam is missing in the pushout test setup.  However, compared to 

shear studs, the absence of the uniform loading has minimal impacts on the tested shear 

strength of the clamps for two reasons: first, as demonstrated in Table 5.14 in Chapter 5, 

the friction generated at the steel/concrete interface due to the applied loading on the 

concrete slab contributes to less than 5% of the total shear resistance in the composite 

beam specimens; second, the consequences of ignoring the uniform loading could be 

different for shear studs and clamps. In a composite beam, under uniform loading applied 

to the concrete slab, the axial force between the steel beam and the concrete slab is 

compressive, and no uplift exists. Hence, the axial forces acting on the shear connectors 

are compressive. In the proposed pushout test configuration, it is shown in Figure 4.19b 

that the overturning of the concrete specimen leads to additional tension applied to one 

pair of shear connectors and additional compression applied at the steel/concrete interface 

(not necessarily to the other pair of shear connectors). The effects of tensile force on the 

shear strength of shear studs are not entirely clear, as Teraszkiewicz (1965) reported that 

the tensile force induced in the stud shank reduced the shear strength up to a third, while 

Oehlers and Johnson (1987) concluded that the detrimental effect of axial tension could 

be offset by the beneficial effect of axial compression. In a regular slip-critical bolted 

connection, tensile loading acting on the connection results in the release of the normal 

force at the component interface, and the bolt tension varies slightly. Similarly, for the 

clamping connections, the additional tension and compression increases and decreases 

the normal force at the steel/concrete interface, respectively, and thus the resultant 

frictional resistance of the system may not be affected.   

 

In the pushout test setup, compared to the bolt pretension force and applied actuator 

loading, the self-weight of the concrete plank and steel beam is negligible, as the 

magnitude of the dead load is only approximately 820 lbs (600 lbs for the concrete plank 

and 220 lbs for the steel beam). Therefore, to simply the derivation, the dead load of the 

specimens is ignored in the following equations.  
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If the actuator force is not large enough, there is no contact between the steel beam and 

the steel guides, and the behavior of the system can be interpreted using Equation (4.2). 

The shear connectors are still under pure shear.  

 

Steel beam free body diagram:  

 $"#()* = $)+, (4.2) 

Where 

$"#()* 	= shear force acting on the shear connectors  

$)+,	= horizontal actuator force exerted on the steel beam  

 

Equations (4.3) through (4.10) present the behavior of the system when the actuator force 

is large enough to cause the steel beam to bear against the steel guides. 

 

Concrete free body diagram:  

 $"#()* = $*()+' − $*()+- (4.3) 

 $.*!+- = ;$*()+- (4.4) 

 $.*!+' = ;$*()+' (4.5) 

Steel beam free body diagram:  

 $)+, = $"#()* + =- + =' (4.6) 

 =- = ;/>*()+- (4.7) 

 =' = ;/>*()+' (4.8) 

Pushout specimen free body diagram:  

 >*()+- + $.*!+- = >*()+' + $.*!+' + ?)+, (4.9) 

Take moment of all the external forces applied to the pushout specimen with respect to 

point O, which is the intersection of $)+, and ?)+,:  
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>*()+-2- + =-@- + $*()+-A- + $.*!+-ℎ- +C)+,

= >*()+'2' + ='@' + $*()+'A' + $.*!+'ℎ' (4.10) 

Where 

$*()+-	and $*()+' = resultant horizontal reaction forces from the angles  

$.*!+-	and $.*!+' = friction generated at the concrete and reaction angle interfaces 

$01*2-	and $01*2' = idealized normal forces induced at the steel-concrete interface  

>*()+-	and >*()+'	= vertical reaction forces from the steel guides 

=-		and =' = friction generated at the steel beam and steel guides interfaces 

2-	= distance between  >*()+- and point O, which is equal to 49 in. 

2'	= distance between  >*()+' and point O, which is equal to 16.5 in.  

@-	= distance between  =- and point O, which is equal to section depth minus half flange 

thickness  

@'	= distance between  =' and point O, which is equal to half flange thickness  

A-	= distance between $*()+- and point O 

A'	= distance between $*()+' and point O 

ℎ- = distance between $.*!+- and point O, which is equal to 44.75 in.  

ℎ'	= distance between $.*!+' and point O, which is equal to 20.75 in.  

; =	frictional coefficient between concrete plank and steel reaction angle 

;/ =	frictional coefficient between Teflon sheets and steel beam 

 

As the system is indeterminate, it is not possible to solve Equations (4.3) through (4.10) 

to find the relationship between $)+, and	$"#()*. Therefore, some assumptions are made 

to simplify the derivation. Since the shear force, ?)+, ,	 and bending moment,	C)+,, from 

the actuators resist the rotation and movement of the steel beam, these forces are ignored. 

In addition, when the concrete plank bears against one reaction angle and rotates, the 

reaction force ( $*()+-)  from the other angle as well as the friction at the steel 

angle/concrete plank interface ($.*!+-) are insignificant, since the gap between the angles 

is always larger than the width of the plank specimen to facilitate construction. It can also 



91 
 

be concluded that the normal force at the steel-concrete interface now becomes uneven, 

with the normal forces increasing on one side and decreasing on the other side.   

 

Combining Equations (4.3) through (4.10) results in the following:   

 
$)+,
$"#()*

= 1 + ;;/ + 2;/
A' + ;ℎ' − ;2- − ;;/@-
2- + ;/@- − 2' − ;/@'

 (4.11) 

It is seen from the above equation that $"#()*  becomes $)+,  when	;/ = 0. During the 

tests, the directions of the forces were the same as those depicted in Figure 4.19; 

therefore, the last term in Equation (4.11), which represents the ratio of >*()+' to $"#()*, 

has to be greater than 0. A relationship is determined between ; and ;/. 

 
A' + ;ℎ' − ;2- − ;;/@-
2- + ;/@- − 2' − ;/@'

> 0 (4.12) 

 ; <
A'

2- + ;/@- − ℎ'
 (4.13) 

Conservatively assuming that	 A' 	= 6	J7.,	and 	;/ = 0.2,  

For Section WT5x30:  

 ; <
A'

2- + ;/@- − ℎ'
=

6
49 + 0.2 × (5.11 − 0.34) − 20.75

= 0.205 (4.14) 

$)+,
$"#()*

= 1 + 2 × 0.2 ×
6

49 + 0.2 × (5.11 − 0.34) − 16.5 − 0.2 × 0.34

= 1.072 
(4.15) 

For Section WT4x15.5:  

 ; <
A'

2- + ;/@- − ℎ'
=

6
49 + 0.2 × (4 − 0.22) − 20.75

= 0.207 (4.16) 

$)+,
$"#()*

= 1 + 2 × 0.2 ×
6

49 + 0.2 × (4 − 0.22) − 16.5 − 0.2 × 0.22
= 1.072 (4.17) 
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The above calculations indicate that the majority of the actuator force is taken by the 

shear connectors after the steel guides are involved, and the friction generated at the WT 

and steel guides interfaces is negligible.   

 
 
 
 

 
a) Concrete slab in a composite beam 

 
(1) Before steel guides are engaged 

 
(2) After steel guides are engaged 

b) Concrete plank and steel beam in the pushout test setup 
Figure 4.19 Clamping connector loading scenario comparison 
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 Instrumentation  
 

Displacement measurements  

 

Four linear potentiometers with a stroke length of 4 in. were placed to record the relative 

displacement between the steel beam and the concrete slab at each clamp, i.e., slip of the 

clamps. Two string pots were also utilized which are capable of measuring up to 15 in. 

displacement. During testing, the pauses needed for adjusting loading rates were based on 

the readings from the linear potentiometers since they have a better resolution for smaller 

slips than the string pots. After the linear potentiometers reached their capacity and were 

disabled, the string pots became the only sensors for slip measurements.  

 

In addition, relative deflection of the cantilever legs of the reaction angles with respect to 

the channels C15x50 was measured with four linear potentiometers with a stroke length 

of 1 in., as shown in Figure 4.20. Dial gages were installed to monitor the vertical 

deflection of the steel guides which were designed to be sufficiently stiff to restrain the 

overturning of the system. The horizontal deflection of the steel guides reflects the out-

of-plane movement of the beam. The load and displacement measurements were recorded 

for all the specimens with the data acquisition system.  

 

Strain measurements  

 

Strains were measured only for Specimens 3-M24-2C-RL-LC, 5-M24-2C-RH-LC, 8-

M24-3C-RH-LC and 10-M20-2C-RH-LC. Specimen 3-M24-2C-RL-LC is chosen 

because premature concrete failure is anticipated only in this specimen. Using shims for 

steel beams with thin flanges is not considered to be common. Hence, Specimen 5-M24-

2C-RH-LC is preferred to Specimen 6-M24-2C-RH-LC-S. Compared to Specimen 7-

M24-3C-RH-LM, Specimen 8-M24-3C-RH-LC is under cyclic loading, and more data is 

available for interpreting the behavior. Between the two specimens using M20 bolts, 

Specimen 10-M20-2C-RH-LC is chosen over Specimen 9-M20-2C-RH-LM. In Tests 6-



94 
 

M24-2C-RH-LC-S and 9-M20-2C-RH-LM, the bolts were instrumented to track the 

change of the pretension force.  

 

 
Slip measurements 

   
North string pot Dial gages linear potentiometer 

 at northwestern corner 
Figure 4.20 Displacement measurements in pushout tests 

 

The force distribution among these clamps is calculated based on the axial strain 

measurements at several sections of the WT beams. These sections are far from the 

clamps since the clamping force acting on the flanges could make the stress vary along 

the flange thickness. The gaged locations are the third points of the webs and flanges. 

Meanwhile, uniaxial strain gages were attached on the bolt shanks to study the variation 

of the bolt pretension. Bolt gages in the pushout tests were placed at right angles to those 

used in the pretension tests to avoid being crushed when the bolts bore against the clamps 
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under shear. Channel lips were instrumented with rosette strain gages to capture their 

three-dimensional behavior. The layout of the strain gages on the beams, channel lips and 

bolts is depicted in Figure 4.21.  

 

The rosette strain gages are identified with the convention below: the first number 

describes the number of the gaged channel lip; the second letter indicates the member 

(i.e., channel lips); the third letter demonstrates the channel lip location using cardinal 

directions; the last letter implies one of the legs in the gage. The uniaxial strain gages 

attached on the bolt shanks employ a very similar method, with the first number 

describing the number of the gaged bolt, the second letter indicating the member (i.e., 

bolts), and the third letter demonstrating the gage location using cardinal directions.  

 

The following nomenclature is employed for the uniaxial strain gages on the beams: the 

first letter indicates the instrumented section using cardinal directions; the second letter 

represents the gaged member; the third letter implies the gage location using cardinal 

directions; the last letter shows whether the gage is close to or further way from the 

flange and web joint.    

 

The following strain gages were placed inside the concrete specimen before pouring 

concrete.  Rosette strain gages were attached to the channel anchors to measure the strain 

variations in three directions (0°-45°-90°), and these measurements can be used to 

estimate the axial force and shear force acting on the anchors. On each channel, two 

strain gages were installed on the same side of the two selected anchors, which were 

deemed to take large forces and have small resistance against concrete failure. All the 

strain gages were placed along the anchor centerline and as close to the welds as possible. 

Uniaxial strain gages were utilized to monitor the axial strain variation in the transverse 

and vertical reinforcement. Using preliminary finite element analysis results, the bar 

gages were placed at the maximum tensile stress locations.    
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a) Plan view of two-channel test specimen instrumentation 

                 
b) Side view of two-channel specimen instrumentation 

 

c) Plan view of three-channel specimen instrumentation 

 

d) Side view of three-channel specimen instrumentation 
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Figure 4.21 Strain gages attached on the bolts, channel lips and beams in pushout test specimens 
 

The rosette strain gages are named in the following manner: the first number indicates the 

anchor being instrumented; the second letter defines the measuring grid in the rosette 

gage. The nomenclature for the uniaxial strain gages adopts another approach: the first 

letter represents the type of reinforcement; the second letter indicates the location of the 

gage with respect to the centerline of the specimen; and the last number indicates whether 

the gage is closer to or further away from the centerline. Reinforcement cages and 

instrumentations before pouring concrete are shown in Figure 4.22.  

 

All the strain gages are capable of measuring 50,000 microstrains in the positive direction 

(tensile strain) and the negative direction (compressive strain). 
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Figure 4.22 Strain gages attached on the reinforcement and channel anchors in pushout test 
specimens 
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 Loading protocol 
 

The loading for all the pushout specimens is displacement-controlled. In the first 

monotonic test, i.e., Test 2-M24-2C-RH-LM, the actuator displacement rate was chosen 

to be 0.0025 in. per minute before the slip reached 0.02 in. However, the actual slip rate 

was seen to be much smaller than the rate of movement of the actuator at the beginning 

of the test. Therefore, for the remaining monotonic tests, a rate of 0.0075 in. per minute 

movement of the actuators was first adopted until slips between the concrete plank and 

steel beam were detected, which means gaps between the components, such as the gap 

between the concrete plank and reaction angles, were closed and contact was established. 

Subsequently, the variation of the actuator displacement started to match the change of 

the slips. The actuator displacement rate was switched to 0.0025 in. per minute until a 

slip of 0.02 in. was attained. The subsequent loading rates were the same as those used in 

the cyclic tests at the same slip, as illustrated in Figure 4.23. In the monotonic tests, the 

specimens were loaded in the east direction or the tensile direction. Although pushout 

tests are different from slip tests, which are performed to quantify the slip coefficients for 

coatings in accordance with Appendix A of the RCSC Specification (RCSC 2014), the 

load corresponding to a slip of 0.02 in. is similarly defined as the slip load, since the 

monotonic load-slip curves show gradual changes in response.   

 

The AISC loading protocol for beam-to-column moment connections is used as a guide 

for establishing the cyclic slip history depicted in Figure 4.23 for the clamping 

connections (AISC 2016b). Because the slips at the first three levels are less than 0.004 

in., which is approximately the resolution of the 4 in. stroke displacement sensors, 37.5%, 

50% and 75% of the slip load, which is obtained from the corresponding monotonic test, 

were used as the respective targets for these three levels. Slip displacements were then 

used as the targets for the other cycles. During each loading cycle, the specimen was first 

loaded in the east direction or the tensile direction, then unloaded, then loaded in the west 

direction or the compressive direction, and then unloaded. In the first cyclic test, i.e., Test 

5-M24-2C-RH-LC, the actuator displacement rate was 0.0075 in. per minute for the first 
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load level. However, this rate was found to be slow, and this test was then completed 

using the rates shown in Figure 4.23.  

 

 
Figure 4.23 Cyclic slip history and loading rates for pushout test specimens 

 

 Specimen performance  
 

Although the concrete plank and steel beam that were used for the pretension tests may 

have been damaged during the tests, a shakedown test was performed using these 

specimens to verify the adequacy of the data acquisition system, the control system, the 

test frame, etc. 

 

 Monotonic specimens  
 

In this section, the overall load-slip behavior of the M24 and M20 clamps in the 

monotonically loaded pushout specimens is presented; however, their performance at 

slips comparable to the magnitude seen in actual composite beams is of particular interest, 

if the clamps are utilized as shear connectors in composite beams. For a composite beam, 

its performance at three levels of loading is important, namely, service load, design load, 

and ultimate state. Based on the composite beam test results shown in Chapter 5, the slip 

at full service loading varies from nearly zero to 0.02 in. among the specimens. At design 

load, the slip is between 0.019 in. and 0.062 in. The maximum slip measured at 

approximately 15 in. deflections ranges from 0.018 in. to 0.35 in. The behavior of the 

pushout specimens is primarily assessed at these three slip levels.  
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At the service slip level, the initial and very stiff portions of the load-slip curves probably 

indicate the behavior of the clamps. It is seen that the strengths of the M24 and M20 

clamps have not degraded even at the ultimate slip level. The excellent behavior of the 

clamps must have contributed to the ductile behavior of the beams demonstrated in 

Chapter 5. The clamp system is very stiff at the service slip level, which could reduce the 

deflection of the composite beams at serviceability. As the slip increases, the stiffness of 

the clamp system reduces.  

 

Test 2-M24-2C-RH-LM  

 

This specimen is regarded as the baseline specimen. The load-slip curve for Specimen 2-

M24-2C-RH-LM is shown in Figure 4.24 using the slip measurement from the north 

string pot. The system starts to deviate from being elastic when the force and slip are 

approximately 53 kips and 0.003 in. Defined at 0.02 in. slip, the slip load is about 60.8 

kips. The peak load, which occurs at a slip of 1.12 in., is around 88.5 kips.  

 

Rotation of clamps was not found prior to reaching a slip of 0.64 in., which is 

approximately twice the ultimate slip level. Figure 4.25a shows the clamp rotation at 1.28 

in. slip. When the slip was approximately 2.15 in., the load started to drop gradually, 

which could be caused by the loss of pretension force in Clamp 3 because of the large 

rotation of the clamp. As the specimen was further loaded to the next level (5.12 in. slip), 

the south string pot was found to be malfunctioning due to some configuration issues. 

Due to safety concern for the test rig, the test was terminated when the slip was about 10 

in. As illustrated in Figure 4.25b, cracks, similar to those discovered in the pretension 

tests, were detected at the heads of some bolts after disassembling the specimen, which 

probably indicates that the rotation was excessive because the bolts in this test were 

pretensioned with three full turns from a snug-tight condition. 
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Figure 4.24 Load–slip curve of Specimen 2-M24-2C-RH-LM 

 

  
a) Rotation of Clamp 1 at 1.28 in. slip  b) Crack in bolt head 

Figure 4.25 Observations in Specimen 2-M24-2C-RH-LM 
 

Test 4-M24-2C-RH-LM-S 

 

Compared to Specimen 2, shims were inserted between the clamp teeth and steel flange 

in this specimen. The load-slip curve for Specimen 4-M24-2C-RH-LM-S is shown in 

Figure 4.26 using the average slip measurement from the string pots. The slip load is 

about 56.5 kips. Occurring at a slip of 0.55 in., the peak load is around 87.9 kips.  

 

As illustrated in Figure 4.27a, bolt head fracture occurred in one of the four bolts, which 

is signified by the dramatic load drop slightly under 1 in. The strength rebounded to 66 
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kips quickly, only 75% of the peak load. This ratio may indicate that the pretension was 

fully released in the fractured bolt. Subsequently, the load began to oscillate, which could 

be caused by a stick-slip mechanism, exacerbated by the shims. The alternation happens 

along with a change of the friction force for the difference between the static frictional 

coefficient and the kinetic frictional coefficient. This phenomenon was also observed in 

prior research by Grigorian and Popov (1994) on the energy dissipation of slotted bolted 

connections by means of friction between sliding surfaces. It is also shown in the same 

research that stable hysteretic load-deformation behavior could be achieved with brass 

shims and degreased clean mill scale steel surface. However, it should be noted that the 

shims have minimal impacts on the behavior of the system at slips that are comparable to 

those seen in composite beams, such as less than 0.5 in.    

 

Linear potentiometer 4 in this test did not work properly before 0.08 in. slip, but it 

functioned successfully thereafter. The hook for linear potentiometer 2 fell off during the 

test, as indicated in the slip plot. No movement of the clamps and shims was seen at the 

service slip level. At a slip of 0.16 in., the clamps started to rotate. Figure 4.27b illustrates 

the rotation of Clamp 4 at 0.32 in. slip, which is approximately the ultimate slip level. 

Slip of the shim is also indicated in this figure because the shim was initially symmetric 

with respect to the longitudinal axis of the channel. When the beam was loaded to a slip 

of 1.28 in., a loud sound was heard, which was later found to be bolt head fracture in one 

of the four bolts after disassembling the test setup. Along with frequent noises caused by 

slips, oscillation in the loading started to appear and became significant. In order to 

eliminate the oscillation, the loading rate was slowed down from 0.96 to 0.12 in. per 

minute in the last step; however, the fluctuation still existed. The test was terminated at a 

slip of 5.12 in. because the Teflon sheet attached to the west guide was severely torn off 

(see Figure 4.27c). As shown in Figure 4.27d, the concentrated clamping force crushed 

the A36 steel plate shims and caused deep impressions. Hence, hardened steel plates may 

be worth considering.  
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Figure 4.26 Load–slip curve of Specimen 4-M24-2C-RH-LM-S 

 

  
a) Head fracture in Bolt 4 b) Rotation of Clamp 4 at 0.32 in. slip 

  
c) Teflon torn off d) Shim crushed 

Figure 4.27 Observations in Specimen 4-M24-2C-RH-LM-S 
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Test 7-M24-3C-RH-LM 

 

Compared to Specimen 2, three channels, rather than two channels, were embedded in the 

concrete plank. The load-slip curve for Specimen 7-M24-3C-RH-LM is shown in Figure 

4.28 using the average slip measurement from the string pots. Based on this curve, the 

slip load defined at 0.02 in. slip is about 113.2 kips. However, the slip load is only 87.0 

kips when the readout from linear potentiometer 1 and 2 is 0.02 in.  The peak load, which 

occurs at a slip of 0.30 in., is 130.1 kips. The system can still retain about 80% of the 

peak load even at a slip of 5 in.  

 

Linear potentiometers 1 and 2 first detected slip of the clamps, but the remaining linear 

potentiometers and string pots did not read slip until sensors 1 and 2 displayed a slip of 

0.04 in. and 0.08 in., respectively. During the test, concrete cracks emerged behind 

Clamps 1 and 3 at a slip of 0.32 in., and the cracks became wider as the slip increased. At 

approximately the same slip, rotation was first found for the clamps on the north side, and 

the south clamps remained still, as depicted in Figure 4.29a. Hence, at the service slip 

level and design slip level, rotation of the clamps and cracking in the concrete plank are 

not anticipated. As the test continued, the south clamps started to rotate, but the rotation 

was always less than that of the north clamps. Similar to Test 4, due to the frictional force 

induced by the steel beam bearing against the west guide, the Teflon sheet was torn off, 

and the test was terminated at 5.12 in. slip. After dismantling the specimen, cracks, which 

were deeper and wider than those found in other tests, were discovered behind the rear 

clamps (i.e., Clamps 5 and 6) and underneath the steel beam. The dismantled concrete 

specimen also revealed that the lip of the rear channel was significantly bent due to 

friction, which is a unique observation among all the tests (see Figure 4.29b).   
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Figure 4.28 Load-slip curve of Specimen 7-M24-3C-RH-LM  

 

  
a) Concrete crack and rotation of Clamp 1 

at 0.32 in. slip 
b) Concrete crack and bent channel lip 

adjacent to rear clamps 
Figure 4.29 Observations in Specimen 7-M24-3C-RH-LM 

 

Test 9-M20-2C-RH-LM 

 

Compared to Specimen 2, M20 bolts and clamps were tested in this specimen. The load-

slip curve for Specimen 9-M20-2C-RH-LM is shown in Figure 4.30 using the average 

slip measurement from the string pots. The slip load defined at 0.02 in. slip is about 36.5 

kips. The peak load, which occurs at a slip of 0.54 in., is around 55.3 kips. Unlike the 

M24 bolts which retained most of their strength at large slips, the load started to drop 

after 0.68 in. slip until the end of the test. At the same slip level, the M20 clamps in Test 
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9-M20-2C-RH-LM rotated more than the M24 clamps in Test 2-M24-2C-RH-LM. This is 

due to the channel lips (which are the same size for all tests) not being adequately large to 

support the M20 clamps as fully as the M24 clamps are supported, or due to the contact 

of the clamp teeth with the steel flange having too small an area compared to the M24 

clamp. It could be deduced that this motion of the clamps have reduced the bolt tension, 

thus resulting in the reduction in the clamping strength of the specimen. Redesigning the 

M20 clamps and utilizing appropriately sized channels may mitigate the strength 

degradation of the smaller clamps at large slips. However, if used in composite beams, 

the descending branch illustrated in Figure 4.30 is not a concern, as the slip at which the 

load starts to drop is much larger than the ultimate slip normally seen in composite beams. 

 

Cracks, shown in Figure 4.31a, appeared behind all four clamps when the slip was 0.02 

in., and they became wider as the beam moved. This indicates that cracks could initiate 

even at the service slip level. As illustrated in Figure 4.31b, rotation of clamps was 

noticeable at a slip of 0.16 in., which occurred much earlier than the M24 bolt tests. The 

rotation of clamps at 0.32 in. slip is shown in Figure 4.31c. Because of their relatively 

small sizes, the M20 clamps could not hold their positions as stably as the M24 clamps. 

As depicted in Figure 4.31d, clamp 3 was first disengaged when the slip was close to 2.56 

in., followed by Clamps 1 and 4 before reaching a slip of 5.12 in. Only Clamp 2 

maintained its position during the whole test. Due to safety concern for the test rig, the 

test was terminated when the slip was about 10 in.  
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Figure 4.30 Load-slip curve of Specimen 9-M20-2C-RH-LM 

 

  
a) Crack at Clamp 3 at 0.02 in. slip b) Rotation of Clamp 4 at 0.16 in. slip 

  
c) Rotation of Clamp 4 at 0.32 in. slip d) Complete disengagement of Clamp 3 

at 2.56 in. slip 
Figure 4.31 Observations in Specimen 9-M20-2C-RH-LM 
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The monotonic test results are summarized in Table 4.5. Elastic stiffness is defined as the 

secant stiffness at the slip load. For each test, the slip load and peak load are both 

normalized relative to Test 2-M24-2C-RH-LM, which is regarded as the baseline 

specimen. The selected steel shims do not exhibit desirable behavior at large slips due to 

a stick-slip mechanism; however, the use of the shims neither reduces the slip load or 

peak load of the specimen nor affects the behavior of the system at slips comparable to 

those normally seen in composite beams. The slip strength and peak strength of Test 7-

M24-3C-RH-LM in which three channels are used are approximately 50% higher than 

those of Test 2-M24-2C-RH-LM, which uses two channels, implying that the shear force 

can be distributed among the clamps. Although wide cracks are seen in Test 7-M24-3C-

RH-LM, they do not reduce the specimen strength. In Test 9-M20-2C-RH-LM, M20 

bolts are tested, and the strength is about 60% of the standard M24 bolt specimen (i.e., 

Test 2-M24-2C-RH-LM). The M20 bolts cannot maintain their strength as well as the 

M24 bolts, as is indicated by the load decrease at larger slips. Nonetheless, the strength 

degradation starts at a slip that is much larger than the maximum slip measured in the 

composite beam tests presented in Chapter 5. 

 
Table 4.5 Summary of monotonic pushout test results  

Monotonic 
test 

Initial 
stiffness 
(kips/in.) 

Slip load (kips) Peak load (kips) Peak 
load/
Slip 
load 

Load at 5 in. slip (kips) 

Absolute Normalized Absolute Normalized Slip 
(in.) Absolute 

Percentage 
of peak 

load 
2-M24-2C-

RH-LM 3040 60.8 1.00 88.5 1.00 1.12 1.46 68.9 78% 

4-M24-2C-
RH-LM-S 2825 56.5 0.93 87.9 0.99 0.55 1.56 55.1 63% 

7-M24-3C-
RH-LM 4350 87.0 1.43 130.1 1.47 0.30 1.50 104.0 80% 

9-M20-2C-
RH-LM 1825 36.5 0.60 55.3 0.62 0.54 1.52 24.9 45% 
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 Cyclic specimens 
  
The following sign convention is defined for the slip and load measurements: the load is 

positive when the beam is under compression; the slip is positive when the beam moves 

west.  

 

If the clamps are intended to transfer in-plane diaphragm force to lateral load-resisting 

systems, the slip demand on the clamps needs to be determined and the behavior of the 

clamps could be evaluated accordingly. This is similar to the assessment of the 

monotonically loaded pushout specimens at slip levels that are correlated to composite 

beams. The slips used to evaluate the behavior of the cyclically loaded pushout 

specimens should be obtained from dynamic analysis or shake table testing of composite 

diaphragms designed with clamps, which are beyond the scope of this research. 

Meanwhile, research concerning the slip demand on steel headed stud anchors in 

conventional composite diaphragms is also absent. As a result, the three slip levels are 

unknown, namely, the service load slip, design load slip and ultimate slip. Therefore, the 

performance of the cyclic specimens is conservatively assessed at slips less than 1 in., 

much greater than the slip capacity of 3/4 in. shear studs, which is approximately 0.29 in., 

as discussed in Section 4.5.4.3.  

 

In current design practice, after calculating the seismic demand on a diaphragm, the shear 

connectors are designed to transfer the inertia forces from the diaphragm to the LFRS. In 

Appendix H.1, two prototype structures are used as examples to show that the clamps 

designed for the gravity loading are sufficient to transfer the inertia forces to the 

perimeter frames. Because the shear force demand on the clamps due to the diaphragm 

forces is much smaller than the capacity of the clamps, the slip of the clamps could be 

tiny at design earthquakes.  

 

For each specimen, the overall load-slip curve is plotted which is followed by a second 

graph focusing on a slip within 1 in. As shown in the second graph for each specimen, the 

behavior of the clamping system is excellent for peak slips that are likely to be typical 



112 
 

demand ranges for steel headed stud anchors commonly used in traditional composite 

diaphragms, such as within 1 in. of slip. 

 

Test 3-M24-2C-RL-LC 

 

The load-slip curve for Specimen 3-M24-2C-RL-LC is shown in Figure 4.32 using the 

average slip measurement from the string pots. The plateau load at the second cycle of 

each slip level decreased compared to that of the first cycle, particularly at larger slips. 

As more and more cycles were completed, the teeth of the clamps and the steel flanges 

began to wear down, possibly reducing the coefficient of friction and the normal force 

and shear resistance between the components after extensive slip had occurred. At each 

cycle, the load first stabilized, and then increased considerably at the maximum slip 

because the clamp teeth engaged with a portion of the steel beam flange that had not been 

damaged in earlier cycles.  

 

This is the only specimen designed with the light reinforcement pattern, and premature 

concrete failure was anticipated. The slip load, which is necessary to define the first three 

load magnitudes in the cyclic loading protocol, adopted that obtained from Test 2-M24-

2C-RH-LM, since no corresponding monotonic specimen exists for Specimen 3. Starting 

at a slip of 0.06 in., diagonal concrete cracking adjacent to clamps 2 and 4 was 

discovered. The cracks opened when the beam was loaded in the compressive or west 

direction, and closed when the beam was loaded in the tensile or east direction. At a slip 

of 0.64 in., the clamps rotated slightly, as shown in Figure 4.33a. Illustrated in Figure 

4.33b, clamp 1 was almost disengaged at the end of the test, while the others seemed to 

maintain their positions well. The test was terminated at a slip of 5.12 in., which is the 

maximum slip that could be measured by the string pots was reached.  
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a) Overall behavior 

 
b) Behavior within 1 in. slip 

Figure 4.32 Load-slip curve of Specimen 3-M24-2C-RL-LC 
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a) Rotation of Clamp 2 at 0.64 in. slip b) Clamp 1 almost disengaged at 5.12 in. slip 

Figure 4.33 Observations in Specimen 3-M24-2C-RL-LC 
 

Test 5-M24-2C-RH-LC 

 

This specimen is the corresponding cyclic specimen for Specimen 2-M24-2C-RH-LM 

which is the baseline specimen. The load-slip curve for Specimen 5-M24-2C-RH-LC is 

shown in Figure 4.34 using the average slip measurement from the string pots. The load-

slip plot of this specimen is very similar to that of Specimen 3-M24-2C-RL-LC.   

 

This specimen behaved in a similar manner as Test 3-M24-2C-RL-LC. As shown in 

Figure 4.35a, rotation of the clamps was discerned at a slip of 0.48 in. Figure 4.35b 

illustrates the rotation at a slip of 1.28 in. Wearing off of the flange was observed as the 

beam moves further. It is noted that clamps 2 and 4 occasionally rotated in opposite 

directions because the rotation of the clamps did not synchronize with the displacement 

of the beam, especially at larger slips. At a slip of 1.92 in., clamps 3 and 4 started to lose 

contact, and clamp 4 was completely disengaged in the very last cycle (5.12 in. slip). The 

test was terminated at a slip of 5.12 in., which is the maximum slip that could be 

measured by the string pots was reached.  
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a) Overall behavior 

 
b) Behavior within 1 in. slip 

Figure 4.34 Load-slip curve of Specimen 5-M24-2C-RH-LC 
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a) Rotation of Clamp 4 at 0.32 in. slip b) Rotation of Clamp 2 at 1.28 in. slip 

Figure 4.35 Observations in Specimen 5-M24-2C-RH-LC 
 

Test 6-M24-2C-RH-LC-S 

 

This specimen is the corresponding cyclic specimen for Specimen 4-M24-2C-RH-LM-S. 

Shims were used in these tests. The load-slip curve for Specimen 6-M24-2C-RH-LC-S is 

shown in Figure 4.36 using the average slip measurement from the string pots. The 

readouts from the string pots are asymmetric, and the plot is shifted towards the negative 

slip direction. On the whole, this curve has a similar shape as the other cyclic specimens, 

but distinct differences can be seen. As indicated by the sudden load drop and slip 

measurement change in the load-slip plot, the stick-slip phenomenon persisted, similar to 

what occurred in Test 4-M24-2C-RH-LM-S, and load oscillation usually ensued. The 

load reduced dramatically once the shims started to separate from the clamps 

consecutively, and ultimately the capacity approached zero after all the shims were 

detached.  

 

Since one bolt head fractured in Test 4-M24-2C-RH-LM-S, the corresponding monotonic 

test, bolts were instrumented in Test 6. The strains in bolt 4 reached about 0.04 after one 

and two-thirds turns, and pretensioning of this bolt was stopped due to concern of bolt 

fracture. The strains were reasonable for the other bolts after two full turns. During the 

test, the specimen rotated because of the eccentricity between the actuator force and the 

reaction from the reaction angle. The specimen jerked when it was unloaded from 42.4 

kips (75% of the slip load) to approximately 10 kips in compression. The reason is that 

the rotated specimen could not return to a level position smoothly. Hence, the sliders 



117 
 

shown in Figure 4.16 were reinforced to minimize the vertical movement of the cross 

beam, which connects the actuators and the test specimen, as well as the overturning of 

the system during loading.  

 

Concrete cracking first occurred at 0.02 in. slip. When the specimen was loaded to a slip 

of 0.48 in., a loud noise was heard, followed by a considerable load drop and continuous 

noise from slip. This signified the initiation of the stick-slip behavior. The strength 

rebounded shortly, and the load started to oscillate. The subsequent loud noises were 

always accompanied by sudden changes in the slip measurements. This phenomenon 

occurred in every following cycle.  Shims detached from the clamps one after another at 

large slips. The sequence and the slip levels are: shim 1 at 1.92 in.; shim 3 at 2.56 in.; 

shim 4 at 3.84 in.; shim 2 at 3.84 in. Accordingly, the test was terminated. The shims, 

which were made of A36 steel, were heavily scraped in the test, as indicated in Figure 

4.37. As such, hardened steel plates may be recommended for future study.  
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a) Overall behavior 

 
b) Behavior within 1 in. slip 

Figure 4.36 Load-slip curve of Specimen 6-M24-2C-RH-LC-S 
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Scraped steel shim 

Figure 4.37 Observation in Specimen 6-M24-2C-RH-LC-S 
 

Test 8-M24-3C-RH-LC 

 

This specimen is the corresponding cyclic specimen for Specimen 7-M24-3C-RH-LM. 

Three channels were embedded in the concrete planks. The load-slip curve for Specimen 

8-M24-3C-RH-LC is shown in Figure 4.38 using the average slip measurement from the 

string pots. Except for the strength, the load-slip curve of this specimen is very similar to 

those of Specimens 3-M24-2C-RL-LC and 5-M24-2C-RH-LC.   

 

When the slip was 0.03 in., concrete cracks were found at clamps 1 and 2, as illustrated in 

Figure 4.39a. At 0.06 in. slip, another crack was seen in the neighborhood of clamp 6. At 

a slip of 0.96 in., rotations of clamps 1, 3, and 6 were observed, as shown in Figure 4.39b. 

The test was terminated when the maximum slip that could be measured by the string 

pots was reached.  
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a) Overall behavior 

 
b) Behavior within 1 in. slip 

Figure 4.38 Load-slip curve of Specimen 8-M24-3C-RH-LC 
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a) Concrete crack adjacent to Clamp 2 b) Rotation of clamp 1 at 0.96 in. slip 

Figure 4.39 Observations in Test 8-M24-3C-RH-LC 
 

Test 10-M20-2C-RH-LC 

 

This specimen is the corresponding cyclic specimen for Specimen 9-M20-2C-RH-LM. 

M20 bolts were tested in these specimens. It was believed that the loss of contact between 

the clamp teeth and steel beam flange and between the clamp tail and channel lips led to 

the undesirable strength degradation at large slips in the corresponding monotonic test. 

Hence, it was decided that steel blocks be inserted into the channels to improve the clamp 

performance under cyclic loading by supporting the clamp tails once they fell into the 

channels (see Figure 4.41a). These blocks were finely machined such that they were flush 

with the channel lips and fitted tightly inside the channels. One and a half turns were still 

utilized for pretensioning the M20 bolts.  

 

The load-slip curve for Specimen 10-M20-2C-RH-LC is shown in Figure 4.40 using the 

average slip measurement from the string pots. In this test, the decrease of peak load and 

plateau load at each cycle was more than that in the M24 bolt testing. Compared to the 

corresponding monotonic test, Test 9-M20-2C-RH-LM, considerable strength reduction 

occurred at much larger slips in this test, implying that the inserted steel blocks deferred 

the pretension loss of the bolts. After all the clamps lost contact with the steel beam, the 

strength of the system approached zero at 5.12 in. slip. 

 

Hairline cracks first emerged in the concrete specimen at 27.38 kips (75% of slip load), 

and as the slip increased, existing cracks became wider and additional cracks appeared. 
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As shown in Figure 4.41b, the clamps began to rotate when the slip was 0.16 in.  As a 

result of the large rotation, the corner of clamp 4 fell into the gap between the channel 

lips at a slip of 0.96 in., as illustrated in Figure 4.41c. However, the majority of the tail 

still bore against the block inside the channels, which may defer the decrease of the 

loading. As the test proceeded, all clamps started to lose contact, and all four clamps were 

disengaged ultimately, and the concrete slab was no longer clamped to the steel beam 

(see Figure 4.41d).  

 
The cyclic test results are summarized in Table 4.6. For the two cycles of the same slip 

level, the strength generally degrades less in the first cycle than the second cycle. In each 

test, the peak load and plateau load of a cycle in a loading direction are normalized 

relative to the peak load of the overall load-slip curve in that loading direction as well as 

the peak strength of the corresponding monotonic specimen. Figure 4.42 depicts the 

strength reduction variation with slip. The peak load decreases roughly linearly, while the 

plateau load declines approximately exponentially.  
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a) Overall behavior 

 
b) Behavior within 1 in. slip 

Figure 4.40 Load-slip curve of Specimen 10-M20-2C-RH-LC  
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a) Steel block inserted into channel b) Rotation of clamp 4 at 0.16 in. slip 

  
c) Rotation of clamp 4 at 0.96 in. slip d) Complete detachment of clamps with beam 

Figure 4.41 Observations in Specimen 10-M20-2C-RH-LC 
 

 

Steel block 
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Table 4.6 Summary of cyclic pushout test results 

Cyclic 
test 

Slip 
(in.) 

Peak load (kips) Plateau load (kips) 
Positive slip Negative slip Positive slip Negative slip 

Cycle 
1 

Cycle 
2 

Ratio 
1 

Ratio 
2 

Cycle 
1 

Cycle 
2 

Ratio 
1 

Ratio 
2 

Cycle 
1 

Cycle 
2 

Ratio 
1 

Ratio 
2 

Cycle 
1 

Cycle 
2 

Ratio 
1 

Ratio 
2 

3-M24-
2C-RL-

LC 

0.08 72.2 69.6 1.00 0.96 -58.4 -61.2 0.92 0.97 65.3 63.3 0.90 0.88 -53.0 -53.8 0.84 0.85 
0.82 0.79 0.66 0.69 0.74 0.72 0.60 0.61 

0.12 70.9 68.2 0.98 0.94 -60.2 -58.5 0.95 0.92 64.3 62.5 0.89 0.87 -54.2 -54.3 0.86 0.86 
0.80 0.77 0.68 0.66 0.73 0.71 0.61 0.61 

0.16 69.4 66.9 0.96 0.93 -63.3 -60.2 1.00 0.95 64.0 61.5 0.89 0.85 -57.7 -55.8 0.91 0.88 
0.78 0.76 0.72 0.68 0.72 0.69 0.65 0.63 

0.24 64.9 60.0 0.90 0.83 -61.4 -59.1 0.97 0.93 60.6 55.2 0.84 0.76 -54.6 -52.5 0.86 0.83 
0.73 0.68 0.69 0.67 0.68 0.62 0.62 0.59 

0.32 66.3 59.8 0.92 0.83 -58.7 -52.6 0.93 0.83 55.0 50.7 0.76 0.70 -48.1 -45.0 0.76 0.71 
0.75 0.68 0.66 0.59 0.62 0.57 0.54 0.51 

0.48 65.3 58.5 0.90 0.81 -57.9 -50.0 0.91 0.79 46.9 42.4 0.65 0.59 -40.9 -37.7 0.65 0.60 
0.74 0.66 0.65 0.56 0.53 0.48 0.46 0.43 

0.64 64.5 55.6 0.89 0.77 -54.0 -47.8 0.85 0.76 41.7 39.3 0.58 0.54 -35.9 -34.3 0.57 0.54 
0.73 0.63 0.61 0.54 0.47 0.44 0.41 0.39 

0.96 60.9 53.6 0.84 0.74 -52.4 -47.9 0.83 0.76 36.9 34.7 0.51 0.48 -32.7 -31.5 0.52 0.50 
0.69 0.61 0.59 0.54 0.42 0.39 0.37 0.36 

1.28 54.5 49.3 0.75 0.68 -50.2 -44.2 0.79 0.70 35.0 33.1 0.48 0.46 -30.9 -31.4 0.49 0.50 
0.62 0.56 0.57 0.50 0.40 0.37 0.35 0.35 

1.92 50.6 47.4 0.70 0.66 -48.7 -42.5 0.77 0.67 32.2 31.2 0.45 0.43 -30.5 -28.8 0.48 0.45 
0.57 0.54 0.55 0.48 0.36 0.35 0.34 0.33 

2.56 47.5 46.1 0.66 0.64 -45.1 -39.6 0.71 0.63 27.9 25.8 0.39 0.36 -28.1 -26.2 0.44 0.41 
0.54 0.52 0.51 0.45 0.32 0.29 0.32 0.30 

3.84 49.4 35.9 0.68 0.50 -44.7 -28.8 0.71 0.45 23.6 19.7 0.33 0.27 -23.2 -19.6 0.37 0.31 
0.56 0.41 0.51 0.33 0.27 0.22 0.26 0.22 

5.12 34.4 21.3 0.48 0.30 -30.8 -24.9 0.49 0.39 18.4 16.8 0.25 0.23 -17.8 -17.5 0.28 0.28 
0.39 0.24 0.35 0.28 0.21 0.19 0.20 0.20 

5-M24-
2C-RH-

LC 

0.08 70.6 68.7 1.00 0.97 -63.6 -60.8 0.99 0.94 62.7 61.5 0.89 0.87 -52.8 -54.1 0.82 0.84 
0.80 0.78 0.72 0.69 0.71 0.69 0.60 0.61 

0.12 69.7 66.3 0.99 0.94 -62.5 -58.7 0.97 0.91 62.0 59.2 0.88 0.84 -54.2 -53.5 0.84 0.83 
0.79 0.75 0.71 0.66 0.70 0.67 0.61 0.60 

0.16 70.4 64.4 1.00 0.91 -63.0 -57.3 0.98 0.89 60.3 56.6 0.85 0.80 -54.6 -52.1 0.85 0.81 
0.80 0.73 0.71 0.65 0.68 0.64 0.62 0.59 

0.24 67.9 62.8 0.96 0.89 -60.9 -57.2 0.95 0.89 55.2 52.7 0.78 0.75 -50.7 -48.4 0.79 0.75 
0.77 0.71 0.69 0.65 0.62 0.60 0.57 0.55 
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0.32 68.8 54.1 0.97 0.77 -62.3 -58.9 0.97 0.91 52.9 45.2 0.75 0.64 -47.4 -44.1 0.74 0.68 
0.78 0.61 0.70 0.67 0.60 0.51 0.54 0.50 

0.48 62.3 55.6 0.88 0.79 -64.4 -58.2 1.00 0.90 42.3 39.1 0.60 0.55 -41.1 -38.3 0.64 0.59 
0.70 0.63 0.73 0.66 0.48 0.44 0.46 0.43 

0.64 57.2 48.6 0.81 0.69 -62.0 -59.5 0.96 0.92 37.2 35.1 0.53 0.50 -38.0 -36.4 0.59 0.57 
0.65 0.55 0.70 0.67 0.42 0.40 0.43 0.41 

0.96 55.4 47.3 0.78 0.67 -60.9 -53.6 0.95 0.83 32.6 30.1 0.46 0.43 -33.3 -31.3 0.52 0.49 
0.63 0.53 0.69 0.61 0.37 0.34 0.38 0.35 

1.28 53.7 46.8 0.76 0.66 -56.3 -49.0 0.87 0.76 28.4 26.9 0.40 0.38 -30.1 -29.3 0.47 0.45 
0.61 0.53 0.64 0.55 0.32 0.30 0.34 0.33 

1.92 50.4 48.2 0.71 0.68 -52.2 -43.1 0.81 0.67 25.7 25.3 0.36 0.36 -28.7 -27.8 0.45 0.43 
0.57 0.54 0.59 0.49 0.29 0.29 0.32 0.31 

2.56 47.6 36.7 0.67 0.52 -49.7 -36.4 0.77 0.57 23.7 22.6 0.34 0.32 -26.5 -23.5 0.41 0.36 
0.54 0.41 0.56 0.41 0.27 0.26 0.30 0.27 

3.84 42.6 31.6 0.60 0.45 -47.2 -38.8 0.73 0.60 20.0 20.5 0.28 0.29 -21.1 -18.7 0.33 0.29 
0.48 0.36 0.53 0.44 0.23 0.23 0.24 0.21 

5.12 37.4 23.1 0.53 0.33 -41.9 -19.8 0.65 0.31 17.5 13.2 0.25 0.19 -14.0 -11.4 0.22 0.18 
0.42 0.26 0.47 0.22 0.20 0.15 0.16 0.13 

6-M24-
2C-RH-

LC-S 

0.12 65.4 61.3 0.99 0.93 -68.2 -62.0 0.95 0.86 56.7 54.9 0.86 0.83 -59.6 -54.9 0.83 0.76 
0.74 0.70 0.78 0.71 0.65 0.62 0.68 0.62 

0.16 65.5 59.2 1.00 0.90 -71.8 -60.0 1.00 0.84 56.5 53.4 0.86 0.81 -57.0 -53.8 0.79 0.75 
0.75 0.67 0.82 0.68 0.64 0.61 0.65 0.61 

0.24 63.0 54.6 0.96 0.83 -69.4 -59.1 0.97 0.82 50.8 44.4 0.77 0.67 -51.8 -46.7 0.72 0.65 
0.72 0.62 0.79 0.67 0.58 0.51 0.59 0.53 

0.32 62.6 55.0 0.95 0.84 -69.5 -61.8 0.97 0.86 41.7 35.9 0.63 0.55 -46.0 -38.5 0.64 0.54 
0.71 0.63 0.79 0.70 0.47 0.41 0.52 0.44 

0.48 55.0 43.9 0.84 0.67 -71.1 -54.8 0.99 0.76 33.1 32.6 0.50 0.50 -33.9 -33.5 0.47 0.47 
0.63 0.50 0.81 0.62 0.38 0.37 0.39 0.38 

0.64 47.7 45.8 0.72 0.70 -56.6 -57.9 0.79 0.81 31.3 27.4 0.48 0.42 -34.6 -32.9 0.48 0.46 
0.54 0.52 0.64 0.66 0.36 0.31 0.39 0.37 

0.96 47.6 41.9 0.72 0.64 -56.5 -47.8 0.79 0.67 24.3 23.8 0.37 0.36 -28.4 -25.6 0.40 0.36 
0.54 0.48 0.64 0.54 0.28 0.27 0.32 0.29 

1.28 39.6 30.3 0.60 0.46 -40.1 -29.8 0.56 0.42 21.4 18.2 0.33 0.28 -23.8 -20.5 0.33 0.29 
0.45 0.34 0.46 0.34 0.24 0.21 0.27 0.23 

1.92 20.2 15.0 0.31 0.23 -24.7 -20.1 0.34 0.28 13.2 11.3 0.20 0.17 -16.9 -14.5 0.24 0.20 
0.23 0.17 0.28 0.23 0.15 0.13 0.19 0.16 

2.56 15.9 15.7 0.24 0.24 -21.4 -5.4 0.30 0.08 11.1 9.8 0.17 0.15 -9.2 -5.2 0.13 0.07 
0.18 0.18 0.24 0.06 0.13 0.11 0.10 0.06 
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3.84 6.7  0.10  -5.8  0.08  5.9  0.09  -5.2  0.07  0.08 0.07 0.07 0.06 

8-M24-
3C-RH-

LC 

0.16 104.0 97.4 1.00 0.94 -95.6 -84.4 0.99 0.87 92.8 85.4 0.89 0.82 -79.6 -78.0 0.82 0.80 
0.80 0.75 0.73 0.65 0.71 0.66 0.61 0.60 

0.24 95.4 85.2 0.92 0.82 -92.4 -81.0 0.95 0.84 82.4 75.2 0.79 0.72 -69.8 -70.8 0.72 0.73 
0.73 0.65 0.71 0.62 0.63 0.58 0.54 0.54 

0.32 94.2 87.4 0.91 0.84 -91.2 -96.4 0.94 0.99 75.4 68.8 0.73 0.66 -65.2 -61.8 0.67 0.64 
0.72 0.67 0.70 0.74 0.58 0.53 0.50 0.48 

0.48 89.4 76.4 0.86 0.73 -85.2 -72.8 0.88 0.75 64.2 59.6 0.62 0.57 -59.4 -57.4 0.61 0.59 
0.69 0.59 0.65 0.56 0.49 0.46 0.46 0.44 

0.64 86.2 73.4 0.83 0.71 -86.4 -77.4 0.89 0.80 55.6 52.8 0.53 0.51 -53.2 -51.6 0.55 0.53 
0.66 0.56 0.66 0.59 0.43 0.41 0.41 0.40 

0.96 81.8 67.8 0.79 0.65 -83.4 -61.0 0.86 0.63 49.0 47.0 0.47 0.45 -46.6 -45.8 0.48 0.47 
0.63 0.52 0.64 0.47 0.38 0.36 0.36 0.35 

1.28 74.8 67.8 0.72 0.65 -72.8 -66.4 0.75 0.68 44.4 45.2 0.43 0.43 -44.8 -44.4 0.46 0.46 
0.57 0.52 0.56 0.51 0.34 0.35 0.34 0.34 

1.92 68.8 66.0 0.66 0.63 -70.4 -66.8 0.73 0.69 45.2 45.2 0.43 0.43 -44.6 -44.2 0.46 0.46 
0.53 0.51 0.54 0.51 0.35 0.35 0.34 0.34 

2.56 70.2 63.6 0.68 0.61 -70.8 -63.8 0.73 0.66 43.0 41.2 0.41 0.40 -43.6 -41.2 0.45 0.42 
0.54 0.49 0.54 0.49 0.33 0.32 0.34 0.32 

3.84 58.2 49.2 0.56 0.47 -70.4 -50.4 0.73 0.52 38.2 33.4 0.37 0.32 -36.0 -31.8 0.37 0.33 
0.45 0.38 0.54 0.39 0.29 0.26 0.28 0.24 

5.12 42.6 37.4 0.41 0.36 -47.2 -37.8 0.49 0.39 30.0 26.8 0.29 0.26 -28.6 -26.4 0.29 0.27 
0.33 0.29 0.36 0.29 0.23 0.21 0.22 0.20 

10-
M20-

2C-RH-
LC 

0.12 44.9 44.9 1.00 1.00 -52.5 -44.0 1.00 0.84 39.9 35.0 0.89 0.78 -41.0 -36.0 0.78 0.69 
0.81 0.81 0.95 0.80 0.72 0.63 0.74 0.65 

0.16 44.6 41.3 0.99 0.92 -51.8 -46.4 0.99 0.88 36.1 33.1 0.80 0.74 -35.2 -32.9 0.67 0.63 
0.81 0.75 0.94 0.84 0.65 0.60 0.64 0.59 

0.24 43.9 40.5 0.98 0.90 -49.9 -44.8 0.95 0.85 32.5 29.1 0.72 0.65 -30.4 -28.0 0.58 0.53 
0.79 0.73 0.90 0.81 0.59 0.53 0.55 0.51 

0.32 43.8 39.7 0.98 0.88 -52.7 -44.8 1.00 0.85 28.0 22.9 0.62 0.51 -27.0 -22.8 0.51 0.43 
0.79 0.72 0.95 0.81 0.51 0.41 0.49 0.41 

0.48 40.6 37.2 0.90 0.83 -46.0 -40.3 0.88 0.77 21.0 19.0 0.47 0.42 -20.1 -19.8 0.38 0.38 
0.73 0.67 0.83 0.73 0.38 0.34 0.36 0.36 

0.64 42.3 37.4 0.94 0.83 -44.5 -38.9 0.85 0.74 18.1 16.1 0.40 0.36 -18.5 -17.0 0.35 0.32 
0.76 0.68 0.80 0.70 0.33 0.29 0.33 0.31 

0.96 37.9 30.7 0.84 0.68 -41.7 -29.3 0.79 0.56 15.4 14.2 0.34 0.32 -15.3 -13.2 0.29 0.25 
0.69 0.56 0.75 0.53 0.28 0.26 0.28 0.24 
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1.28 35.7 29.8 0.80 0.66 -30.6 -23.6 0.58 0.45 13.6 12.9 0.30 0.29 -11.9 -10.9 0.23 0.21 
0.65 0.54 0.55 0.43 0.25 0.23 0.22 0.20 

1.92 33.2 24.2 0.74 0.54 -27.7 -16.7 0.53 0.32 10.8 7.9 0.24 0.18 -9.8 -8.8 0.19 0.17 
0.60 0.44 0.50 0.30 0.20 0.14 0.18 0.16 

2.56 27.7 11.0 0.62 0.24 -16.5 -6.8 0.31 0.13 7.8 3.5 0.17 0.08 -7.1 -3.4 0.14 0.06 
0.50 0.20 0.30 0.12 0.14 0.06 0.13 0.06 

3.84 6.3 6.1 0.14 0.14 -4.3 -3.7 0.08 0.07 2.4 2.6 0.05 0.06 -1.3 -1.2 0.02 0.02 
0.11 0.11 0.08 0.07 0.04 0.05 0.02 0.02 

Note:  Two ratios are given for each strength. The upper value is determined as the ratio of the strength to the peak load in the same loading direction, 
while the lower value is calculated as the ratio of the strength to the peak strength of the corresponding monotonic specimen.  
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Test 3-M24-2C-RL-LC 

  
Test 5-M24-2C-RH-LC 

  
Test 6-M24-2C-RH-LC-S 

  
Test 8-M24-3C-RH-LC 

  
Test 10-M20-2C-RH-LC 

Figure 4.42 Relationship between cyclic strength reduction and slip in pushout tests 



130 
 

 

Compared to the monotonic pushout specimens, the peak strength reduction of the 

cyclically loaded pushout specimens is indicated in Table 4.7. For the five cyclic 

pushout specimens, the average peak strength reduction is 21%. Hence, it could be 

suggested to use 80% of the monotonic shear strength of clamps as their cyclic shear 

strength.  

 

Table 4.7 Peak strength reduction in cyclic pushout specimens 

Specimen 
 Cyclic tests  

 (kips) Monotonic tests  
 (kips) 

Ratio 

Positive  Negative Positive  Negative 
3-M24-2C-RL-LC 72.2 63.3 88.5 0.82 0.72 
5-M24-2C-RH-LC 70.6 64.4 88.5 0.80 0.73 

6-M24-2C-RH-LC-S 65.5 71.8 87.9 0.75 0.82 
8-M24-3C-RH-LC 104.0 97.0 130.1 0.80 0.75 
10-M20-2C-RH-LC 44.9 52.5 55.3 0.81 0.95 

   Average 0.79 0.79 
 

In addition to strength, the ductility and energy dissipation of the clamps are also 

presented in Table 4.8. The ductility index of the cyclic specimens is computed with 

the cyclic backbone curves and reported in both loading directions. The ductility of a 

shear stud can be calculated as: ! = Δ!/Δ", where Δ" and Δ! are defined as slips at 

which the strength of the stud increases or reduces to 95 % of its peak strength, 

respectively (Burnet et al. 2001). The ductility indexes of the clamps are calculated 

similarly. Two load levels are employed for the clamps to determine Δ" and Δ!: one 

at 95% of the peak strength; the other one at 80% of the peak strength. The former 

strength level enables a direct comparison between the clamps and shear studs in 

terms of yield slip, ultimate slip and ductility. Unlike shear studs which normally 

fracture when their strengths decline to 95% of the peak strengths, the clamps possess 

further deformation capacity without significant strength degradation, and the latter 

strength level is thus used to investigate these larger deformations. Comparing the 

monotonic load-slip curves to the cyclic backbone curves, it is noted that the peak 

strengths of the cyclic specimens are achieved at smaller slips than the corresponding 

monotonic specimens, which may result from the abrasion between the components 
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in the cyclic specimens. Since the yield slips of the cyclic specimens are small, the 

calculated ductility indexes are occasionally very large.  

 

In a monotonic pushout test specimen, the energy dissipation of the clamp is 

equivalent to the area below the load-slip curve, whereas the energy dissipation of the 

clamp subjected to cyclic loading is calculated as the summation of the area of all the 

loops. All the parameters are illustrated in Figure 4.43. As presented in Table 4.8, the 

dissipated energy per connector in Specimen 6-M24-2C-RH-LC-S is only half that of 

the same size clamp in other specimens because the clamps disengaged from the steel 

beam earlier. Likewise, the energy dissipation is reduced in Test 10-M20-2C-RH-LC 

due to the lower strength of the M20 clamps and the earlier detachment from the steel 

beam. As a result of their excellent energy dissipating capacity, if clamping 

connectors are utilized to connect the concrete slab to the collectors in a lateral force-

resisting system, they could be designed as ductile components and the induced 

friction at the slip planes could be used as an energy dissipating mechanism in a 

diaphragm. 

 

Table 4.8 Ductility and energy dissipation of clamps in pushout specimens (per connector) 

Specimen 
Yield slip (in.) Ultimate slip (in.) Ductility index Energy 

dissipation 
(kips-in.) 

80%a 95% 80% 95% 80% 95% 
Pos Neg Pos Neg Pos Neg Pos Neg Pos Neg Pos Neg 

2-M24-2C-
RH-LM 

0.097 0.59 9.10 2.27 93.9 3.85 171 

4-M24-2C-
RH-LM-S 

0.104 0.37 5.15 0.71 49.6 1.92 82 

7-M24-3C-
RH-LM 

0.054 0.17 5.13 1.16 95.1 6.82 100 

9-M20-2C-
RH-LM 

0.092 0.34 1.55 0.78 16.9 2.29 65 

3-M24-2C-RL-
LC 

0.0048 0.0052 0.024 0.072 0.92 1.08 0.18 0.29 193.7 207.7 7.50 4.03 967 

5-M24-2C-
RH-LC 0.0064 0.017 0.023 0.052 0.82 1.99 0.38 1.03 130.6 120.2 16.5 19.8 1042 

6-M24-2C-
RH-LC-S 

0.0084 0.016 0.026 0.053 0.39 0.62 0.30 0.57 46.8 39.1 11.5 10.8 438 

8-M24-3C-
RH-LC 

0.012 0.012 0.065 0.027 0.86 0.95 0.25 0.22 70.9 81.4 3.85 8.15 1073 

10-M20-2C-
RH-LC 

0.0074 0.017 0.025 0.11 1.23 0.99 0.61 0.41 167.7 58.1 24.4 3.73 324 
aErrors may exist in these tiny slip measurements. 
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Figure 4.43 Illustration of ductility index, energy dissipation and stiffness 

 

As presented in Figure 4.44, a trilinear or quadrilinear relationship, which could be 

used for nonlinear analysis, is derived for each monotonic test. The slip at Point A is 

0.02 in. Point B represents the peak strength of the clamping connector. The shear 

strength decreases to 80% of the peak strength at Point C and remains the same until 

Point D. All the values are shown in Table 4.9.  

 

 
Figure 4.44 Trilinear or quadrilinear representation of experimental load-slip curve 
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Table 4.9 Points on Idealized Trilinear or Quadrilinear Load-slip Curves 

Specimen 
Point A Point B Point C and D 
!# (kips) !!	(kips) ∆! (in.) !% (kips) ∆$ (in.) ∆" (in.) 

2-M24-2C-
RH-LM 

15.2 22.1 1.12 17.7 5.54 9.1 

4-M24-2C-
RH-LM-S 

14.1 22.0 0.55 17.6  5.15a - 

7-M24-3C-
RH-LM 

14.5 21.7 0.32 17.4 4.30 5.13 

9-M20-2C-
RH-LM 

9.1 13.8 0.54 11.0 1.55 - 
aError may exist in the slip measurement due to the load drop after bolt head fracture. 
 

Typical clamp teeth damage is illustrated in Figure 4.45. For the M24 clamps, the 

damage of the clamp teeth is similar between the monotonically and cyclically loaded 

pushout specimens. The clamp tested in the beam test has the least damage, which is 

probably due to the relatively small ultimate slip (less than 0.35 in.) experienced by the 

clamp. In contrast, the teeth of the M20 clamps that experienced monotonic loading are 

not severely damaged, but the teeth of the clamp tested in the cyclic pushout specimen 

are seriously abraded. As a result, the frictional coefficient between the steel flange and 

clamp teeth varied, and the bolt tension was also affected.  
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a) M24 clamps  

 

b) M20 clamps  
Figure 4.45 Clamp teeth damage  

 

 Comparison with steel headed stud anchors 
 

The strength of the shear connectors is a limiting factor in the design of a composite 

beam. Ductile shear connectors ensure that the shear force can redistribute from weaker 

connectors to stronger connectors in a composite beam without premature fracture and 

that the plastic design method is applicable.  

 

Provided the governing limit state is stud fracture, the shear strength of a steel headed 

stud anchor embedded in a solid concrete slab used in a composite beam is given in the 

AISC Specification (AISC 2016a).  

 %# = 0.75*$%+! (4.18) 

Undamaged 

Pushout test 2-M24-2C-RH-LM 
2 

Pushout test 5-M24-2C-RH-LC 
2 
 Beam test 2-M24-1C-RL 

Undamaged 

Pushout test 9-M20-2C-RH-LM 
2 

Pushout test 10-M20-2C-RH-LC 
2 
 Beam test 4-M20-1C-RL 
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Where *$%  is the cross-sectional area (in.2) and +!  is the specified minimum yield 

strength of a steel headed stud anchor (ksi). No resistance factor is added to this strength; 

a resistance factor is used when calculating the design flexural strength of the composite 

beam. 

 

Oehlers et al. (1986) conducted a statistical analysis of load and slip characteristics of 

116 pushout tests in which concrete slabs did not failure prematurely, and recommended 

Equations (4.19) and (4.20) to estimate the mean initial tangent stiffness		-$&, which was 

assumed to be the stiffness at	0.5%#, and ultimate slip ∆!, at which shear studs fracture at 

about 95% of their shear strength, of steel headed stud anchors embedded in solid 

concrete slabs. The parameters are shown in Figure 4.43. 

 -$& =
%#

/(0.16 − 0.00174'()
 (4.19) 

 ∆!= (0.45 − 0.00214'()/ (4.20) 

Where 4'( is the compressive cylinder strength of concrete (MPa), and / is the diameter 

of the shank of a steel head stud anchor (mm). 

 

Using the above equations, a 3/4 in. diameter shear stud embedded in a 4 ksi solid 

concrete slab has an ultimate strength of 21.5 kips, an initial tangent stiffness of 256 

kips/in., and an ultimate slip of 0.29 in. Using Test 2-M24-2C-RH-LM as the baseline 

specimen, the peak shear strength and initial stiffness of an M24 clamp are 22.1 kips and 

760 kips/in., respectively. For an M20 clamp, based on Test 9-M20-2C-RH-LM, these 

characteristics are 13.8 kips and 455 kips/in., respectively. When defined at 95% of the 

peak strengths, the ultimate slips of the M24 and M20 clamps are 57.7 mm (2.27 in.) and 

19.8 mm (0.78 in.), respectively. If defined at 80% of the peak strengths, the ultimate 

slips are 231.0 mm (9.10 in.) and 39.4 mm (1.55 in.) for the M24 and M20 clamps, 

respectively.  

 

Apparently, the higher initial stiffness of the clamps could reduce the slip at the steel-

concrete interface at serviceability and enhance the stiffness of the composite beams. 
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Because of the limited slip capacity of shear studs, design provisions, such as AISC 360-

16 (2016), recommend that the ductility of composite beams be evaluated unless one of 

the following conditions is met:   

 

(1) Beams with span not exceeding 30 ft.; 

(2) Beams with a degree of composite actin of at least 50%; 

(3) Beams with an average nominal shear connector capacity of at least 16 kips per ft. 

along their shear span, corresponding to a 3/4 in. steel headed stud anchor placed 

at 12-in. spacing on average.  

 

However, even if the foregoing criteria is not met, it is probable that ductility is not a 

concern for composite beams utilizing clamps which exhibit excellent slip capacity.   

 

Since the dissipated energy of shear connectors under cyclic loading is directly related to 

the loading protocol, the energy dissipation capacity is only compared between shear 

studs and clamping connectors under monotonic loading. An empirical load-slip 

relationship is given for shear studs in Ollgaard et al. (1971), as shown in Equation (4.21). 

 % = %#(1 − 8)*+∆)-./ (4.21) 

Where ∆ is the slip of the shear stud (in.) 

 

Using the ultimate capacity and slip of a 3/4 in. diameter shear stud calculated above, the 

integration of Equation (4.21) with respect to ∆ is the dissipated energy of the stud under 

monotonic loading, which equals 5.6 kips-in. Civjan et al. (2003) also reported similar 

values, with the energy being 4.9 kips-in and 6.9 kips-in for a shear stud attached to a 

steel flange using standard stud gun welding and shielded metal arc welding, respectively. 

Compared to the values shown in Table 4.8, the clamping connectors demonstrate a much 

larger energy dissipation capacity because of the excellent slip capacity.  

  

 Formation of cracks on concrete surfaces 

 



137 
 

Concrete cracks observed during testing mostly initiated and remained localized in the 

vicinity of the bolts. Through observations of the test specimens, it was seen that initial 

visible cracking tended to occur at approximately the time that noticeable slip (~0.02 in.) 

initiated. The slip load of different specimens could differ greatly, for example, between 

Test 7-M24-3C-RH-LM and Test 9-M20-2C-RH-LM. Hence, the initiation of concrete 

cracking could be correlated to other factors, in addition to the magnitude of loading. As 

discussed earlier, under service loads, since the maximum slip observed in the 

deconstructable composite beam specimens ranges from almost zero to 0.05 in., cracking 

may occur in the concrete planks at serviceability, particularly for those at the ends of the 

beams. After disassembling the test setup, cracks, mainly located in the middle of the 

plank, were found at the steel-concrete interface in some specimens. Most of the cracks 

are less than 1/16 in. wide, and the widest crack, which penetrated through the concrete 

cover, has a width of 1/2 in. in the three-channel monotonic specimen (i.e., Test 7-M24-

3C-RH-LM). 

 

As shown in Figure 4.46, two black stripes were always found on the concrete specimen 

surfaces at the contact surfaces between the concrete planks and the edges of the steel 

beam flanges. Hence, it is likely that the frictional forces were mainly transferred along 

the edges of the flange (i.e., at the locations of the direct clamp force). An additional 

stripe was also seen in the middle of the plank in the tests using the larger steel section.  

A preliminary inspection has revealed that the flanges of the WT5x30 and WT4x15.5 

sections had outlines schematically shown in Figure 4.47. The profiles of the flanges 

explain why the additional stripe appeared in the tests where WT5x30 was used.   
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a) Test 2 b) Test 5 c) Test 10 

Note: Arrows in the figures show the loading direction. 
Figure 4.46 Different black stripe patterns in pushout test specimens  

 

  
a) WT5x 30 b) WT4x15.5 

Note: Dashed lines are the theoretical profiles of the flanges; solid lines are the actual profiles of the 
flanges. 

Figure 4.47 Schematic presentation of flange profiles 

 

Concrete pry-out failure under shear is not likely to be the main cause of the cracks, in 

that the locations of the cracks did not always match the positions of the channel anchors, 

especially for the cracks in the vicinity of the bolts, i.e., no anchors were located right 

below those cracks, as shown in Figure 4.48. The peak strengths of the tests using shims 

(i.e., Tests 4-M24-2C-RH-LM-S and 6-M24-2C-RH-LC-S) were close to those of the 

tests without shims (i.e., Tests 2-M24-2C-RH-LM and 5-M24-2C-RH-LC); therefore, the 

shear force the middle channel anchor was subjected to should be almost identical for 

both types of tests. Nonetheless, no cracks formed in the middle of the planks in Tests 4-

M24-2C-RH-LM-S and 6-M24-2C-RH-LC-S. In addition, Eurocode 2 (CEN 2009) states 

that the majority of the shear force acting on the anchor channels is transferred to 
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concrete directly through channel bearing. Only a small fraction flows into the anchors 

via bending of the anchors. 

 

 

Figure 4.48 Channel anchor and bolt positions in a pushout test specimen 

 

As shown in Figure 4.49, diagonal cracks were observed at the steel-concrete interface in 

Test 7-M24-3C-RH-LM. These cracks were approximately 25° from a line parallel to the 

channel longitudinal axis. The cracks spanned from the region of the primary frictional 

force acting on the surface of the concrete plank to the areas around the bolts where 

reactions from the bolts were occurring. Cracks initiated once the principal tensile stress 

in the concrete exceeded the tensile strength of the concrete plank. The force flow can be 

idealized using a strut-and-tie model, with inclined struts transferring the compressive 

force and the channel serving as the tie. The cracks in the neighborhood of the bolts can 

also be interpreted with this model.  

 

As discussed in Section 4.5.1, the normal force between the concrete plank and steel 

beam becomes uneven after the steel guides are involved.  Consequently, the friction is 

not uniformly distributed across the concrete surface. As the beam is loaded in the west 

(or east) direction, more friction is generated at the east (or west) side of concrete. This 

speculation can be verified by the tapered stripe in Figure 4.46a, because the stripe is 

wider at the end where the friction is larger and narrower at the end where the friction is 

smaller. Likewise, in Figure 4.46b, as a result of the unevenly distributed friction on the 

concrete surface, the stripe is light in the middle and dark at both ends.  

 

In the three-channel specimen, the outside channel was closer to the concrete edge, and 

therefore the frictional force was distributed over a smaller area than the two-channel 

Concrete plank 

Channel anchor 

T-bolt 
Clamp 



140 
 

specimen, as illustrated in Figure 4.50, increasing the tensile stress in concrete and 

leading to wider and deeper cracks.   

 

 

Figure 4.49 Illustration of the strut-and-tie model 
 

 
 
 

Figure 4.50 Distributed area for frictional force  

 

Reaction Force 

Frictional Force 

Compressive Strut 

Tensile Tie 
Reaction Force 

Distributed area for a two-channel specimen Distributed area for a three-channel specimen 

Two-channel layout  
Three-channel layout  

Precast concrete plank  

25° 

Principal Tensile Stress  
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 Influences of different parameters 

 

Bolt Size 

 

In the monotonic tests, the strength of the specimen using M20 bolts declines more 

quickly at large slips, while the specimens using M24 bolts maintain most of their 

strengths. The reason is that the smaller M20 clamps are prone to rotate and could not 

hold their positions as stably as the M24 clamps starting at a slip of 0.68 in., which is 

approximately twice the maximum slip demand on the clamps in the deconstructable 

composite beam specimens (see Table 5.10 in Chapter 5). If needed for withstanding 

large slip values, this could be addressed by increasing the contact area between the 

clamp teeth and steel beam and between the clamp tail and concrete plank or developing 

an interlocking design where the channel lips restrain the rotation of the clamps. In these 

cases, it is anticipated that the behavior of the M20 clamps will be comparable to the 

M24 clamps in this work at larger slip levels. 

 

Reinforcement Configuration 

 

The comparison presented in Figure 4.51 does not demonstrate significant disparities 

between the load-slip curves of the two specimens with different reinforcement 

configurations (i.e., Test 3-M24-2C-RL-LC and Test 5-M24-2C-RH-LC), indicating that 

the elimination of the additional supplementary reinforcement does not induce a 

premature concrete failure mode and strength reduction. Moreover, the wide cracks do 

not affect the load-slip curve or the overall behavior of Specimen 7. Concrete cracking is 

thus not regarded as a key limit state in the pushout tests.  However, new limit states, 

which are different from those observed in the pushout tests, may occur in specimens 

with low strength concrete and/or a low amount of reinforcement. In addition, the 

initiation of cracking in concrete is related to the tensile strength of the concrete plank, 

and the width and propagation of these cracks may affect the reusability and refabrication 

of the planks. 
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Figure 4.51 Load-slip curve comparison between specimens with different rebar patterns 

 

Number of Channels 

 

The pushout test program focuses on two-channel specimens and three-channel 

specimens used with M24 clamps. In the composite beam tests presented in Chapter 5, 

the concrete specimens incorporate one-channel planks and three-channel planks 

designed with M20 clamps. Since no more than 3 channels can be embedded in a plank, 

the influences of the spacing between adjacent clamping connectors and channels on the 

initiation of cracking are demonstrated thoroughly in the pushout tests and composite 

beam tests. Typical cracks at the steel-concrete interface in the beam specimens are 

shown in Figure 4.52. The location and pattern of these cracks are similar to those seen in 

the pushout specimens. These cracks do not affect the shear strength per connector in the 

pushout specimens or the flexural strength of the beam specimens.  
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a) Two-channel specimen with M24 clamps 
b) Three-channel specimen with 

M20 clamps 
Figure 4.52 Cracks at the steel/concrete interface in beam specimens 

 

Monotonic vs. Cyclic Loading 

 

Similar to the strength reduction seen in steel headed stud anchors under cyclic loading 

(Pallarés et al 2009), the strengths of the cyclic specimens are lower than the strengths of 

the corresponding monotonic specimens, and the average peak strength reduction is 

approximately 20%, as indicated in Table 4.7.  For steel headed stud anchors, the cyclic 

strength reduction is attributed to low-cycle fatigue of the stud and weld materials as well 

as concrete degradation (Civjan et al. 2003), whereas the strength reduction of clamps is 

due to the abrasion between the steel flange and clamp teeth and between the steel flange 

and concrete slab, which reduces the frictional coefficients and releases the bolt 

pretension force.  

 

Furthermore, the monotonic pushout specimens generally exhibit very ductile behavior, 

with the exception of the specimen that uses M20 clamps. In contrast, the cyclic 

specimens all reach their peak strengths at relatively small slips, and strength degradation 

ensues. However, the load-slip behavior of the cyclically loaded pushout specimens is 

excellent within 1 in. slip which is conservatively assumed to be a typical slip range for 

clamps used in composite diaphragms. 

Crack from beam bending  

Crack caused by friction  
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Use of Shims 

 

Although little loss in the slip load and peak strength was seen, load oscillation caused by 

a stick-slip mechanism was observed in Tests 4-M24-2C-RH-LM-S and 6-M24-2C-RH-

LC-S in which shims were used.  The use of the selected shims may therefore be limited 

to applications where the slip is small, such as in composite beams that are part of the 

gravity system; further testing is recommended to explore different types of shims 

between the clamps and steel flange to eliminate load oscillation.  

 
 Behavior of bolts and channel lips  

 

In order to estimate the bolt tension variation, bolt axial strains were measured in the 

pushout tests. As shown in Figure E.15 in Appendix E, after pretensioning, the strain 

measurements from the two gages attached on the same bolt showed substantial 

differences, which could result from the bending of the bolt shank. Figure 4.53 illustrates 

different boundary conditions for the bolt. Depending on the thickness of the steel flange, 

the clamp may tilt forward or backward slightly during pretensioning, bending the bolt 

and causing different strain measurements from the two strain gages. However, the axial 

deformation, rather than the bending deformation, was dominant for the bolts after the 

required nut rotation was applied, because the axial strains measured by both gages were 

greater than the yield strain of the bolt material. During the tests, although the shear 

deformation of the bolt shanks could not be directly captured by the uniaxial strain gages, 

their influences on the bolt axial force were demonstrated by the measured bolt strains 

which gradually decreased. In the pretension tests, the bolt gages were placed at right 

angles to those used in the pushout tests. Since the boundary conditions were the same for 

the bolt in the pretension tests, the strain results from the two gages on the same bolt were 

very similar, as seen in Figure E.1.  
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Pushout test (Elevation view) Pretension test (Side view) 

Figure 4.53 Boundary conditions for bolts 
 

The model described in Appendix F is utilized to convert the strain readings to stress 

values. As discussed in Section 4.4.3, once the bolt material is yielded, the axial stress or 

force could be underestimated or overestimated by the current model that neglects the 

shear stress due to torsion and shear.   

 

Figure 4.54 illustrates the bolt tension-slip relationship. The slip in these plots uses the 

average measurement from the two string pots. The left graphs in the figure show the 

overall relationship throughout the tests, and those in the right side focus on the behavior 

of the bolts within 1 in. slip which is likely to be a typical demand range for steel headed 

stud anchors commonly used in traditional composite diaphragms. Because the readings 

from the string pots are not necessarily the same in the positive and negative directions, 

the bolt tension-slip curves in the right graphs are offset such that the plots are symmetric 

about the zero slip positions on the whole. Consequently, the initial slips of these curves 

may be non-zero. Calculated with the average axial strain measurements, the bolt tension 

variations throughout the tests are plotted in Appendix F. The loading and unloading 

behavior of the bolt material during the tests is also given.  

 

During the cyclic tests, the bolt tension appeared to gradually decrease along with 

increasing slip. The initial loss of pretension could be primarily attributed to the 

Centerline

Tilt forward Tilt backward 

Concrete plank  Concrete plank  

Steel beam  Steel beam  
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increasing shear force which will be discussed in Section 4.7. Since the Von Mises yield 

criterion is presumed when converting axial strain measurements to axial stresses, the 

axial stress may decline as the shear stress increases to not breach the yield criterion. 

After several cycles, the bolt tension might be released mainly because of the damage to 

the clamp teeth and beam flange. The damage removed materials, reducing the clamping 

force and shear resistance at the steel-concrete interface.  

 

In some of the later cycles, the bolt tension reached its maximum value at the maximum 

slip of the cycle, because it was at those slips that the clamps engaged with a portion of 

the steel beam flange that had not been rubbed in earlier cycles. Similarly, the minimum 

bolt tension occurred at the zero slip where the damage of the steel flange was the most. 

Because of the accumulating damage to the steel flange, the bolt tension reduced less in 

the first cycle than in the second cycle of the same slip level. These observations are 

consistent with the overall load-slip curves of the cyclic specimens. However, the tension 

of some bolts decreased at small slips and then increased at large slips, which may 

contradict the continuously declining strength of the cyclic pushout specimens. In the 

monotonic test, the bolt tension maintained, and then decreased as the slip increased.  

 

In Figure 4.54, the axial force of some bolts is negative at larger slips, which is 

unrealistic since these bolts were not likely to be under compression. This could be due to 

the shifting of the zero signals of the strain gages at very high strains, i.e., yielding of the 

strain gage material. The strains measured by the rosette strain gages attached on the 

channel lips are shown in Appendix E.  

 

It should be noted that the strengths of the pushout specimens are dependent upon the 

normal force and frictional coefficients at the slip surfaces. The former is generated due 

to the bolt tension which was tracked using strain gage measurements in several tests, 

while the latter could be difficult to quantify, particularly in the cyclic tests, since the 

frictional coefficients are related to the damage of the steel flange and clamp teeth which 

results from the relative movement between the components. Therefore, the bolt tension 

variation cannot fully reflect the strength variation of the specimens.  
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Test 3-M24-2C-RL-LC 
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Test 5-M24-2C-RH-LC 

-6 -5 -4 -3 -2 -1 0 1 2 3 4 5 6
Slip (in.)

0

10

20

30

40

50

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1 -0.75 -0.5 -0.25 0 0.25 0.5 0.75 1
Slip (in.)

0

10

20

30

40

50

60

Bo
lt 

te
ns

io
n 

(k
ip

s)
-6 -5 -4 -3 -2 -1 0 1 2 3 4 5 6

Slip (in.)

0

10

20

30

40

50

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1 -0.75 -0.5 -0.25 0 0.25 0.5 0.75 1
Slip (in.)

0

10

20

30

40

50

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-6 -5 -4 -3 -2 -1 0 1 2 3 4 5 6
Slip (in.)

0

10

20

30

40

50

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1 -0.75 -0.5 -0.25 0 0.25 0.5 0.75 1
Slip (in.)

0

10

20

30

40

50

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-6 -5 -4 -3 -2 -1 0 1 2 3 4 5 6
Slip (in.)

0

10

20

30

40

50

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1 -0.75 -0.5 -0.25 0 0.25 0.5 0.75 1
Slip (in.)

0

10

20

30

40

50

60

Bo
lt 

te
ns

io
n 

(k
ip

s)



149 
 

  
Bolt 1 

  
Bolt 2 

  
Bolt 3 

  
Bolt 4 

Test 6-M24-2C-RH-LC-S 

-4 -3 -2 -1 0 1 2 3 4
Slip (in.)

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1 -0.75 -0.5 -0.25 0 0.25 0.5 0.75 1
Slip (in.)

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)
-4 -3 -2 -1 0 1 2 3 4

Slip (in.)

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1 -0.75 -0.5 -0.25 0 0.25 0.5 0.75 1
Slip (in.)

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-4 -3 -2 -1 0 1 2 3 4
Slip (in.)

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1 -0.75 -0.5 -0.25 0 0.25 0.5 0.75 1
Slip (in.)

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-4 -3 -2 -1 0 1 2 3 4
Slip (in.)

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1 -0.75 -0.5 -0.25 0 0.25 0.5 0.75 1
Slip (in.)

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)



150 
 

  
Bolt 1 

  
Bolt 2 

  
Bolt 3 

  
Bolt 4 

-6 -5 -4 -3 -2 -1 0 1 2 3 4 5 6
Slip (in.)

-60

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1.2 -0.9 -0.6 -0.3 0 0.3 0.6 0.9 1.2
Slip (in.)

-60

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)
-6 -5 -4 -3 -2 -1 0 1 2 3 4 5 6

Slip (in.)

-60

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1.2 -0.9 -0.6 -0.3 0 0.3 0.6 0.9 1.2
Slip (in.)

-60

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-6 -5 -4 -3 -2 -1 0 1 2 3 4 5 6
Slip (in.)

-60

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1.2 -0.9 -0.6 -0.3 0 0.3 0.6 0.9 1.2
Slip (in.)

-60

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-6 -5 -4 -3 -2 -1 0 1 2 3 4 5 6
Slip (in.)

-60

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1.2 -0.9 -0.6 -0.3 0 0.3 0.6 0.9 1.2
Slip (in.)

-60

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)



151 
 

  
Bolt 5 

  
Bolt 6 

Test 8-M24-3C-RH-LC 

  
Bolt 1 Bolt 2 

  
Bolt 3 Bolt 4 

Test 9-M20-2C-RH-LM 

-6 -5 -4 -3 -2 -1 0 1 2 3 4 5 6
Slip (in.)

-60

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1.2 -0.9 -0.6 -0.3 0 0.3 0.6 0.9 1.2
Slip (in.)

-60

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)
-6 -5 -4 -3 -2 -1 0 1 2 3 4 5 6

Slip (in.)

-60

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

-1.2 -0.9 -0.6 -0.3 0 0.3 0.6 0.9 1.2
Slip (in.)

-60

-40

-20

0

20

40

60

Bo
lt 

te
ns

io
n 

(k
ip

s)

0 1 2 3 4 5 6 7 8 9 10 11
Slip (in.)

0
5

10
15
20
25
30
35
40
45

Bo
lt 

te
ns

io
n 

(k
ip

s)

0 1 2 3 4 5 6 7 8 9 10 11
Slip (in.)

0
5

10
15
20
25
30
35
40
45

Bo
lt 

te
ns

io
n 

(k
ip

s)

0 1 2 3 4 5 6 7 8 9 10 11
Slip (in.)

0
5

10
15
20
25
30
35
40
45

Bo
lt 

te
ns

io
n 

(k
ip

s)

0 1 2 3 4 5 6 7 8 9 10 11
Slip (in.)

0
5

10
15
20
25
30
35
40
45

Bo
lt 

te
ns

io
n 

(k
ip

s)



152 
 

  
Bolt 1 

  
Bolt 2 
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Test 10-M20-2C-RH-LC 
Figure 4.54 Bolt tension versus slip curves for pushout specimens  
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The pretension loss of bolts under shear force was also demonstrated in regular slip-

critical bolted joints. Frank and Yura (1981) tested symmetric butt splice specimens and 

demonstrated that the initial bolt clamping force only affected the initial stiffness of the 

load-displacement curves, as illustrated in Figure 4.55. The difference between the two 

curves gradually diminished because the initial bolt pretension in the torqued bolts 

released as the bolts deformed inelastically in shear. Ultimately, the axial deformation of 

the pretensioned bolts, as well as the frictional resistance of the connection, completely 

dissipated. The slip-critical joint eventually behaved like the bearing-type connection.   

 

 
Figure 4.55 Effect of clamping force on the load-displacement curve [after (Frank et al. 1981)] 

 

 Force distribution in the system 

 

The load-slip curves show ductile behavior of the clamping connectors. Hence, it is 

predicted that the applied shear is distributed among the connectors. This prediction is 

validated with the strain gages on the WT sections. Strain measurements at different 

sections of the beams are shown in Appendix E. It is seen that all the strains are smaller 

than the yield strain of the steel beams, indicating that the instrumented locations were 

elastic during testing.   
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Figure 4.56 compares the axial forces calculated with the strain gage readings to the 

theoretical values, provided that the shear force is evenly distributed among the clamps. 

The left graphs in the figure show the overall comparison throughout the tests, and those 

in the right side focus on the comparison within 1 in. slip which is likely to be a typical 

demand range for steel headed stud anchors commonly used in traditional composite 

diaphragms. It should be pointed out that the calculated axial forces were not negligible 

at the instrumented sections after pretensioning the bolts, which is contrary to the belief 

that these forces were trivial before shear was applied. Hence, the axial forces are offset 

such that the axial force-slip plots start from the origin. Common features are 

distinguished from the plots. As the beam moved west, the axial force at the west section 

did not vary much, coinciding with the fact that the west end is free. With the beam 

loaded east, the axial force at the east section matched the applied actuator forces. When 

the strain gages approached the clamps, compressive strains were measured at numerous 

spots on the selected sections, and compressive axial forces were thus obtained.  
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Middle section 

  
East section 

b) Test 5-M24-2C-RH-LC 
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Middle east section 

  
East section 

c) Test 8-M24-3C-RH-LC 
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East section 

d) Test 10-M20-2C-RH-LC 
Note: Positive values represent compressive forces; negative values represent tensile forces. 

Figure 4.56 Section axial force-slip curves for pushout test specimens 

 

 Response of channel anchors and reinforcement  

 

Channel Anchors 

 

In the pushout tests, none of the limit states listed in Table 4.2 was observed, except for 

local deformation of channel lips.  

 

Rosette strain gages were attached to the channel anchors to estimate the tensile force and 

in-plane shear force the anchors were subjected to. The out-of-plane forces acting on the 

anchors were assumed to be negligible, and thus the anchors were assumed to be in a 

two-dimensional plane stress state. Using the procedures prescribed in Appendix F.1.3, 

the tensile stress and shear stress were recovered from the strain gage data and are 

illustrated in Figure 4.57. In addition, the Von Mises stress is calculated to ascertain 

whether the anchor behaved elastically because the process described in Appendix F.1.3 

is no longer applicable when the material yields. The forces the anchors were subjected to 

are then calculated by multiplying the stresses with the cross-sectional area of the 

anchors, which equals to 0.372	in.1.  

 

In the beam tests, as shown in Figure F.41, the tensile stresses in the anchors are 

relatively consistent, whereas the tensile stresses in the anchors instrumented in the 

pushout tests range from 75 ksi (tension) to -20 ksi (compression). This could be 

attributed to the out-of-plane deformation of the channel anchors, which invalidates the 
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plane stress assumption. Since only one strain gage was attached on one side of a channel 

anchor, the measured axial strain included the normal strain induced by tension in the 

anchor and in-plane and out-of-plane bending of the anchor. Since the strain gage was 

placed at the centerline of the anchor, the strain caused by in-plane bending could be 

small. However, the out-of-plane deformation, if any, cannot be eliminated from the total 

strain measurements. Therefore, the anchor tensile forces cannot be obtained from the 

axial stresses calculated in Figure 4.57.  

 

The shear stresses illustrated in Figure 4.57 were calculated based on the assumption that 

the shear strain is constant along the thickness of the channel anchor. It is shown that the 

shear stresses in the anchors were generated during bolt pretension. In contrast, in the 

beam tests, the shear stresses in the anchors were negligible throughout the whole test, as 

depicted in Figure 5.74 in Chapter 5. The difference between the shear stress variations in 

the two experiments could result from the out-of-plane force that appeared to be 

nontrivial in the pushout tests. The fluctuation of the shear stress could be attributed to 

the varying cyclic shear force applied to the beam.  

 

To eliminate the influences of the out-of-plane deformation of the channel anchors, two 

strain gages, which are attached on both sides of the channel anchors, could be 

recommended in future investigation.  

  

Reinforcement 

 

Uniaxial strain gages were attached on the reinforcement to ascertain whether the 

reinforcement functioned to control the crack propagation in the specimens.  

 

As shown in Figure E.23 in Appendix E, the maximum measured axial strain in the 

reinforcement is approximately 600 microstrains. The tensile stresses in the 

reinforcement are calculated to be no more than 18 ksi.  
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Anchors 1 and 3 Anchors 2 and 4 

Test 3-M24-2C-RL-LC 

  
Anchors 1 and 3 Anchors 2 and 4 

Test 5-M24-2C-RH-LC 

  
Anchors 1, 3 and 5 Anchors 2, 4 and 6 

Test 8-M24-3C-RH-LC 
Note:'' describes the normal stress along the axial direction of the anchor; '( indicates the normal stress 
perpendicular to the axial direction of the anchor; ((' represents the shear stress acting on the anchor. 

Figure 4.57 Channel anchor stresses in pushout specimens 
 

Assuming the reinforcement and concrete plank were bonded throughout the tests, the 

concrete strains at the strain gage locations were the same as the reinforcement strains. 

Since the tensile cracking strain of concrete is normally around 100 microstrains, the 

strain measurements indicate that internal concrete cracks may exist. This cracking was 

primarily generated during bolt pretensioning. During the pushout tests, the 
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reinforcement strains fluctuated. Similar to those cracks generated on the concrete plank 

surface, these potential internal cracks did not appear to affect the behavior of the 

specimens.   

 

 Finite element analysis  
 

Finite element models were developed for the pushout specimens in ABAQUS/CAE 

(ABAQUS 2011) and analyzed using a central difference algorithm within 

ABAQUS/Explicit, which is effective for simulations containing material failure and 

contact. This procedure can be used for quasi-static problems if the loads are applied 

sufficiently slowly.   

 

 Finite element model and mesh  

 

Cast-in channels and T-bolts were meshed with both eight-node reduced integration brick 

elements (C3D8R) and six-node linear triangular prism elements (C3D6). Steel beams 

and concrete planks were meshed with C3D8R only. Reinforcement was modelled using 

two-node three-dimensional truss elements (T3D2). All these components are deformable, 

except for the clamps that are regarded as rigid parts, as minimal deformation is expected 

and the computational time can be greatly reduced.  

 

As a result of shear locking, the displacement is usually underpredicted in an analysis 

where the load mainly produces bending in the model, and fully integration linear solid 

elements are used for the mesh. Shear locking can be eliminated by using reduced 

integration elements which have fewer integration points than the full integration 

elements and are computationally more efficient. The reduced integration elements lose 

the resistance to certain types of deformation, and therefore ABAQUS automatically adds 

a small amount of artificial “hourglass stiffness” to avoid the propagation of the spurious 

modes. In this analysis, enhanced hourglass stiffness was used to avoid excessive element 

distortion. 
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 Boundary conditions, load applications and contact 

 

The boundary conditions for the models are shown in Figure 4.58. A symmetric boundary 

condition was defined such that nodes on these surfaces are prevented from translating in 

the Z direction and rotating in the X and Y directions. 

 

The loading process was divided into two steps. Pretension was first applied by assigning 

a thermal expansion coefficient and temperature change to the bolt shanks, creating 

thermal shrinkage and generating tensile forces in the bolt shanks because of the 

constraints at the bolt ends. The steel beam flange was then loaded in the X direction 

using displacement control. In order to obtain a quasi-static solution, it is essential to 

apply the loading slowly and smoothly to minimize dynamic effects.  

 

Tie constraints were defined for surface pairs where the surfaces are attached using slip-

critical connections, making all the active DOFs equal for the surface pair.  The 

interaction between the concrete plank and the reinforcement was simulated using an 

embedded constraint. The translational DOFs of the embedded reinforcement were 

constrained to those of the corresponding points in the plank. The contact behavior 

between surfaces was defined in both the normal direction and the tangential direction. 

“Hard contact”, the default normal behavior in ABAQUS, puts no limit on the magnitude 

of the contact pressure when the contact restraint is activated once the surface clearance 

is zero. The contact restraint is removed when the surfaces separate, and the contact 

pressure becomes zero or negative. A penalty formulation was used to characterize the 

behavior along the interface. In this formulation, no limit is placed on the shear stress, 

and an elastic slip is used that generates a small amount of relative movement between 

the surfaces when they are still sticking. The frictional coefficient was taken as 0.35 for 

all the surfaces, except for the contact between the steel beam and the steel guides where 

the frictional coefficient was 0.1. General contact, rather than the contact pair algorithm, 

was selected to automatically select potential contact surfaces. 

 



163 
 

 

Figure 4.58 Test setup assembly and boundary conditions 
 

 Material model for concrete 

 

A concrete damaged plasticity model was used to model the concrete planks. The 

concrete model assumes a nonassociated flow rule, and the plastic potential function and 

yield function are different. The Drucker-Prager hyperbolic function is used to define the 

direction of the plastic flow, while the yield function is based on the model proposed by 

Lublinear et al. (1989) and modified by Lee and Fenves (1998). The compressive stress-

strain curve proposed by Popovics (1973) was employed for this analysis, as shown in 

Equation (4.22). The elastic modulus was calculated using Equation (4.23). The 

Poission’s ratio was taken as 0.15. 

 
4' = 4'(

;'
;'(

<

< − 1 + (	;';'(
	)#

 
(4.22) 

 >' = 57,000@4'( (4.23) 

Where 

4' 	= concrete compressive stress  

4'(	= concrete peak compressive stress  

Fixed ends 

Loaded flange 
Symmetric boundaries 
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;' = concrete compressive strain 

;'(  = concrete compressive strain at peak stress 

< = normalized modulus of elasticity = 0.4 × 10)24'( + 1 

 

The default parameters specified in ABAQUS for the concrete damaged plasticity model 

were used to characterize the plastic behavior under general stress and stress states. The 

parameters include: dilation angle = 38°, signifying the volumetric change of concrete 

under inelastic stress states, eccentricity = 0.1, implying the dilation angle does not vary 

much as the confining stresses change.	-' , the ratio of the second invariant of the stress 

deviator on the tensile meridian to that on the compressive meridian at initial yield at a 

given first invariant of stress such that the maximum principal stress is negative, is equal 

to 0.67. The ratio of biaxial compressive yield stress to uniaxial compressive yield stress 

	D34 D'4⁄   is taken as 1.16. 

 

Mesh dependency, meaning that mesh refinement does not lead to a converged solution 

for the problem, exists for concrete with no or little reinforcement. As the mesh size 

becomes smaller, the structure can withstand more loading. Concrete also exhibits size 

effect, in the sense that the cracking stress depends on the specimen size (Bazant 1984). 

To eliminate mesh dependency in the analysis, a postfailure stress-strain relationship was 

defined which assumes the ultimate strain at nearly zero stress to be 10 times the cracking 

strain. 

 

Concrete damage variables characterize stiffness degradation when the specimen is 

unloaded from any point on the softening branch. The damage variables range from zero 

for an undamaged model to one, exhibiting complete loss of strength and stiffness. 

Concrete compressive damage F' and tensile damage F5 are derived using the following 

expressions:  

 F' = 1 − D'/4' (4.24) 

 F5 = 1 − D5/45 (4.25) 
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The damage evolution of concrete under compression and tension is shown in Figure 4.59. 

Considering the degraded unloading stiffness due to damage, the concrete compressive 

and tensile loading/unloading responses are plotted in Figure 4.60. When defining 

material properties, the compressive strength of the concrete planks used the cylinder 

strength tested on the test day. No concrete cylinders were tested for the splitting tensile 

strength of the concrete planks on the test day; therefore, the tensile strength of the 

concrete planks was taken as 1/10 of their compressive strength (Arιoglu et al. 2006).  

 

  
a) Compression b) Tension 
Figure 4.59 Concrete compressive and tensile damage variable 

 

  
a) Compression b) Tension 

Figure 4.60 Loading and unloading behavior of concrete in compression and tension 

 

 Material models for steel beams, reinforcement, channels and bolts  

 

The steel beam, reinforcement, channels and bolts were simulated using a metal model 

which uses a Von Mises yield function and an associated flow rule.  
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Except for localized regions that may yield under the clamping force, the steel section 

remained elastic during the tests. An elastic-perfectly-plastic material model was defined 

for the steel beam and reinforcement. The yield stress was taken as 51.2 ksi, 50.6 ksi, and 

63.3 ksi for the WT5x30 section, WT4x15.5 section, and reinforcement, respectively. 

The elastic modulus was taken as 30600 ksi, 30100 ksi, and 27500 ksi for the WT5x30 

section, WT4x15.5 section, and reinforcement, respectively. The mechanical behavior 

was assumed to be the same in both tension and compression. A bilinear relationship was 

assumed for the channels, as shown in Table 4.10. The elastic modulus was 28000 ksi. 

The bolt stress-strain curve used for the FE analysis is given in Figure F.7.   

 

Table 4.10 Channel true stress and true plastic strain 

True stress (ksi) True plastic strain 
65.3 0.000 
71.8 0.029 

 

 Finite element analysis results 

 

In Figure 4.61, the monotonic load-slip curves of Tests 2-M24-2C-RH-LM and 9-M20-

2C-RH-LM are compared to those obtained from the finite element analysis.  As shown 

in the plot, the peak strength of the finite element model of Specimen 2-M24-2C-RH-LM 

is very close to that of the test specimen, while the finite element model slightly 

overestimates the peak strength of Specimen 9-M20-2C-RH-LM, which could indicate 

that the actual frictional coefficient between the components was a little smaller than 0.35 

in this specimen. In addition, the monotonic shear strength of the M20 clamps was 

obtained from Specimen 9-M20-2C-RH-LM only, and the variability of the result is 

unknown. In contrast, even though the parameters were varied, the monotonic behavior 

of the M24 clamps was studied in Specimens 2-M24-2C-RH-LM, 4-M24-2C-RH-LM-S 

and 7-M24-3C-RH-LM, which exhibited consistent slip strength and peak strength.  
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Figure 4.61 Load-slip curve comparison 

 

It is noted that the slip at which the peak strength occurs is different between the 

computational and experimental load-slip curves. In the specimens, if the frictional 

resistance between two sticking contact surfaces is not overcome, the actual slip is 

negligible. However, the friction simulation in general contact in ABAQUS automatically 

chooses a penalty stiffness to ensure that an elastic slip, which is a very small fraction of 

the characteristic element length, is present when the contact surfaces are still sticking. 

That is why the peak strengths of the computational load-slip curves do not occur at 

approximately zero slip. The experimental load-slip curve is discussed in Section 4.7. 

 

In the finite element models, due to the frictional force between the clamp teeth and steel 

flange, both clamps rotate along with the moving steel beam. After reaching the 

maximum rotation, the clamps maintain their positions while the beam continues moving. 

However, as observed in the experiments, some clamps remained nearly still throughout 

the whole test, and some rotated until they fully detached from the steel beam. These 

differences may explain why the computational load-slip curves show little strength 

degradation, while the post-peak strength reduction appears to be greater in the tested 

load-slip curves, especially for Specimen 9-M20-2C-RH-LM. 
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M24 clamps and µ = 0.35 

Figure 4.62 Rotation of clamps in finite element model (plan view) 
 

Using the finite element model of Specimen 2-M24-2C-RH-LM, a parametric study was 

performed by varying the frictional coefficients from 0.25 to 0.45. Although a higher 

frictional coefficient is desirable to achieve higher shear strength, the maximum 

equivalent plastic strain (PEEQ) in the bolts is also larger. When the frictional coefficient 

is 0.45, the maximum PEEQ of the bolts is approximately 0.097, as illustrated in Figure 

4.63.  

 

   
Bolt mesh size = 6 mm Bolt mesh size = 3 mm Bolt mesh size = 1.5 mm 

Figure 4.63 Maximum equivalent plastic strain in bolt 
 

As discussed in Section 4.3, the bolt coupons fractured outside of the 1 in. gage length; 

therefore, a complete stress-strain curve of the bolts utilized in the pushout tests cannot 

be obtained from material testing. Two complete stress-strain curves of the bolts utilized 

in the beam tests are provided for reference. It could be deduced from Figure 4.64 that 

necking may initiate when PEEQ is 0.07, which could be undesirable since bolt fracture 

Steel beam 

Concrete plank 
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is imminent. Future testing is required to demonstrate whether the bolts would neck or 

fracture when the frictional coefficient is equal to or greater than 0.45.   

 

 
Figure 4.64 Stress-strain curves of bolt material in beam tests 

 

From the finite element analysis results, the relationship between the bolt tension and slip 

is provided in Figure 4.65. As illustrated in Figure 4.65a, after pretensioning, the axial 

tension of the M24 and M20 bolts reaches approximately 55 kips and 40 kips, 

respectively, which are close to the measured bolt tension given in the pretension tests 

(see Section 4.4.3). As the slip increases, the bolt tension first decreases and then levels 

off. The bolt tension reduction is shown to be related to the magnitude of the frictional 

coefficient. Since the bolts are yielded after pretensioning, a higher frictional coefficient 

leads to larger shear force acting on the bolts as well as greater bolt tension reduction. 

The tension of the bolts is normalized in Figure 4.65b relative to their initial values. The 

finite element analysis results also indicate that the slip corresponding to the peak load 

ranges from 0.148 in. to 0.214 in. At this slip level, the bolt tension reduction is shown to 

be similar among all the models, and the percentage of reduction varies from 20% to 25%.  
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a) Bolt tension vs slip 

  
b) Normalized bolt tension vs slip 

Figure 4.65 Bolt tension-slip relationship 
 

When a bolt is pretensioned, the bolt force is distributed between the clamp teeth and 

clamp tail. Only the force transferred to the clamp teeth contributes to the shear resistance 

of the system. Figure 4.66 shows the ratio of the force at the clamp teeth to the total bolt 

tension, which varies from 0.68 to 0.74.  

 
Figure 4.66 Normal force at clamp teeth to bolt tension ratio 
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 Design recommendations 
 

Since the shear strength of a clamp relies on friction, it is critical to quantify the normal 

forces and the frictional coefficients at the two slip planes, with one slip plane between 

the clamp teeth and steel flange and the other one between the steel flange and concrete 

plank. When the rotation of the clamps is insignificant, free body diagrams for a steel 

beam segment and two clamps in a pushout specimen are illustrated in Figure 4.67. 

During the tests, it was observed that the clamps started to rotate as the slip increased, 

indicating the rotational resistance at the clamp tail (G*) and teeth (G1) was insufficient 

to restrain the movement of the clamps. After the tests, it was also found that the bolt 

shanks were bent due to the shear force (4) transferred from the clamps. Although it is 

very difficult to determine the magnitude of the forces illustrated in Figure 4.67, an 

analysis is sufficient so long as the bolt tension variation can be estimated.   

 

In the pushout tests, before slip occurs, the resistance of the clamps primarily relies on 

static friction. After slip occurs, the strength increase mainly stems from the bearing 

effect at the clamp teeth. As shown in Figure 4.68, impressions on the steel flanges in the 

pretension tests results from the normal force applied by the clamp teeth. Therefore, the 

clamp teeth have to overcome the resistance from the surrounding steel flange material to 

slip. The bearing effect is also evidenced by the scraped steel flange seen in the pushout 

tests, as shown Figure 4.69. For the finite element model, the bearing effect is simplified 

and simulated with a frictional coefficient of 0.35 which is validated by the similar peak 

strengths of the computational and tested load-slip curves. The single frictional 

coefficient explains why the load-slip curve obtained from finite element analysis only 

contains two segments, with the first and second segments demonstrating the behavior of 

the clamps before and after slip, respectively. The first segment of the curve is not as stiff 

as that seen in the tested load-slip curves due to the elastic slip stiffness automatically 

assigned by ABAQUS.   
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.) and .* :  forces at the ends of the steel beam segment 

/ : shear force acting the bolt  

/) : friction between the clamp teeth and steel beam flange 

/* : friction between the clamp tail and concrete plank 

/+ : friction between the steel beam flange and conrete plank 

0) : rotational resistance at the clamp teeth  

0* : rotational resistance at the clamp tail 

Figure 4.67 Free body diagram of steel beam and clamp 
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Figure 4.68 Impressions on steel flange in 
pretension test for M24 bolts 

Figure 4.69 Damage of steel flange in  
Test 5-M24-2C-RH-LC at 1.28 in. slip 

  

According to the finite element analysis results, the ratio of the normal force distributed 

to the clamp teeth to the bolt tension is plotted in Figure 4.66. It is seen that this ratio 

oscillates around 0.7 throughout the analysis. In the pushout tests, since the bolts are 

yielded after pretensioning, the bolt shear shown in Figure 4.67 releases the initial axial 

deformation, and the bolt tension gradually decreases until the bolt shear stabilizes. The 

bolt tension versus slip relationship is given in Figure 4.65. The reduction of bolt tension 

at 0.02 in. slip is insignificant, but the reduction at peak load is about 1/4, which is 

appreciable. It is seen that the detrimental effect of bolt tension reduction is offset by the 

beneficial effect of overcoming the bearing of the clamp teeth against the steel flange. 

Hence, these two coefficients are essential for the proposed design equations: a 

coefficient of 0.7 to describe the normal force at the clamp teeth and a coefficient of 0.75 

(or 3/4) to account for the actual bolt tension when the peak strength of the clamps is 

reached.      

 

Slip tests are not conducted in accordance with Appendix A of the RCSC Specification 

(2014), but the mean slip coefficient, given in Table 4.11, is still determined as the ratio 

of the slip load, which corresponds to a slip of 0.02 in., to the effective normal force at 

the clamp teeth, which is 70% of the bolt tension. Based on the measured bolt tension in 

the pretension tests shown in Section 4.4.3, the actual bolt force is assumed to be 1.3 

times the minimum bolt pretension in Table J3.1M in AISC 360-16 (2016). The slip 

coefficient between the unroughened galvanized clamp teeth and as-received mill scale 

Scraped steel flange 

Impressions 
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steel flange surface could vary between 0.2 and 0.3, which are the mean slip coefficients 

for unroughened galvanized surfaces and clean mill scale surfaces, respectively (Grondin 

et al. 2007). Meanwhile, it is shown in BS 5975:2008 that the frictional coefficient 

between the cast surface of hardened concrete and plain unrusted steel could be as low as 

0.1. Hence, the mean slip coefficients calculated in Table 4.11 are reasonable.   

 

Table 4.11 Mean Slip Coefficient in pushout specimens 

Specimen Slip load (kips) Bolt tension (kips) Mean slip coefficient  

2-M24-2C-RH-LM 60.8 239.6 0.181 
4-M24-2C-RH-LM-S 56.5 239.6 0.168 
7-M24-3C-RH-LM 87.0 239.6 0.173 
9-M20-2C-RH-LM 36.5 166.0 0.157 

 
Mean 0.170 

C.O.V. 0.051 
 

Equations (4.26) and (4.27), which are similar to the design equation for a slip-critical 

bolted connection provided in AISC 360-16 (2016), are thus proposed to predict the slip 

strength %$ and peak strength %6 of a clamp under monotonic loading.   

 %$ = H7!$F!I3<$ (4.26) 

 %6 = H7H8!6F!I3<$ (4.27) 

Where  

H7  and H8 	= coefficients accounting for the portion of bolt tension transferred to the 

clamp teeth and the bolt tension reduction at peak strength, which are 0.70 and 0.75, 

respectively 

!$ = mean slip coefficient, which is 0.17 in the pushout tests series 

!6 = idealized frictional coefficient at peak strength, which is 0.35 in the pushout test 

series 

F! =1.13, a multiplier representing the ratio of the mean installed bolt pretension to the 

specified minimum bolt tension 

I3 = minimum fastener tension given in Table J3.1M in AISC 360-16 

<$ = number of slip planes, which is 2  
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Although the turn-of-nut method is investigated in this research, the calibrated wrench 

method is also acceptable for pretensioning the T-bolts. As the method of pretensioning is 

unknown, F!  is conservatively taken as 1.13, which is established for regular bolted 

connections pretensioned using the calibrated wrench method (Kulak et al. 1987).  

 

Table 4.12 shows the tested strength to predicted strength ratios for both M24 and M20 

clamps. The proposed design equations provide conservative predictions of the slip 

strength and peak strength of a M24 clamp. The difference comes from F!  which is 

approximately 1.3 for the bolts in the pushout specimens. For the M20 clamps, the 

predicted strengths are close to the tested strengths. 

 

Table 4.12 Tested strength to predicted strength ratio 

Specimen 
Tested strength (kips) Predicted strength (kips) Ratio 
!# !! !# !! Slip Peak 

2-M24-2C-RH-LM 60.8 88.5 49.6 76.6 1.23 1.16 
4-M24-2C-RH-LM-S 56.5 87.9 49.6 76.6 1.14 1.15 
7-M24-3C-RH-LM 87.0 130.1 74.4 114.9 1.17 1.13 
9-M20-2C-RH-LM 36.5 55.3 34.3 53.0 1.06 1.04 

    Mean 1.15 1.12 
    SD 0.0612 0.0474 
    COV 0.0533 0.0424 

 

A reduction factor could be used with Equation (4.26) to account for the lower shear 

strength of clamps under cyclic loading. For the five cyclic pushout specimens, the 

average peak strength reduction is 21%, as shown in Table 4.13. Hence, it is suggested to 

use 80% of the predicted monotonic shear strength of clamps as their cyclic shear 

strength.  

 

Table 4.13 Peak strength reduction in cyclic pushout specimens 

Specimen 
 Cyclic tests  

 (kips) Monotonic tests  
 (kips) 

Ratio 

Positive  Negative Positive  Negative 
3-M24-2C-RL-LC 72.2 63.3 88.5 0.82 0.72 
5-M24-2C-RH-LC 70.6 64.4 88.5 0.80 0.73 

6-M24-2C-RH-LC-S 65.5 71.8 87.9 0.75 0.82 
8-M24-3C-RH-LC 104.0 97.0 130.1 0.80 0.75 
10-M20-2C-RH-LC 44.9 52.5 55.3 0.81 0.95 

   Average 0.79 0.79 
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The clamp manufacturer conducted tests and proposed design strength values for the 

clamps, but their recommended design shear strengths cannot be used as references for 

the clamps used in composite beams. Although the details regarding the manufacturer’s 

tests are not entirely clear, the known differences between the manufacturer’s tests and 

the pushout tests are given below. 

 

• Materials and surface conditions: Conventional applications of clamps normally 

focus on connections between steel sections. An example is given in Figure 4.70.  

Two slip planes exist which include the surface between the clamp teeth and the 

steel section and the surface between the steel section and the location plate. The 

steel section can be painted or galvanized, while the clamps and the location plate 

are in hot dip galvanized finishes (Lindapter 2011). However, no experiments 

have been conducted by the manufacturer to measure the actual frictional 

coefficients at these slip surfaces. In the pushout tests, there are also two slip 

planes, which are the surface between the clamp teeth and the steel section and 

the surface between the steel section and the cast surface of the concrete plank. 

The steel sections in the pushout tests have as-received mill scale surface 

conditions. At these slip surfaces, neither the frictional coefficients nor their 

variations are thoroughly investigated in the pushout tests.   

  

• Bolt pretension: In the pushout tests, the turn-of-nut method is employed to 

generate adequate and reliable pretension in the bolts. The bolts are expected to 

yield after pretensioning. The manufacturer, on the other hand, recommends 

minimum torque values for tightening the bolts. Since the bolts are tightened with 

a calibrated wrench in the manufacturer’s tests, the lubrication condition affects 

the bolt tension. However, the lubrication for the bolts and nuts is vaguely 

mentioned in the manufacturer’s tests. Therefore, the pretension in the bolts could 

vary considerably after the minimum required torque is applied.  

 

• Strength definition: The manufacturer defined the design shear strength of clamps 

as the load at a slip of 0.004 in. with a safety factor of 2 (Lindapter 2011). 
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However, this slip is too small for clamps used in composite beams (the service 

slip is 0.04 in. based on the beam test results presented in Chapter 5). Therefore, 

in this research, the nominal shear strength of clamps is defined as the peak 

strength predicted with Equation (4.27) or the peak strength obtained from 

pushout tests.  

 

 
Figure 4.70 Typical clamping connections [after (Lindapter 2011)] 

 

In the manufacturer’s tests, the M24 and M20 bolts are pretensioned with a torque of 800 

N-m and 470 N-m, respectively (Lindapter 2011). Equations (4.28) and (4.29) could be 

used to estimate the bolt tension after the torque is applied. In these equations, the 

frictional coefficient is a key parameter, but the exact value is unknown.  

 

M24 bolt tension: 

 I = 12J/(-F) = 12 × 590/(0.2 × 0.945) × 4.448/1000 = 167	kN (4.28) 

M20 bolt tension:  

Location plate Steel section 
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 I = 12J/(-F) = 12 × 347/(0.2 × 0.787) × 4.448/1000 = 118	kN (4.29) 

Where  

J = torque applied to a bolt (ft-lbs) 

- = frictional coefficient; 0.2 is used for plain steel threads 

F = diameter of a bolt (in.) 

 

Provided in the manufacturer’s catalog (Lindapter 2011), the design tensile strengths of 

the M24 and M20 clamping connections using Group A bolts are 40.0 kN and 26.3 kN 

per bolt, respectively. The nominal tensile strengths of the clamping connections could be 

calculated by multiplying the design tensile strengths with the factor of safety of 5. 

Therefore, the nominal tensile strengths are 200.0 kN and 131.5 kN for the M24 and M20 

clamping connections using Group A bolts, respectively. However, it is unclear whether 

the nominal tensile strengths represent the average tensile strengths of the connections. . 

The nominal tensile strengths are larger than the calculated tension in Equations (4.28) 

and (4.29), but smaller than 205 kN and 142 kN, the minimum bolt pretension for Group 

A M24 and M20 bolts given in Table J3.1M in AISC 360-16, respectively. Therefore, the 

bolts are probably elastic after the recommended torque is applied.  

 

In the manufacturer’s tests, when the slip is 0.004 in., the bolt tension may not reduce if 

the bolt is elastic after applying the recommended torque or may reduce slightly if the 

bolt is inelastic after pretensioning. The slip coefficients between different contact 

surfaces are given in Table 4.14. 0.35, 0.3 and 0.2 are the slip coefficients for roughened 

hot-dip galvanized surfaces, shot blast and painted surfaces, and unroughened hot-dip 

galvanized surfaces, respectively (Grondin et al. 2007; RCSC 2014). Since the clamps are 

hot galvanized, but not roughened, the slip coefficient between the steel beam and the 

clamp teeth is averaged. The values listed in the last column of the table are the mean slip 

coefficients of the two slip planes.  
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Table 4.14 Slip coefficients between different contact surfaces  

Coating Steel beam/location plate Steel beam/clamp teeth Mean 

Painted 0.3 (0.2+0.3)/2 0.275 
Galvanized 0.35 (0.2+0.35)/2 0.31 

 

The shear strengths of the clamps are predicted using Equation (4.26). The calculation in 

Equation (4.30) assumes galvanized surfaces and M24 clamps. The other shear strengths 

are determined accordingly, and all the results are summarized in Table 4.15. 

 %$ = H7!I<$ = 0.7	 × 0.31 × 167 × 2 = 72.5	kN (4.30) 

Where  

H7 = coefficient accounting for the portion of bolt tension transferred to the clamp teeth, 

which is 0.70  

! = mean slip coefficient, which is 0.31 

I = estimated bolt tension  

<$ = number of slip planes, which is 2  

 

Table 4.15 Clamp shear strength comparison  

Diameter 
Nominal strength (kips) 

Predicted/Reported 
Reported Predicted 

Painted Galvanized Painted Galvanized Painted Galvanized 
M20 2.92 3.60 10.2 11.5 3.49 3.19 
M24 5.40 6.77 14.5 16.3 2.69 2.41 

 

 Conclusions 
 

Two series of experiments were conducted in the pushout test program. The number of 

turns of the nut was first determined in the pretension tests to ensure that adequate and 

reliable axial force would be generated in the bolts. In these tests, three M24 and M20 

bolts were tested under torqued tension until fracture to develop the relationship between 

the number of turns of the nut and the bolt axial force. Pushout tests were then performed 

to study the strength and ductility of the clamping connectors and explore the influences 

of the testing parameters. In these tests, the pushout specimens consisted of 4 ft. × 2 ft.	×  

6 in. precast concrete planks attached to WT5x30 or WT4x15.5 sections using the 
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clamping connectors. The steel beams were pulled or pushed by the actuators, while the 

concrete planks were restrained from translation. The specimens were tested under 

monotonic loading or cyclic loading until the slip was excessive. All the monotonic 

specimens exhibit ductile behavior, with the exception of the specimen that uses M20 

clamps. Despite the strength degradation at large slips, the behavior of the cyclic 

specimens is excellent within 1 in. slip which is conservatively assumed to be a typical 

demand range for clamps used in deconstructable composite diaphragms. Finite element 

models were developed to study the inherent indeterminacy of the system, such as the 

bolt tension variation and bolt tension transfer. Combining experimental results and finite 

element analysis results, design equations were proposed to predict the slip strength and 

peak strength of clamps under shear force.   

 

Based on the experimental and analysis results presented in this chapter, the following 

conclusions can be reached: 

 

(1) Except for the bolt that fractured at the bolt heads, all the bolts in the pretension 

tests ultimately fractured due to combined torsional and tensile deformation. Two 

turns and 1.5 turns after a snug-tight condition are selected for pretensioning the 

M24 and M20 bolts, respectively. It is also noted that in the M24 bolt tests, 

moderate plastic deformation occurred in the channel lips, while the inelastic 

deformation of the channel lips was minor when the M20 bolts were pretensioned. 

Channels with higher yielding strength could be studied to minimize the inelastic 

deformation of lips and withstand bolts with higher pretension force.  

 

(2) The load-slip curve of Test 2-M24-2C-RH-LM, which is a baseline specimen, 

indicates that the behavior of the M24 clamps is ductile under monotonic loading. 

Compared to shear studs which normally fracture at a much smaller slip, the M24 

clamping connectors can retain almost 80% of the peak strength even at 5 in. slip.  

 

(3) Shims were used for specimens using M24 clamps and thin flange sections, and 

undesirable load oscillation was observed due to a stick-slip mechanism, although 
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the peak strength was not affected. Usage of the selected shims between the clamp 

and the flange may be limited to applications where the slip of the clamps is 

small, such as in composite beams that are part of gravity systems. Different types 

of shims, such as brass shims, could be further investigated to eliminate load 

oscillation. 

 

(4) Compared to the monotonic specimens, the peak strengths of the cyclic specimens 

are approximately 20% lower, which is comparable to the strength decrease seen 

in steel headed stud anchors when subjected to cyclic loading. After undergoing a 

couple of cycles, the strengths of the cyclic specimens begin to degrade, which 

could be attributed to the reduction of the bolt pretension and the lowering of 

frictional coefficient as a result of the abrasion between the clamp teeth and steel 

flange and between the concrete plank and steel beam. However, the load-slip 

behavior of the cyclically loaded pushout specimens is excellent within 1 in. slip 

which is conservatively assumed to be a typical slip range for clamps used in 

composite diaphragms. The hysteresis load-slip loops show excellent energy 

dissipating capacity of the clamping connectors, and thus they may perform well 

if used as connectors between composite diaphragms and steel collectors in lateral 

force-resisting systems. 

 

(5) A considerable load drop was seen after 0.68 in. slip in the load-slip curve of the 

monotonic specimen using M20 bolts. Large rotation and complete 

disengagement of clamps were noted. If the M20 clamps are utilized in composite 

beams where the slip demand is normally much less than 0.68 in., the strength 

degradation is not a concern. If they are needed to withstand large slip, the 

performance of the M20 clamps could be improved by increasing the contact area 

between the clamp teeth and steel beam and between the clamp tail and concrete 

plank to delay rotation or developing an interlocking design where the channel 

lips fully restrain the rotation of the clamps. With the steel blocks inserted into the 

channels to support the clamp tails, the cyclically loaded specimen performed 

better than the corresponding monotonic specimen, even though all the clamps 

ultimately lost contact with the beam flanges.  
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(6) In terms of strength and state of cracks, the cyclic pushout specimen with light 

reinforcement did not perform worse than the specimen with heavy 

reinforcement. This implies that the additional reinforcement was not engaged 

which was designed to bridge potential cracking planes due to channel anchor 

forces. This is further proved by the low stress in the reinforcement. For the 

channel configuration investigated in this research, the bolt pretension force is 

primarily resisted by the reactions at the clamp tail and the steel beam flange, 

rather than transferring to the channel anchors. Therefore, the limit states for 

anchor channels in common applications, such as concrete cone failure under 

tension, are negligible, and the supplementary reinforcement has minimal effects 

on the behavior of the specimens.  

 

(7) A strut-and-tie model is used to explain the formation of the cracks which were 

induced by the friction acting on the concrete surface, rather than concrete pryout 

failure. Since the frictional force at the steel-concrete interface distributes in a 

non-uniform manner, the damage concentrates on one side of the concrete plank 

when it is loaded monotonically.  

 

(8) According to the bolt axial strains measured in the cyclic tests, the bolt tension 

gradually decreases. When the slip is small, the tension decrease is primarily 

attributed to the shear force acting on the bolt. At large slips, the damage to the 

steel flange and clamp teeth caused by abrasion could release the bolt tension.  

 

(9) Because of the ductile behavior of the clamps, the shear force applied to the steel 

beams is distributed among the clamps, demonstrating the potential of using 

clamps as shear connectors in composite beams. With the strain gages attached on 

the steel beams, the force distribution in the system is validated by the axial force 

plots that show the force variation at different sections along the beam length.  

 

(10) The strength and stiffness of the clamping connectors are compared to those of 

steel headed stud anchors. A single M24 clamp has a similar shear capacity to a 
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single conventional 3/4 in. diameter shear stud. Since friction is the mechanism of 

resisting the shear flow, the initial stiffness of the clamps is larger than that of 

shear studs. The ultimate slip of both M24 and M20 clamps is also greater than 

that of the 3/4 in. diameter shear studs.  

 

(11) Finite element models were developed which takes into account material 

nonlinearity, geometric nonlinearity and contact between different components. 

Assuming a frictional coefficient of 0.35, the finite element models predicts the 

peak strength of the baseline test specimens well, although the slip at which the 

peak strength occurs is shifted because of the friction simulation in ABAQUS 

which assumes an elastic slip while the two contact surfaces are still sticking. 

Based on the finite element models and test results, design equations, similar to 

that used for calculating the resistance of slip-critical bolted joints, are 

recommended for estimating the slip strength and peak shear strength of the 

clamping connectors under monotonic loading. It is seen that the equations predict 

the slip strength and peak strength of the clamps very well. A coefficient of 0.8 

could be used with the monotonic shear strength as the cyclic shear strength of the 

clamps. 
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 BEAM TESTS 
 

Full-scale beam tests are essential in evaluating the realistic behavior of shear connectors. 

As discussed in Section 2.3, deducing the ultimate shear strength of shear connectors 

from beam test results is problematic. Hence, beam tests are usually used as confirmatory 

tests where the proposed design strength equations or the load-slip curves obtained from 

pushout tests are validated. In prior research, various configurations have been used for 

composite beam tests. For example, most composite beams are loaded on the concrete 

slabs, but the loading is applied directly to the top flange of the steel beam through a 

concrete pocket in the tests conducted by Ernst et al. (2006). Alternatively, the loading 

could be applied across the whole concrete slab (Grant et al. 1977; Ranzi et al. 2009) or 

only the region above the steel flange (Easterling et al. 1993). Ductile behavior is 

generally observed for composite beams with steel headed stud anchors connecting 

concrete and steel, and the predicted ultimate flexural strengths based on the rigid plastic 

assumption match the test results very well (Ranzi et al. 2009). The same types of bolts, 

channels and clamps studied in the pushout tests are investigated in the beam tests.  

 

In this chapter, a general description of the testing program is first given, including the 

test matrix, test specimen design, test setup, instrumentation plan and loading protocol. 

The global and local performance of the test specimens is then presented, including the 

load-deflection relationships, behavior of the clamps, beam section strain distribution, 

bolt tension variation, rod tension variation, responses of the channel anchor and 

reinforcement, effective width of the deconstructable beam specimens, and correlation 

between the pushout tests and beam tests. Three-dimensional nonlinear finite element 

models are also developed for the beam specimens to predict their overall performance.  

 

More information regarding the composite beam tests is provided in the appendices, with 

Appendix C illustrating the drawings for the load frame steel, specimen steel and 

concrete planks, Appendix D documenting the mill certifications for the components, 

Appendix E reporting the experimental raw data, and Appendix F demonstrating the 
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useful quantities extracted from the experimental raw data. Other design issues are 

detailed in Appendix H, Appendix I, and Appendix J. 

 

 Test matrix 
 

A total of four specimens were designed and tested to document the progression of 

damage in deconstructable composite beams utilizing clamping connectors, as given in 

Table 5.1. The naming convention of the specimens is explained using Test 2-M24-1C-

RL, with 2 describing the test sequence of the beam, M24 describing M24 bolts, 1C 

describing single-channel specimens, RL describing light reinforcement pattern.  The key 

parameter in the test matrix is the percentage of composite action listed in the last column 

of Table 5.1, since it directly affects the behavior and limit states of the composite beams. 

This parameter is related to other parameters, including bolt diameter, number of 

channels per plank, and steel beam section. Two reinforcement configurations, similar to 

those designed in the pushout tests, are used to explore whether anchor-related concrete 

failure modes could occur in the beam tests.  

 

Generally, only partially composite beams are tested, since the behavior of the shear 

connectors governs the strength and stiffness of the beams. However, a fully composite 

beam was also designed and tested in this research to verify the design methodology and 

obtain a comprehensive understanding of the deconstructable composite floor system 

under gravity loading. In Table 5.1, the amount of composite action is varied such that 

composite beams with a wide range of composite action can be investigated. Normally, 

the percentage of composite action of a composite beam is defined for the maximum 

moment location. Depending on the type of loading, the maximum moment location 

could be at the mid-section of the beam if the loading is uniform or at one of the loading 

points when the beam is subjected to concentrated forces.  For the test setup illustrated in 

Figure 5.1 and Figure 5.2, the maximum moment occurs at one of the two inner loading 

points. The degree of shear connection is specified as the ratio of the total shear strength 

of the clamps placed between the zero moment section, which is the end section of the 

beam, and the maximum moment section, which is located at one of the two inner 



186 
 

loading points, to the lesser of the tensile strength of the steel beam and the compressive 

strength of the concrete slab (the tensile strength of the steel beam controls in this test 

series). The shear strengths of the M24 and M20 clamping connectors respectively utilize 

the peak strengths obtained from Tests 2-M24-2C-RH-LM and 9-M20-2C-RH-LM, 

which are considered as baseline specimens in Table 4.5 in Chapter 4. The yield strength 

of the steel beam is calculated using the nominal cross-sectional area and the nominal and 

tested static yield stress of the section. All the steel sections have a nominal yield strength 

of 50 ksi, while the tested material properties of the beams are documented in Table 5.3 

in Section 5.3. The “nominal” composite action calculated with nominal material 

properties as well as predicted clamp strengths is usually referred to in design practice, 

while the “actual” composite action determined using tested material properties as well as 

tested clamp strengths is more important when exploring the behavior of a composite 

beam. It is shown in Table 5.1 that the difference between the ”nominal” and “actual”  

composite action is not significant. In a composite beam specimen, since the clamps in 

the constant moment region between the two inner loading points contribute little to the 

flexural strength of the beam, the number of clamps used in this region could be reduced 

for efficiency, especially for Test 3-M20-3C-RL. Nonetheless, in order to study the 

performance of a certain type of plank at different locations of a beam, the planks used in 

each test were all the same. The number of clamps in the constant moment regions of the 

specimens was not decreased.  

 

Table 5.1 Composite beam test matrix 

Composite 
beam # 

Bolt 
size 

# of 
channels 
per plank 

Steel 
beam 

section 

Reinforcement 
configuration 

Number of bolts 
(clamps) 

Percentage of 
composite action 

Nominal Actual 
1-M24-
2C-RH 

M24 2 W14x38 Heavy 56 75.2% 82.7% 

2-M24-
1C-RL 

M24 1 W14x38 Light 30 41.0% 45.1% 

3-M20-
3C-RL 

M20 3 W14x26 Light 90 124.1% 137.8% 

4-M20-
1C-RL 

M20 1 W14x26 Light 30 41.4% 43.8% 

 

Design guidelines in the U.S. normally limit the percentage of composite action to a 

minimum of 25%. However, it is not advised that less than 50% composite action be 
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designed for composite beams utilizing shear studs for two reasons. First, large slips of 

shear studs are required to reach the ultimate strengths of the beams, resulting in limited 

ductility of the beams. Second, the steel beams and shear studs may deform inelastically 

at serviceability. Nonetheless, Beams 2 and 4 in the test matrix were designed to explore 

the behavior of deconstructable composite beams with composite action below 50%.  

 

 Test specimen design and test setup  
 

 Test specimen design  

 

Steel beam  

 

W14x38 and W14x26 were selected as the steel beam specimens. The M24 clamps are 

designed for sections with flange thicknesses ranging from 1/2 in. to 11/16 in., whereas 

the M20 clamps are designed for flanges with thicknesses from 3/8 in. to 7/16 in. Both 

steel sections fit within the range of use of the two types of clamps, with the flanges of 

the W14x38 and W14×26 sections being 0.515 in. and 0.42 in. thick, respectively. In 

Table 5.1, beam 1 and beam 4 are also potential members in the prototype structures that 

have a bay width of 30 ft. and a slab thickness of 6 in., as indicated in Chapter 3, with the 

former and latter being capable of supporting high and low gravity loading, respectively. 

To compare to the behavior of these two beams, the same steel sizes were adopted for the 

other two beams, but the percentage of composite action was varied.  

 

The steel sections all have as-received mill scale surfaces, and the frictional coefficient is 

believed to be similar to that of the steel beams tested in the pushout specimens. It is 

critical to ensure that the frictional coefficients at the contact surfaces are close between 

the pushout tests and beam tests; otherwise, the behavior of the clamps in the pushout 

tests cannot relate to that of the clamps in the beam tests. 

 

Precast concrete plank 
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The planks used in the beam specimens are 8 ft. long, which provides a sufficient 

composite slab width to prevent premature concrete failure in a narrow slab (Grant et al. 

1977). This composite slab width is also close to 7.5 ft., a quarter of the beam span, 

which is the effective width determined in accordance with the AISC Specification 

(AISC 2016a). To simplify specimen construction, tongue-and-groove joints in the planks 

shown in Figure 1.1 in Chapter 1 were eliminated. These connections can assist vertical 

load transfer between planks, but they are not believed to affect the overall beam strength. 

since the joint forces due to composite beam behavior are primarily compressive rather 

than shear.   

 

Calculations are required to ensure that the precast concrete components have sufficient 

strength to resist permanent loading as well as temporary loading during form removal, 

transportation, erection, etc. The concrete panels were lifted at the outer fifth points of 

both ends using embedded lifting lugs to reduce the maximum tensile stress induced by 

self-weight when stripping off the formwork and pulling planks from the formwork. 

Calculations are included in Appendix H.2 to show that the concrete planks were intact 

during handling. Design for stresses induced by additional transportation and handling is 

not critical for the short planks used in the beam tests, but they may be important when 

the planks are long.  

 

All the planks are connected to the beam flanges using clamps in the current design. In 

the future, it might be valuable to study the effect of not attaching certain planks to the 

beams. It should be pointed out that 56, rather than 60, clamps were used in Test 1-M24-

2C-RH, because the very end bolts conflicted with the bearing stiffeners at the ends of the 

beam.  

 

Cast-in channels and reinforcement  

 

Since no anchor-related concrete failure modes were observed in the pushout tests, the 

same type of cast-in channels was selected for the concrete plank specimens used in the 
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beam tests. The only difference is that the length of the channels was varied to match the 

length of the planks.  

 

Two reinforcement patterns were designed for the specimens.  The bars that comprise the 

light reinforcement configuration were designed for all the tests. Planks in Test 1 used the 

heavy reinforcement configuration in which additional waveform bars were utilized to 

bridge potential cracking planes induced by channel anchor forces. In addition to 

supporting gravity loading, the longitudinal reinforcement was designed to resist negative 

bending of the planks, because the actuator loading was spread across the slab width 

during the tests. Two types of U bars were placed around the cutouts.  The longer type 

reinforces the cutout corners that are vulnerable to handling, while the shorter type could 

restrain the propagation of potential bursting cracks caused by post-tensioning forces of 

the rods (ACI 2011). The reinforcement selections enable testing of two extremes: a 

heavily reinforced, partially composite beam with high composite action in which 

concrete breakout failures are less likely; and a lightly reinforced, partially composite 

beam with low composite action in which concrete breakout failures are more likely. 

Since the lightly reinforced specimen did not fail prematurely in the pushout test, this 

pattern was used for three out of the four beam tests.  

 

All the reinforcement met the detailing requirements in ACI 318-11, as shown in Figure 

C.45 in Appendix C. The U bars and the waveform reinforcement were regarded as 

stirrups, and the bend diameter and the end extension were 4Db and 6Db, respectively.  

The transverse loops, which replaced the inclined transverse bars in the pushout 

specimens, had standard hooks, and the bend diameter and the end extension were 6Db 

and 12Db, respectively. Legs of the transverse loops were spliced with a splice length of 

8.5 in. The longitudinal reinforcement used No.4 bars, and No.3 bars were chosen for the 

other reinforcement.  

 

 Test setup  
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The full-scale composite beam test setup is provided in Figure 5.1 and Figure 5.2. The 

test specimens consist of 30-foot long W-shape beams, each with fifteen 2-ft.-wide by 8-

ft.-long planks attached using clamping connectors. The composite beam span is 30 ft., 

but the total beam length is 32 ft. due to having a 1 ft. extension of the steel beam at each 

end to facilitate out-of-plane support and accommodate the deflection of the beam. 

Because of the vertical reactions at the beam supports, stiffeners were welded at the ends 

of the beam to suppress limit states such as web local crippling and web local yielding. 

The actuator force was applied across the concrete slab and spread using spreader beams 

to approximately simulate uniform loading acting on a secondary beam. A thin layer of 

grout was cast between the concrete planks and the bearing plates placed under the 

spreader systems to achieve a flat and level loading surface. Stiffeners were welded on 

the spreader beams to increase their torsional resistance and eliminate instability during 

testing. The bolted connections between the top spreader beams and the bottom spreader 

beams not only enhanced the stability of the spreader system but also facilitated test setup 

assembly. Braces at both sides of the slab are engaged if the slab torques or displaces 

laterally due to uneven loading. Potential twisting of the steel beam was inhibited by the 

guides at the ends of the section. A pin support at one end and a roller support at the other 

were used to simulate the actual boundary conditions of a simple beam. Teflon sheeting 

was attached to surfaces where frictional forces were undesirable, such as the interface 

between the steel beam and end guides and between the concrete slab and side braces. 

Figure 5.1 shows the components in the composite beam specimen.  

 

ASTM A992 steel was used for all the W shapes and WT shapes, and A500 Grade B steel 

was used for the HSS sections. ASTM A36 steel was selected for the remainder of the 

load frame. A325 bolts were selected for all the connections which were designed as slip-

critical to reduce as much slip as possible. All the concrete planks had a nominal 

compressive strength of 5 ksi. All the beams were shored during construction and 

instrumentation installation. Shop drawings for the composite beam test setup can be 

found in Appendix C.  

 



191 
 

The steel reaction frame without diagonal braces was connected to the other reaction 

frame using WT sections as lateral braces to enhance its stiffness when resisting lateral 

loading. The cross beams in both frames are W24x335 sections, which are very stocky to 

minimize the actuator movement at the ends that attach to the reaction frames. The 

flexibility of the reaction frames affects the displacement of the actuators, but the actuator 

forces and measured deflections of the beams are not influenced.  
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a) Three-dimensional view 
  

 

b) Elevation view 

 

c) Side view 
Figure 5.1 Different views of a composite beam specimen 
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Overall view of beam specimen  

 
Beam specimen components  

      
Roller support Pin support 

Figure 5.2 Composite beam test setup 
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 Pretension tests on fully threaded rods  

 

As indicated in Section 1.1 in Chapter 1, fully threaded rods are proposed to connect 

adjacent concrete planks, which is essential to generate frictional force at the concrete-

concrete interface and avoid relative sliding between the planks under diaphragm forces. 

The in-plane connections between the concrete planks may not be necessary for 

supporting gravity loading, but they are required to ensure the integrity of the structural 

system under seismic loading. 

 

ASTM A36-14/A529-05 Grade 50, 5/8 in. threaded rods were chosen for connecting 

adjacent planks in the beam tests. The calculations in Appendix H.3 justify the selection 

of these rods. Spaced at a distance of 24 in., 3 in. by 2 ½ in. cutouts were needed for the 

threaded rod connections. The cutouts should be small enough to preserve the strength of 

the planks, but large enough to facilitate the installation of the rods. Schedule 40, 3/4 in. 

inside diameter PVC pipes were placed in the formwork to be integrated into the planks 

as the ducts for the threaded rods. To reduce the tension variation in the rods, it was 

decided that they be loaded into the inelastic range. For such long rods, the RCSC 

Specification (RCSC 2014) requires testing that mimics the actual application of the rods 

to determine the required nut rotation for yielding the rods from a snug-tight position.  

 

The fully threaded rods employed in the pretension tests and beam tests were from three 

different heats. Rods that were 46.5 in. long and used in Test 1-M24-2C-RH were used in 

the pretension tests, and the required nut rotation was thus determined directly for this 

material. In Test 1-M24-2C-RH, both 45 in. and 46.5 in. long rods were utilized. Since 

the percentage of length difference was small (≈3.3%) and the material properties were 

similar, as shown in Table 5.3, the same nut rotation is believed to be valid for the shorter 

rods. In the remaining beam tests, 46.5 in. long rods, which were from a different heat, 

were also used. As they had similar material properties as those used in the pretension 

tests, the same nut rotation was employed. The plots in Figure E.34 in Appendix E 

indicate that all the rods were inelastic after turning the nuts the same rotation.   
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To give some flexibility to address plank-to-plank alignment, all the PVCs embedded in 

the concrete planks were removed before the pretension tests. Since the composite beam 

specimens were shored during construction by supporting the ends of the concrete planks 

to avoid lateral-torsional buckling of the steel beams under the self-weight of the planks 

and steel beams, the planks were also propped in the pretension tests in a similar manner. 

The pretension test setup is shown in Figure 5.3a. Plank 1 was clamped to the steel beam 

and not allowed to move during the test. As the rod was twisted, plank 2, which seated on 

the beam freely, started to move towards and bore against plank 1. A load cell was placed 

on one side of the rod to monitor the tension variation, while the nut on the other side was 

turned. On the load side, a square washer was placed next to the concrete plank to 

distribute the compressive load. The 1/4 in. thick square washer had a dimension of 2 in. 

by 2 in., with a 5/8 in. diameter hole at the center. A regular thin round washer was 

between the nut and the square washer to ensure the deformation of the washers was 

minimized, and the hole in the concrete plank was found to be intact after testing.  On the 

other side, the load cell was between the square washer and the nut. Along with the load 

cell, two hardened washers were also supplied which were employed as force 

introduction components for the load cells, as seen in Figure 5.3b and Figure 5.3c.  

Before testing, the washers and nut threads on the load side were lubricated. A snug-tight 

condition was first achieved with the full effort of a worker using a torque wrench with a 

12 in. lever arm. A multiplier was then used with the torque wrench to reduce the effort 

to turn the nut. As the worker turned the nut, the rod tension was recorded. Two rods 

were tested, and both fractured as a result of torqued tension, as shown in Figure 5.3d. 

Necking of the rods was not observed. 
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a) Test setup  
Before testing: 

 

 

b) Load side c) Load cell side 
After testing:  

 
 

d) Fractured specimens 
Figure 5.3 Photographs of threaded rod pretension tests  
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The rod tension variation is plotted in Figure 5.4. Each dashed line indicates a complete 

turn of the nut (360 degrees). The force decrease is caused by excessive torsional 

deformation, which releases the tensile strain in the rod. Based on these plots, it is 

decided that 1 turn is adequate to ensure yielding of the rods. For both rods, the number 

of turns of the nut required for twist-off fracture in the rods is at least 22 times the 

recommended turns of the nut for establishing pretension.   

 

 

a) Rod 1 

 

b) Rod 2 
Figure 5.4 Rod tension variation in pretension tests 

 

When testing rod 1, a ping was first heard at the 8th complete turn of the nut after a snug-

tight position. Starting from the 12th complete turn of the nut, the ping noise became 

frequent. As the rod was elongated, it was more difficult to achieve the engagement 

An abrupt force change is 
usually accompanied by a ping 

sound. 

An abrupt force change is 
usually accompanied by a 

ping sound. 
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between the nut threads and rod threads. When new rod threads were again engaged, an 

abrupt force change was seen, and a ping sound was also heard. At the 17th complete turn 

of the nut, the ratchet of the wrench stopped clicking, and it became very difficult to turn 

the nut.  Rod 1 fractured after 22 complete turns of the nut. For rod 2, the first ping was 

heard at the 8th complete turn of the nut, and the ping noise became frequent after the 16th 

turn of the nut. At the 18th turn of the nut, a squeak was heard. Starting from the 20th turn 

of the nut, it was very hard to turn the nut. A loud noise was heard at the 23rd turn of the 

nut, and turning the nut was slightly easier. The rod ultimately fractured after 25 

complete turns of the nut. Because the square washers showed no deformation, the holes 

in the concrete planks were intact after both tests.  

 

 Material properties  
 

Steel properties  

 

In the beam tests, steel beams of the same size had been requested to be from the same 

heat. When the steel beams were delivered, the flange width of one of the W14x26 beams 

was noticeably narrower than that of the other W14x26 beams. The major dimensions of 

all the beams were thus measured, as shown in Table 5.2.  Beams 1 through 4 correspond 

to the steel sections used in Tests 1-M24-2C-RH through 4-M20-2C-RL. Steel stubs 

where the coupons were cut are designated as Beams 5 and 6.  

After comparing the measured dimensions to the tolerances given in Figure 5.5, the 

flange widths of Beams 4 and 6 were found to be larger than the maximum allowable 

width, which is equal to 5.28 in. Except for the marking on Beam 4, which was too blurry 

to identify the designated beam size, those on steel Beams 1, 2 and 3 indicate the sizes 

are as requested. No markings were found on Beams 5 and 6 since they are too short. Yet, 

the measured dimensions of Beams 4 and 6 are closest to the nominal dimensions of a 

W14x26 section, and the coupons from Beam 6 are used to represent the material 

properties from Beam 4. 
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Because all the W14x38 sections had similar dimensions, they were assumed to be from 

the same heat, and coupons cut from Beam 5 are representative. Because it was not as 

clear whether Beam 3 was from the same heat as Beams 4 and 6, the material properties 

of Beam 3 were obtained by testing coupons cut from the low stress regions of the beam 

after completing the beam test. As discussed in Section 5.6.2.3, since the top flange of 

Beam 3 was deformed, all the flange coupons were cut from the bottom flange. From 

Table 5.3, it is seen that the yield strength of the flange coupons cut directly from Beam 3 

is slightly less than the yield strength of the flange coupons machined from Beam 6. 

 
Figure 5.5 Mill tolerances on a W-shape cross section [after (AISC 303-16)] 

 

Table 5.2 Measured dimensions of steel beams and stubs  
Beam # Section Length (ft) 1 (in.) 2, (in.) 3- (in.) 2- (in.) 

1 W14x38 32.0 14-1/8 0.310 6-3/4 0.527 
2 W14x38 32.0 14-1/4 0.349 6-3/4 0.460 
3 W14x26 32.0 14 0.270 4-7/8 0.419 
4 W14x26 32.0 13-7/8 0.270 5-3/8 0.378 
5 W14x38 3.5 14-1/4 0.323 6-3/4 0.531 
6 W14x26 3.5 13-7/8 0.282 5-1/2 0.358 
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Tension testing was conducted on the steel coupons to document their material 

properties. Refer to Section 4.3 in Chapter 4 for the dimensions and procurement of the 

steel coupons from the beams, channels, reinforcement and bolts. In addition, coupons 

were machined from the fully threaded rods, and the dimensions are given in Figure 5.6.  

The testing procedures described in Section 4.3 were utilized, and the test results are 

given in Table 5.3.  

In accordance with ASTM E8/E8M-13a, the gage lengths for the bolt coupons and rod 

coupons are 2 in. and 1.4 in., respectively, but a 1 in. extensometer was chosen to 

measure the strain of these coupons. The gage lengths stipulated by the ASTM standard 

were used for all the other coupons. Some of the bolt coupons and rod coupons failed 

outside of the 1 in. gage length, but within the 2 in. and 1.4 in. gage lengths. Fracture of 

all the other coupons occurred within the gage length. 

 
Figure 5.6  Fully threaded rod coupon dimension (units: inches) 
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Table 5.3 Beam test steel coupon testing results 
Type 4#	(ksi) 4#.	(ksi) .'# (ksi) .'/ (ksi) ." (ksi) 5#.	(µε) 

W14x38 

Flange 1 30300 340 50.9 54.9 70.5 27000 
Flange 2 30100 300 49.0 53.0 69.5 22500 
Flange 3 30800 280 50.3 54.0 70.4 24300 
Web 1 28700 250 58.1 62.1 73.9 37500 
Web 2 28600 270 55.0 59.7 72.0 41000 
Web 3 28700 250 56.8 61.3 72.4 37500 

W14x26  
cut from steel stub 

(Beam 6) 

Flange 1 29800 260 48.4 51.7 65.4 22400 
Flange 2 29800 260 48.5 51.6 65.6 22900 
Flange 3 29400 260 48.2 51.6 65.5 23000 
Web 1 29700 220 49.7 53.4 64.6 36300 
Web 2 29600 230 49.7 53.7 64.7 37200 
Web 3 28100 250 50.7 54.2 65.2 36600 

W14x26  
cut from Beam 3 

Flange 1 30100 250 46.4 50.9 65.8 25300 
Flange 2 30100 270 45.0 49.7 64.5 27200 
Flange 3 30200 260 45.3 49.1 65.0 20800 
Web 1 29500 260 48.6 53.0 65.9 40060 
Web 2 29900 240 49.5 53.6 66.5 41000 
Web 3 30300 240 47.2 51.5 64.5 38400 

Cast-in channel 

Flange 1 28800 N/A 58.0 60.3 67.5 N/A 
Flange 2 28500 N/A 58.1 60.2 68.0 N/A 
Flange 3 28500 N/A 58.7 60.2 68.5 N/A 
Web 1 27200 N/A - 59.5 66.4 N/A 
Web 2 28400 N/A 56.5 59.2 66.8 N/A 
Web 3 27700 N/A 55.8 58.5 65.4 N/A 

No.4 longitudinal 
reinforcement 

1 27500 660 60.0 63.3 97.0 12200 
2 26400 650 60.2 63.2 97.0 12200 
3 26700 680 59.6 63.3 96.4 11800 

No.3 transverse 
reinforcement 

1 28200 N/A 68.3 74.1 105.2 N/A 
2 28100 N/A 65.6 71.7 103.0 N/A 
3 28900 N/A 63.5 69.7 101.6 N/A 

M24 bolt 
1 31200 N/A 112.0 119.5 135.7 N/A 
2 31600 N/A 115.1 122.9 139.4 N/A 
3 32500 N/A 117.3 125.5 141.4 N/A 

M20 bolt 
1 29800 N/A 113.8 122.0 138.1 N/A 
2 31900 N/A 117.4 126.0 142.3 N/A 
3 26900 N/A - 124.9 141.1 N/A 

45 in. rod for beam 
specimen 1 

1 30200 130 53.5 57.9 77.1 21400 
2 33100 150 56.2 60.6 79.9 23700 
3 33600 130 55.7 60.5 79.2 20900 

46.5 in. rod for beam 
specimen 1 

1 33100 125 58.0 61.7 82.4 24200 
2 33300 130 55.8 60.1 80.0 21400 
3 29300 135 53.6 58.0 77.8 21600 

46.5 in. rod  for beam 
specimen 2-4 

1 30600 170 - 60.8 83.2 14700 
2 32500 150 54.6 59.0 80.2 18800 
3 33000 155 57.6 61.5 83.2 14300 
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Direct tension and shear testing  

 

Similar to the procedures used for the T-bolts used in the pushout tests, tension and shear 

testing was also conducted on the T-bolts as well as the fully threaded rods in the beam 

tests. The rod specimens were 10 in. long. More details of the testing methodology can be 

found in Section 4.3 in Chapter 4. The load-deformation curves and failure of the 

specimens are shown in Figure 5.7 through Figure 5.10. The rods were bent in the tension 

test because wedge tension testing was performed in accordance with ASTM 

F606/F606M-14a. The average ultimate tensile and shear strengths of the specimens are 

given in Table 5.4, and the ultimate tensile strengths of the materials are also estimated. 

The tensile strength of the M24 bolt material cannot be determined since the fracture 

occurred in the bolt head, rather than the shank.  

 

  
a) M24 bolts b) M20 bolts 

  
c) 46.5 in. rods in beam test 1 d) 46.5 in. rods for remaining beam tests 

Figure 5.7 Tensile load versus axial elongation 
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a) M24 bolts b) M20 bolts 

  
c) 45 in.  rods in beam test 1 d) 46.5 in. rods in beam test 1 

 
e) 46.5 in. rods for remaining beam tests 

Figure 5.8 Shear load versus Shear deformation 
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a) M24 bolts b) M20 bolts 

 
c) Rods 

Figure 5.9 Failed specimens under tension 

 

  
a) M24 bolts b) M20 bolts 

 
c) Rods  

Figure 5.10 Failed specimens under shear 

 

  



205 
 

Table 5.4 Direct tension and shear testing results 

Specimen 
Ultimate strength (kips) Ultimate tensile stress (ksi) 

Tension  Shear  Tension testing Shear testing  
M24 bolts  68.2 46.2 > 124.0 135.2 
M20 bolts  51.6 32.4 135.8 136.5 

45 in. rods in beam test 1 - 12.9 - 91.3 
46.5 in. rods in beam test 1 18.8 12.6 83.3 89.3 

46.5 in. rods in beam tests 2,3 and 4 18.7 13.1 82.9 93.1 
 

From Table 5.4, it is seen that the ultimate tensile stresses calculated using the direct 

tension and shear testing results are very close to those given in Table 5.3, except for the 

tensile stress of the fully thread rods, which is about 11% ~ 16% larger than that obtained 

from tensile coupon testing.  

 

Concrete properties 

 

The precast concrete planks were completed in three pours, with 20 planks cast in each 

pour. Planks from each of the first three beam tests were from the same pour. Test 4-

M20-1C-RL, however, had planks from all three pours, which could mimic the situation 

where planks of different strength reclaimed from different projects are reused in a new 

project. For each pour, thirty-nine cylinders were cast and divided into three groups, with 

each group consisting of thirteen 6 in. by 12 in. cylinders. These three groups of cylinders 

represent concrete at different stages (i.e., beginning, middle and end) during the pour. 

The batch sheets and the delivery tickets for all the pours are included in Appendix D.2.6. 

It should be noted that the mix designs are not the same among the pours.  

 

An overview is given for each pour.  

 

• Pour 1: An initial slump of 5.0 in. was measured before pouring the specimens 

and cylinders. Specimens 1 through 5 were first poured and vibrated. While 

cylinder group A was cast and vibrated, another slump test was conducted, and 

the measured slump was 6 in. Specimens 6 through 10 were poured and vibrated, 

followed by cylinder group B.  Two slump tests were conducted consecutively, 

and the measured slumps were both 3.0 in. Because the slump decreased 
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substantially, two gallons of water was added to the truck mixer after pouring slab 

10. Specimens 11 through 15 were then poured and vibrated. The concrete for 

cylinder group C was sampled before pouring the remaining planks, except for 

cylinders 2C, 4C, 7C and 11C, half volume of which was cast using concrete 

concurrent with the remaining planks. Meanwhile, another test showed the slump 

was 4.25 in. The last 5 specimens, which were all single-channel slabs, were 

poured. After the pour ended, the measured slump was 3 in.  

 

• Pour 2: An initial slump of 6.0 in. was measured before pouring the specimens 

and cylinders. Specimens 1 through 5 were first poured and vibrated. While 

cylinder group A was cast and vibrated, another slump test was conducted, and 

the measured slump was 5-3/8 in. Specimens 6 through 10 were poured and 

vibrated, followed by cylinder group B and a slump test that displayed a slump of 

4.5 in. Five gallons of water was added to the truck mixer after casting the 

cylinders. Specimens 11 through 15 were then poured and vibrated. The concrete 

for cylinder group C was sampled before pouring the remaining 5 planks; another 

test showed the slump is 5 in. After the pour ended, the measured slump was 3 in.  

 

• Pour 3: When the concrete truck mixer arrived, the slump was estimated to be 3.5 

in., and 10 gallons of water was thus added to increase workability of the concrete. 

An initial slump of 4.5 in. was measured after water was added. Specimens 1 

through 5 were first poured and vibrated.  While cylinder group A was cast and 

vibrated, another slump test was conducted, and the measured slump was 3.75 in. 

Specimens 6 through 10 were poured and vibrated, followed by cylinder group B 

and a slump test that showed a slump of 1.5 in.  Due to the low slump, per ASTM 

C31/C31M-12, the vibration of most cylinders in group B was prolonged to 8s. 

7B, 8B, 10B, and 11B were vibrated for 10 seconds. In addition, the outside of the 

cylinder forms was usually tapped 12 times for each layer, but it was increased to 

20 times each layer as a result of the poor workability of the concrete. After 

adding 15 gallons of water to the remaining concrete, Specimens 11 through 15 

were then poured and vibrated. The concrete for cylinder group C was sampled 
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before pouring the last 5 planks; another test showed the slump was 5-3/4 in. 

After the pour ended, the measured slump was 3-7/8 in. It was noticed that the 15 

gallons of water, which were added before pouring specimens 11 through 15, 

might be excessive, as was indicated by the lower concrete strength shown in 

Table 5.5. 

 

When the concrete specimens started to harden, the specimens were sprayed and covered 

with wet burlaps. A plastic sheet was put over the burlaps to prevent loss of moisture. 

Except for the plywood underneath the concrete planks, all the other formwork for the 

specimens and cylinders was stripped on the next day. Some of the cylinders in each 

group were placed close to the specimens and dry cured in the same manner as the 

specimens, while the other cylinders were put into a water bath to mimic moisture-cured 

conditions. All the specimens were left in place for 7 days, and then moved into the lab. 

Curing of specimens continued until 28 days. Table 5.5 includes the concrete 

compressive and splitting tensile strength under different curing conditions at various 

testing dates.  

 

Planks in the composite beams are numbered, with the very west plank numbered as 1 

and the very east plank numbered as 15, as seen in Figure 5.11 in Section 5.4. The 

correspondence between the plank numbering and the plank pour sequence is given in 

Table 5.6. 
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Table 5.5 Beam test concrete cylinder testing results (units: psi) 
Pour 

# 
Curing 

Condition 
Test type Testing date 

Cylinder 
A 

Cylinder 
B 

Cylinder 
C 

Average 

1 

Moist-
cured 

Compressive 
test 

3 days 3,625 3,380 3,360 3,455 
7 days 4,160 4,210 3,850 4,073 
21 days 4,870 5,210 5,195 5,092 
28 days 5,131 5,521 5,493 5,382 

Splitting 
tensile 

strength 
28 days 481 493 438 470 

Same as 
the 

specimen 

Compressive 
test 

3 days 4,115 3,895 3,545 3,852 
7 days 4,560 4,390 4,175 4,375 
21 days 5,135 5,315 5,080 5,177 
28 days 5,450 5,761 5,513 5,575 

Test day for specimen 
1 (168 days) 

5,828 5,836 5,676 5,780 

Test day for specimen 
4 (277 days) 

6,341 6,472 6,617 6,477 

Splitting 
tensile 

strength 

Test day for specimen 
1 (168 days) 

505 541 514 520 

Test day for specimen 
4 (277 days) 

560 536 569 555 

2 

Moist-
cured 

Compressive 
test 

3 days 3,382 3,273 3,164 3,273 
7 days 4,117 4,262 4,247 4,209 
21 days 5,318 5,532 5,516 5,456 
28 days 5,667 6,245 5,918 5,943 

Splitting 
tensile 

strength 
28 days 449 477 436 454 

Same as 
the 

specimen 

Compressive 
test 

3 days 3,713 3,750 3,377 3,613 
7 days 4,597 4,590 4,590 4,592 
21 days 5,886 6,034 5,941 5,953 
28 days 5,734 6,076 5,545 5,785 

Test day for specimen 
2 (198 days) 

6,653 6,768 6,475 6,632 

Test day for specimen 
4 (251 days) 

7,237 7,063 6,799 7,033 

Splitting 
tensile 

strength 

Test day for specimen 
2 (198 days) 

583 564 572 573 

Test day for specimen 
4 (251 days) 

572 617 589 593 

3 

Moist-
cured 

Compressive 
test 

3 days 3,404 3,421 2,464 3,096 
7 days 3,733 3,974 3,243 3,650 
21 days 4,931 4,571 3,936 4,479 
28 days 5,225 5,340 4,193 4,919 

Splitting 
tensile 

strength 
28 days 459 481 358 433 

Same as 
the 

specimen 

Compressive 
test 

3 days 3,331 3,510 2,597 3,146 
7 days 4,534 4,629 3,525 4,228 
21 days 5,779 5,805 4,511 5,365 
28 days 5,674 5,929 4,932 5,511 

Test day for specimen 
3 (214 days) 

6,969 6,731 5,419 6,373 
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Test day for specimen 
4 (235 days) 

6,862 6,756 5,630 6,416 

Splitting 
tensile 

strength 

Test day for specimen 
3 (214 days) 

544 533 421 500 

Test day for specimen 
4 (235 days) 

545 573 471 530 

 

Table 5.6 Beam test concrete plank pour sequence 
Test # Plank # Pour sequence Pour # Test # Plank # Pour sequence Pour # 

1 

1 19 

1 2 

1 3 

2 

2 17 2 12 
3 11 3 16 
4 16 4 13 
5 20 5 5 
6 12 6 15 
7 9 7 1 
8 18 8 2 
9 14 9 17 
10 15 10 11 
11 7 11 8 
12 10 12 9 
13 8 13 7 
14 13 14 6 
15 6 15 4 

3 

1 9 

3 4 

1 5 3 
2 10 2 5 1 
3 7 3 19 2 
4 11 4 4 1 
5 20 5 3 3 
6 14 6 3 1 
7 18 7 2 1 
8 19 8 1 3 
9 15 9 1 1 
10 8 10 18 2 
11 6 11 2 3 
12 17 12 10 2 
13 16 13 20 2 
14 13 14 14 2 
15 12 15 4 3 

 

 Instrumentation  
 

The following sections describe the instrumentation plan adopted for the composite beam 

specimens.  Slight changes were made among different tests.    
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Displacement measurements  

 

Composite beam deflections, which are utilized to estimate the stiffness of the beam 

specimens, were measured at different locations along the beam length. Those locations 

are named as V0 through V6 in Figure 5.11. Linear potentiometers with a stroke length of 

4 in. were employed to measure deflections at V0 and V6, while string pots capable of 

measuring displacement up to 15 in. were used for the other deflections. The ductility of 

the composite beam specimens can also be computed based on the load-displacement 

curves. Slips between the steel beams and concrete planks were measured at locations 

from S1 through S10. S1 through S5 and S6 through S10 were placed at the south and 

north sides of the beams, respectively. 1 in. stroke linear potentiometers were utilized for 

S4 through S7, while 2 in. stroke linear potentiometers measured slips at the other 

locations. These sensors were positioned along the length of the beams. The maximum 

slip provides the slip demand on the deconstructable connectors in the tested beams. The 

horizontal deflections were also measured using linear potentiometers with a stroke 

length of 4 in. at the two ends of the beams. In addition, after completing Test 1, 

inclinometers were placed on the top flanges of the top spreader beams in the other 

specimens to measure the rotations resulting from the bending of the specimens and 

tilting of the concrete slab.  

 

Strain measurements 

 

Several cross sections were instrumented along the length of each beam.  As shown in 

Figure 5.12, at section SS3 eight strain gages were attached on the steel cross section: 

two at the bottom of the top flange; four at the third points of the web; two at the bottom 

of the bottom flange. Sections SS2 and SS4 were instrumented with six strain gages. 

Since sections SS1 and SS5 were expected to be elastic during the test, only the flange 

strains were measured. All the strain gages were placed at locations where the residual 

stresses are minimal, except for those attached at the mid-height of the web at sections 

SS2 and SS4. The directions of the uniaxial gages align with the longitudinal axes of the 

beams. In order to evaluate the effective width of the deconstructable composite beams, 
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the strain variation in the direction of the longitudinal axis of the beam was measured at 

the locations shown in Figure 5.12. Because concrete is an inhomogeneous material, it is 

commonly recommended to choose strain gages with longer measuring grids to avoid 

localized strains. In this test, the concrete strains were calculated by tracking the length 

change of an 8 in. gage length with linear potentiometers. For the mid-section where the 

bending moment is maximum, linear potentiometers with a stroke length of 1 in. were 

selected, while linear potentiometers with a stroke length of 0.5 in. were utilized at the 

other sections. The recorded concrete and steel strain profiles are used to track the 

migration of the neutral axes in concrete and steel.  

 

According to the pushout test results, different reinforcement patterns and the number of 

channels in a plank do not affect the strains of the channel lips and channel anchors. It 

was thus decided to instrument a limited number of channel lips, specifically the channel 

lips in Test 2-M24-1C-RL and Test 4-M20-1C-RL, to investigate their behavior under 

different amount of pretension. In each test, only the channel lips of two end planks 

(Planks 1 and 15 in Figure 5.11) and one middle plank (Plank 8 in Figure 5.11) were 

gaged. The two end planks are at regions where the shear is maximum, and the moment is 

zero, while the moment is maximum, and the shear is zero for the middle plank. In Test 

2-M24-1C-RL, strain gages were also attached to the middle two channel anchors in 

these three planks, since the anchor axial and shear forces were anticipated to be the 

largest among all the tests. Bolts at the ends and middle of all the beams were 

instrumented to track the bolt tension variation during the tests, as these were considered 

as the most important components. The strains of the very end bolts were measured with 

rosette strain gages from which both the axial strain and shear strain were obtained. 

Uniaxial strain gages were attached on the other bolts, and the directions of the gages 

align with the axes of the shanks. In Test 1-M24-2C-RH and Test 4-M20-1C-RL, 

transverse and longitudinal reinforcement were gaged. The strains in the transverse 

reinforcement were extrapolated to obtain the strains at the top surface of the concrete 

planks, which were compared to the calculated concrete strains from the linear 

potentiometers. The layout of all these gages and the directions of the rosette gages are 

illustrated in Figure 5.13 through Figure 5.15. 
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Rod tension measurements 

 

Load cells were utilized to track the tension variation of four rods that are spread along 

half of the beam. Figure 5.16 shows the locations of the rods.  

 

  

 
Beam 1 

 
Beams 2 and 4 

 
Beam 3 

 
S1-S10 : slip of clamps 

V0-V6: vertical deflection 

H1-H2: horizontal movement 

SS1-SS5: strain gaged sections 
Note: Bolts attached with uniaxial strain gages are circled in red; bolts attached with rosette strain gages 
are circled in blue.  

Figure 5.11 Location of instrumentation on beams  
 
  

West   
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Figure 5.12 Steel beam and concrete plank sensor layout  
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Figure 5.13 Channel lip and bolt gage layout 
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Figure 5.14 Channel anchor gage layout 
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Figure 5.15 Longitudinal and transverse reinforcement gage layout 
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Figure 5.16 Location of instrumented threaded rods  

 

 Loading protocol 
 

Both actuators used in the composite beam tests were displacement-controlled. The 

specimens were loaded to 40% of their expected flexural strengths and then reloaded 

three times. Two more cycles were then undertaken, with one cycle at 60% and another 

one at 80% of the estimated flexural strengths. In the pushout tests, it has been exhibited 

that the behavior of the clamping connectors is affected by the loading protocol, i.e., 

monotonic loading vs. cyclic loading. These loading/unloading cycles, which were 

intended to mimic serviceability conditions, were included to consider whether the 

loading protocols might affect the shear strengths of the clamping connectors as well as 

the flexural strengths of the beams. After completing the cycles, the beams were then 

loaded until the deflections were excessive. The actuator displacement rate was 1.57 in. 

/h (40 mm/h) throughout the tests (Ataei et al. 2016). 

 

When testing Specimen 1-M24-2C-RH, which is the first specimen in the experimental 

program, the estimated flexural strength of this beam was based on the preliminary finite 

element analysis results, which indicated that the ultimate flexural strength of this beam 
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West   
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was approximately 90% of that predicted by AISC design Equations (C-I3-6) through (C-

I3-10) in the AISC 360-16 commentary (2016). Nominal material properties were used in 

the preliminary FE model, but tested material properties were used in  the AISC 

equations. More importantly, in the preliminary finite element model, a frictional 

coefficient of 0.3 was assumed for all the contact, whereas the test result of specimen 1-

M24-2C-RH suggested that the actual frictional coefficient was approximately 0.35 (see 

Section 5.7). This coefficient of friction is the same as that in the companion pushout 

tests (see Section 4.6), indicating that the behavior of the clamps obtained from the 

pushout tests can be related to that of the clamps in the beam tests. The tested ultimate 

flexural strength of this specimen also closely matched that predicted by the AISC 

provisions using tested material properties. As a result, for the other specimens, the 

expected flexural strengths were assumed to be those calculated using the AISC 

equations using nominal material properties, as well as using tested clamp strengths from 

the appropriate pushout tests.  

 

 Assessment of deconstructable composite beams  
 

When constructing the beam specimens, mild concrete crushing occasionally happened 

while pretensioning the fully threaded rods, as seen in Figure 5.17. As a result of the 

deformation of the plywood formwork during the concrete pour, the side surfaces of the 

planks were slightly slanted. As adjacent planks were compressed, the rod tension was 

only transferred to regions where contact was established. Compared to planks with 

accurate dimensions, the localized compressive stress between adjacent concrete 

specimens might have led to premature concrete crushing that was observed in the beam 

tests.  
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Figure 5.17 Localized concrete crushing after pretensioning fully threaded rods 

 

 Gaps between concrete planks  

 

Since grouting planks and placing a cast-in place concrete topping are avoided to 

simplify disassembly and improve reuse potential, the gaps between the concrete planks 

might affect the behavior of the deconstructable composite beams. Figure 10.2.1 in PCI 

MNL-135-00 (2000) shows the maximum allowable horizontal misalignment or sweep, 

which results from both formwork and component width tolerance. For solid flat 

structural wall panels, the maximum sweep is ± 3 mm per 6 m, with ± 10 mm being 

maximum, which is represented by the variable f in Figure 5.18. 
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Figure 5.18 Solid or insulated flat structural wall panel tolerance [after PCI MNL-135-00 (2000)] 

 

The gaps between adjacent concrete planks were measured at several locations on the top 

surface of the concrete slab, as shown in Figure 5.19. The widths of some gaps, 

especially those at the ends of the planks, exceeded the tolerance of 0.096 in. for the 8 ft. 

long planks used in the beam tests. The distribution of the gaps may indicate that some of 

the planks were slightly convex along their long edges. After testing, as a result of the 

deflection of the beam, adjacent concrete planks contacted at the top and separated at the 

bottom. Therefore, almost all the gaps on the top surface of the concrete slab were closed, 

except for some of those at the very ends of the planks.  
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Before test 

 
After test 

a) Beam 1-M24-2C-RH 

 
Before test 

 
After test 

b) Beam 2-M24-1C-RL 
 

0 0.10 0.18 0.22 0.10 0.2 0.10 0.1 0.1 0.1 0 0.23 0.10 0.26

0.20 0.15 0.05 0.12 0.16 0 0.21 0.26 0.15 0.12 0.17 0.14 0.10 0.10
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0 0 0 0 0 0 0.05 0 0 0 0 0 0 0
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0.16 0.12 0.05 0.12 0.12 0 0.12 0.24 0 0.06 0.16 0.10 0.10 0.08

0 0 0 0 0 0 0 0 0 0 0 0 0 0.08

0 0 0 0 0 0 0 0 0 0 0 0 0 0

0 0 0 0 0 0 0 0 0 0 0 0 0 0

0.27 0.20 0.05 0.05 0.15 0.09 0.32 0.28 0.32 0.08 0.19 0 0.32

0 0.21 0 0.16 0.12 0.19 0.11 0.32 0.10 0 0.19 0.21 0.06

0.11 0 0 0 0 0 0.14 0.09 0.08 0 0.10 0.04 0.13

0 0 0.05 0 0 0 0 0 0 0.12 0 0 0

0 0.11 0.05 0.05 0 0.05 0 0.14 0 0.05 0 0.02 0

0

0

0

0.04

0

0.22 0.18 0.06 0.04 0.15 0 0.14 0.21 0.06 0 0.12 0 0.27 0

0 0.17 0 0.16 0.10 0.08 0.10 0.15 0.10 0.08 0.09 0.16 0.06 0

0.09 0 0 0 0 0 0.02 0 0 0 0 0.04 0.11 0

0 0 0 0 0 0 0 0 0 0 0 0 0 0

0 0.06 0 0 0 0 0 0 0 0 0 0 0 0
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Before test 

 
After test 

c) Beam 3-M20-3C-RL 

 
Before test 

 
After test 

d) Beam 4-M20-1C-RL 
 : Locations where the gap widths are measured. 

All the drawings use left as the west direction. 
Figure 5.19 Measured gap widths for the composite beams (units: inches) 

 

As shown in Table 5.12 in Section 5.6.2.6, because the tested beam strength and stiffness 

are very close to or greater than the predicted values, the width and distribution of the 

cracks between the planks may not adversely affect the performance of the beams.  
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0.46 0.05 0.14 0.28 0.16 0.05 0.10 0 0.05 0.10 0 0 0.17 0.25

0.13 0.32 0.23 0.32 0.14 0.13 0 0 0 0.12 0.20 0.23 0 0.08

0.06 0 0 0 0.05 0 0 0 0 0 0 0 0 0

0 0 0 0 0 0 0 0 0 0 0 0 0.05 0

0 0.09 0 0 0 0 0 0 0 0 0 0 0 0.05

0.08 0 0.16 0.23 0.30 0 0.20 0.19 0.39 0.19 0.47 0.18 0.18 0.25

0.21 0.19 0.20 0 0.15 0.17 0.10 0.20 0.12 0.43 0.11 0.26 0 0.20

0.09 0 0 0 0.08 0 0.07 0.08 0.10 0 0.13 0 0.06 0

0.11 0.08 0 0 0.04 0 0 0 0 0 0 0 0 0.04

0 0.09 0 0 0 0 0 0.09 0 0.15 0 0 0.05 0.09

0.07 0.05 0.17 0.20 0.20 0.05 0.17 0.07 0.17 0.19 0.43 0.19 0.19 0.10

0.20 0.19 0.09 0 0.10 0.16 0.08 0.20 0.10 0.19 0.08 0.23 0 0.18

0.05 0 0 0 0 0 0 0 0 0 0.05 0 0 0

0.13 0.05 0 0 0 0 0 0 0 0 0 0 0 0

0 0 0 0 0 0 0 0 0 0.05 0 0 0 0.15



223 
 

 

 Behavior of composite beam specimens  

 

Load and Resistance Factor Design (LRFD) is the most common approach to design a 

composite beam. In this method, the available flexural strength of the beam needs to 

exceed the required flexural strength generated by factored loads, as shown in Equation 

(5.1). Although the deflection of the beam may be checked at serviceability, it is not clear 

whether the beam behaves elastically under service loading. Therefore, it is important to 

understand the performance of the beam under unfactored loads by estimating the ratio of 

the required flexural strength at serviceability to the ultimate flexural strength of the 

beam. 

 ∅3G# ≥ G! (5.1) 

Assuming a beam is designed to support both dead load	F and live load	P, the service 

load acting on the beam may be taken as	F + P. If the design of the beam is controlled by 

strength, the required flexural strength under the factored loads 1.2F + 1.6P  is 

approximately 90% of the ultimate flexural strength of the beam (assuming a resistance 

factor = 0.9). The ratio of applied service load to applied ultimate load may thus be 

calculated as: 

 H =
F + P

(1.2F + 1.6P)/0.9 (5.2) 

This ratio varies from 0.56 to 0.75. The former is calculated by neglecting the dead load, 

while the latter is obtained if the live load is ignored.  

 

The total loading acting on a beam includes the weight of the concrete planks, steel beam, 

spreader beams, and plates, as well as the applied actuator loads. The weight of the 

clamps and bolts is very small and not accounted for. The weight of the concrete planks 

and steel beam is treated as a uniform loading, while the weight of the spreader beams 

and plates, along with the applied actuator forces, is regarded as concentrated point 

loading. It should be noted that as the concentrated forces are transferred to the steel 

beam, the loads spread and the actual loading scenario for the beam is between uniform 
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loading and concentrated loading. Since the actual weight of the steel components and 

concrete planks cannot be measured, the nominal weight is utilized for weight and 

bending moment calculation. The densities of concrete and steel are taken as 150 QR/4S.2 

and 0.284	QR/T<.2, respectively.  The self-weight of all the components is given in Table 

5.7. For simplicity, the total self-weight is thus estimated to be 25,000 lbs for all the 

composite beam specimens. For each specimen, the weight of the concrete planks and 

steel beam is about 20,000 lbs, and the resulting bending moment is 75 ft.-kips at the 

center sections of the composite beams. Similarly, the spreader beams and plates 

approximately weigh 5,000 lbs, leading to a moment of 22.5 ft.-kips at the same locations. 

Hence, at the mid-sections of the beams, the total bending moment under the self-weight 

equals 97.5 ft.-kips.  

 

Table 5.7 Self-weight of all the components in a composite beam specimen 

Component Quantities Weight per piece (lbs) 
Top spreader beam  2 1123 

Bottom spreader beam  4 498 
Plate under bottom spreader beam 8 95 

Concrete plank 15 1254 
Steel beam section  1 1289 (W14x38) or 891 (W14x26)  

Total 
25278 or 24709 lbs  
(843 or 824 lbs/ft.)  

 

 Specimen 1-M24-2C-RH 
 

The load-deflection curve of composite beam specimen 1-M24-2C-RH is shown in 

Figure 5.20. The curve is shifted from the origin to account for the bending moment and 

deflection under the self-weight of the composite beam and loading structures. Before 

applying any actuator load, the beam deflected about 0.38 in. under its self-weight after 

removing the wood supports used for shoring the beam during construction. This is 

equivalent to a bending moment of 97.5 ft.-kips at the center section of the beam. In 

Figure 5.20, the curve starts from 21.67 kips, which is calculated to be the equivalent 

concentrated loading to generate the same amount of bending moment at the center 

section as the total self-weight of 25,000 lbs obtained from the prior section. Such 

conversion enables all the loading (i.e., the self-weight and the actuator loads) to be 

treated as concentrated loading. As an alternative, the behavior of the specimen is 
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demonstrated by the relationship illustrated in Figure 5.21 between the center section 

moment and calculated beam end rotation that is taken as the average of the rotations at 

both ends of the beam. The initial stiffness of the moment-rotation curve is very close to 

those of the reloading curves of the 60% cycle and 80% cycle. The method of calculation 

to obtain the beam end rotations is shown in Appendix F.2.2. The range of load and 

moment that correspond to full service loading is indicated in the load-deflection curve 

and moment-rotation curve.  

 

Using the measured beam center deflection under its self-weight, the initial stiffness of 

the beam is calculated as: 25/0.38 = 65.8 kips/in. This stiffness may not be directly 

compared to the values given in Table 5.10 for three reasons. First, the beam might not 

have been “fully” shored during construction, and as such the composite beam might still 

be resisting a small amount of its self-weight. Consequently, the deflection may be 

underestimated. Second, the stiffness of a beam is dependent on the type of loading 

acting. The value given in Table 5.10 indicates the stiffness of the beam under 

concentrated forces, whereas after removing the shoring, the beam deflects under both 

uniform loading, which includes the weight of the concrete planks and steel beam, and 

concentrated loading, which includes the weight of the spreader beams and bearing plates.  

Third, it is unclear whether settling of the beam also contributes to the deflection. 

 

Major events are identified on the load-deflection curve, including initiation of steel 

beam yielding, initiation of slip of the clamps, registering of the first loud noise to be 

heard (first bang), and initial signs of concrete crushing. Steel beam yielding is defined 

based on the average tensile strain measurement at the bottom flange of the center section. 

However, material yielding may first occur at one of the two inner loading point sections 

that are under combined shear force and bending moment. In addition, in a hot-rolled 

steel section, the residual stress is tensile at the intersection region of the flange and web 

and compressive at the tips of the flanges. The residual stress in the bottom flange may 

cause the intersection region to yield earlier than the tips.  Slip of clamps is identified 

when the maximum measured slip is approximately 0.02 in., which is the slip level used 
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to determine the slip load of a slip test in accordance with the Appendix A of the RCSC 

Specification (2014). These definitions apply to the other beam specimens as well.  

 

During the first loading cycle at 40% of the expected flexural strength, the beam settled 

because a residual deflection of 0.101 in. was present when the load was removed. The 

load-deflection curves of the other two cycles at 40% of the expected flexural strength 

overlapped, indicating the beam was seated and behaved elastically at this load level. 

Nonlinear behavior was seen when the beam was loaded to 60% of its predicted flexural 

strength, as the slope of the load-deflection curve was reduced, and the strains at the 

bottom flange of the middle steel section exceeded the yield strain.  

 

Slip of the clamps was commonly accompanied by a noticeable bang which caused the 

beam to vibrate, and the actuator loads thus slightly decreased abruptly and oscillated, but 

the loads rebounded and stabilized quickly. This phenomenon, which could be due to a 

stick-slip mechanism, occurred frequently during the test. The stick-slip mechanism is 

also believed to result in the load oscillation and sudden slip measurement changes in the 

pushout specimens designed with shims. However, such events were not observed in the 

other pushout specimens. In the pushout tests, the clamps were subjected to direct shear, 

whereas the clamps in the beam specimens were loaded indirectly by bending of the 

beams. Only four clamps were tested in a two-channel pushout specimen, while all the 

clamps placed between the zero moment section and maximum moment section resisted 

the shear flow at the steel/concrete interface in a beam specimen. These differences 

between the two series of experiments may lead to the stick-slip behavior of the clamps 

in the beam specimens that use no shims. The post-peak strength of the specimen 

declined gradually, and this could be attributed to the localized concrete crushing at the 

inner loading point sections, which may reduce the stiffness of the sections and lower the 

positions of the resultant compressive forces in concrete.  
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Note: If the beam is strength-controlled and efficiently designed, the two black dashed lines illustrate the 
range of the full service loading, and the red dashed line indicates the full service loading when the dead 
load is 92.5 psf, as is used in the prototype structrues in Chapter 3.The red solid line indicates the 
strength predicted by the AISC design equations.  

Figure 5.20 Total load vs beam midspan deflection curve for Specimen 1-M24-2C-RH 
 

 
Note: If the beam is strength-controlled and efficiently designed, the two black dashed lines illustrate the 
range of the full service loading, and the red dashed line indicates the full service loading when the dead 
load is 92.5 psf, as is used in the prototype structrues in Chapter 3.The red solid line indicates the strength 
predicted by the AISC design equations. 

Figure 5.21 Center section moment vs beam end rotation curve for Specimen 1-M24-2C-RH 
 

AISC prediction 

AISC prediction 
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The actuator force variation is plotted in Figure 5.22. During the elastic cycles, due to the 

asymmetry of the beam, the forces in the two actuators were not identical, and the load of 

the east actuator was always larger than that of the west actuator, showing that the east 

half of the beam was stiffer than the west half. The difference was within 3 kips when the 

load target for both actuators was about 20.5 kips. When the west actuator force 

surpassed that of the east actuator, both actuator forces experienced sudden force 

changes. This coincided with the bang heard during the test, and slip of the east side 

clamps was also demonstrated in the slip measurements. The behavior of the actuators 

indicates that slip of the clamps probably reduced the stiffness of the east half of the 

beam. As a result of the larger applied load after the slip on the east side, major concrete 

crushing first happened at the west side of the beam, which altered the relative stiffness 

of the two halves of the beam again. In the inelastic range, the load applied to the west 

side of the beam was generally greater than that exerted on the east side, and more severe 

concrete crushing was also seen at the west side. 

 
Figure 5.22 Actuator force variation in Specimen 1-M24-2C-RH 

 

At a deflection of 4.5 in., tilting of the concrete slab became visible, possibly due to the 

uneven stiffness of the concrete slab at the north side and south side, as shown in Figure 

5.23a. When the beam deflected about 5.25 in., a bang was heard and abrupt changes 

were seen in the slip measurements of the clamps at the east side of the beam. 

Subsequently, loud bangs were heard as the beam deflected, signifying slipping of more 

clamps. Figure 5.23b illustrates the composite beam at a deflection of 9.0 in. As shown in 

Figure 5.23c, major concrete crushing occurred along the top edges of the concrete 
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planks at the inner loading point sections at a deflection of 9.0 in., and the crushing was 

more severe at the west side than at the east side. Minor and localized concrete crushing 

was also found between planks 10 and 11. When the deflection of the beam approached 

12.0 in., the in-plane rotation of the beam was measured at the outer bearing plates that 

support the spreader beams, with the rotational angles being 4.64 and 4.86 degrees at the 

west side and east side, respectively.  As the beam deflected, only the vertical 

components of the actuator loads contributed to the flexure of the beam, but as a result of 

the small rotation, the total actuator forces were used for bending moment calculation.  

 

Longitudinal cracks parallel to the steel beam were too narrow to discern during the test, 

even at the peak strength of the beam, but hairline cracks were found after inspecting the 

planks closely after the test. During the test, the strains of the longitudinal reinforcement 

embedded inside the concrete planks (i.e., reinforcement running in the long direction of 

the planks and thus perpendicular to the longitudinal axis of the beam) also indicated 

concrete cracking along the length of the beam. Transverse cracking (i.e., cracks 

transverse to the longitudinal axis of the beam, running in the long direction of the planks) 

was not seen throughout the test. Since the deconstructable composite beams are 

composed of concrete planks that are connected using threaded rods, the gaps between 

the planks are the weakest “link” in the system. When the concrete slab is under tension 

along its bottom edge, the gaps open and thus transverse cracking is not expected.  

 

When the beam center deflected approximately 13.6 in., the actuators were accidentally 

shut off due to some control issues, and the unloading of the specimen was thus 

completed in a very short period of time. Since the deflection of the beam was excessive, 

the specimen was not reloaded, and the test was thus terminated. Even though tilting of 

the concrete planks appeared to be significant, the lateral braces were not engaged during 

the test.  
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a) Tilting of concrete slab at 4.5 in. deflection b) Deflected steel beam at 9.0 in. deflection 

 
c) Concrete crushing at the west inner loading point at 9.0 in. deflection 

Figure 5.23 Observations in Specimen 1-M24-2C-RH 
 

 Specimen 2-M24-1C-RL 
 

The load-deflection curve of composite beam specimen 2-M24-1C-RL is shown in Figure 

5.24. Before applying any actuator load, the beam deflected about 0.48 in. under its self-

weight after removing the wood supports used for shoring the beam during construction. 

This is equivalent to a bending moment of 97.5 ft.-kips at the center section of the beam. 

The initial stiffness of the beam is estimated as: 25/0.48 = 52.1 kips/in. As an alternative, 

the behavior of the specimen is demonstrated by the relationship illustrated in Figure 5.25 

between the center section moment and calculated beam end rotation that is taken as the 

average of the rotations at both ends of the beam. The initial stiffness of the moment-

rotation curve is smaller than those of the reloading curves of the 60% cycle and 80% 

cycle. The range of load and moment that correspond to full service loading is indicated 

in the load-deflection curve and moment-rotation curve. 
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During the first three elastic cycles (i.e., 40% of the expected flexural strength), the beam 

settled. After the first cycle, a residual displacement of 0.162 in. was present. A residual 

displacement of 0.008 in. still existed after the last elastic cycle, which was probably due 

to the unrecoverable slip of the clamps after removing the loads.  

 

Similar to Beam 1-M24-2C-RH, load oscillation was seen when the clamps slipped, 

accompanied by noticeable bangs. The loads rebounded and stabilized quickly.  Although 

the slip of the clamps in Test 2-M24-1C-RL was larger than the clamp slip in Test 1-

M24-2C-RH, the occurrence of bangs and load oscillation was not as frequent as Test 1-

M24-2C-RH. Unlike Beam 1-M24-2C-RH, the strength degradation of Beam 2-M24-1C-

RL after severe concrete crushing was insignificant. The concrete crushing and 

whitewash flaking demonstrated that plastic hinges formed at the inner loading point 

sections. Localized concrete crushing at these two sections resulted in the decrease of the 

actuator forces, and the compression in the concrete could be distributed to a wider 

region. Since the sections had further bending capacity, the actuator forces gradually 

increased and then plateaued along with increasing beam deflection.  
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Note: If the beam is strength-controlled and efficiently designed, the two black dashed lines illustrate the 
range of the full service loading, and the red dashed line indicates the full service loading when the dead 
load is 92.5 psf, as is used in the prototype structrues in Chapter 3.The red solid line indicates the strength 
predicted by the AISC design equations. 

Figure 5.24 Total load vs beam midspan deflection curve for Specimen 2-M24-1C-RL 
 

 
Note: If the beam is strength-controlled and efficiently designed, the two black dashed lines illustrate the 
range of the full service loading, and the red dashed line indicates the full service loading when the dead 
load is 92.5 psf, as is used in the prototype structrues in Chapter 3.The red solid line indicates the strength 
predicted by the AISC design equations. 

Figure 5.25 Center section moment vs beam end rotation curve for Specimen 2-M24-1C-RL 
 

AISC prediction 

AISC prediction 
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Figure 5.26 shows the actuator force variation throughout the test. During the elastic 

cycles, the actuator loads were very close. At the 80% cycle, the concrete planks started 

to crush at the east inner loading point section. The crushing was probably accompanied 

by a stiffness change of the beam, because the west actuator force gradually surpassed the 

east actuator force. As the beam deflected, significant concrete crushing was first found 

at the east inner loading point section, causing the force of the east actuator to decrease 

substantially and the west actuator load to increase. Subsequently, a bang was heard 

which indicated slip of the clamps, with load oscillation observed in both actuators. The 

abrupt load changes on the curves represent the several bangs heard during the test. The 

actuators responded similarly when the concrete crushed at the west inner loading point 

section.  

 
Figure 5.26 Actuator force variation in Specimen 2-M24-1C-RL 

 

Unlike Specimen 1-M24-2C-RH that appears to have flat flanges, the profile of the 

W14x38 section in this specimen is similar to the lower sketch in Figure 5.5, and the 

worst tilt of the flanges is about 0.329 in., slightly larger than the tolerance of 5/16 in. 

(0.3125 in.) for sections deeper than 12 in. (AISC 303-16). For Specimens 3-M20-3C-RL 

and 4-M20-1C-RL, the tilt of the flanges is documented more comprehensively by 

measuring the flange tilt at the sections attached with strain gages (see Figure 5.11).   

 

When assembling the structural components, the concrete planks were shored such that 

they stayed flat during the construction. Therefore, gaps existed before the bolts were 

tightened. As the bolts were pretensioned, the firmest contact was established in the 
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vicinity of the bolts, and gaps were commonly seen between the steel flange and the sides 

of the concrete planks, as shown in the sketches in Figure 5.27. After the construction 

was complete and the wood supports were removed, tilting of the system was 

imperceptible. However, the planks tilted shortly after the actuator loads were applied 

and the beam settled. During the first three 40% cycles, tilting of the system was 

significant enough to engage the southeastern lateral brace to prevent further lateral 

deformation of the system. When the load was removed, the loading structure still bore 

against the lateral brace as a result of the settlement of the beam. Contact between the 

loading structure and the southeastern lateral brace persisted for the remaining of the test.  

When the beam was loaded to 60% of the predicted ultimate strength, a squeak was heard, 

and the axial load of rod 2 reduced considerably, which was probably caused by the 

localized and moderate concrete crushing at the east inner loading point section. No 

sudden force change was demonstrated by the east actuator. As discussed earlier, the 

slanted slide surfaces of the planks might lead to localized compressive stress between 

adjacent concrete planks, and thus the concrete crushing could be premature.  

 

  
Figure 5.27 Gaps and contact at steel/concrete interface during beam construction 

 

At a center deflection of 3.4 in., significant concrete crushing first occurred at the east 

inner loading point section, and as a result, the load of the east actuator dropped. At the 

east side of the beam, the whitewash on the web started to flake off at a deflection of 5.2 

in. When the beam deflected to 7.5 in., concrete crushing occurred at the west side of the 

beam, and the west actuator load consequently decreased. Crushing was also observed 

between planks 8 and 9 at a deflection of 11.2 in. Longitudinal cracking parallel to the 

steel beam was discovered during the test. These cracks usually appeared close to the 
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center of the planks that were under direct loading, and they were wider than those 

observed in Test 1-M24-2C-RH. Major observations from Test 2-M24-1C-RL are shown 

in Figure 5.28. 

 

  
a) Concrete crushing at west inner loading 

point 
b) Whitewash chipping at east inner loading 

point 

 
c) Longitudinal cracking in planks 10 and 11 

Figure 5.28 Observations in Specimen 2-M24-1C-RL (after terminating the test) 
 

Relative vertical movement was normally seen between a plank under the loading plates 

and its neighbor plank that was not loaded directly. This phenomenon was not 

pronounced in Specimen 1-M24-2C-RH, but was also observed in the other two 

specimens. For such planks, contact was achieved in the middle region, but gaps were 

usually present at the ends. Hence, the planks deformed together at the center, but 

individually at the ends. At the inner loading point sections, although both planks were 

under direct loading, relative vertical movement was still seen, as shown in Figure 5.29. 

If constructed with tongue-and-groove joints and better quality control, adjacent planks 

would deform together due to bearing between the tongue and the groove.  

 

cracks 
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Since the lateral brace was involved during the test, the actuator force was required to 

resist bending of the beam as well as the small amount of friction that may have occurred 

between the test specimen and the lateral brace, which was faced with Teflon sheeting. 

The horizontal reaction from the lateral brace can be assumed to be the horizontal 

component of the actuator force. As shown in Figure 5.30, the angle of the actuator 

cylinder with respect to the vertical axis is calculated as: U = ∆9/P , where ∆9  is the 

horizontal movement of the free end of the actuator, and P is the length of the actuator. 

Because the top spreader beam can move horizontally no more than 1/2 in. before 

contacting the lateral brace and the shortest length of the actuator is 72 in., the angle is 

conservatively calculated as 1/144. If the frictional coefficient between the top spreader 

beam and the Teflon sheeting is assumed to be 0.15, the friction between the specimen 

and the lateral brace is less than 1/1000 of the actuator force and considered negligible.  

 

 
Figure 5.29 Relative deformation between planks 

at inner loading point section 
Figure 5.30 Normal force at lateral brace 

 

Right before terminating the test, the actuator rotations resulting from the deflection of 

the beam and the lateral deformation of the concrete slab (i.e., tilting of the concrete slab) 

were measured. For the west actuator, the rotations were 1.78 and 0.36 degrees, 

respectively, and the rotations of the east actuator were 2.60 and 0.34 degrees, 

respectively. Since these angles were very small, the resultant actuator forces, rather than 

the vertical force components, were used for bending moment calculation. The testing 

was terminated at a beam center deflection of 13.7 in. 
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 Specimen 3-M20-3C-RL 

 

The load-deflection curve of composite beam specimen 3-M20-3C-RL is shown in 

Figure 5.31. By the time the full stroke of the center string pot, which measures the center 

deflection of the beam, was reached, the load-deflection curve still ascended slowly. It 

was thus decided to continue deflecting the beam until the beam almost touched the 

concrete strong floor or the load plateaued. Although the center deflection was not 

measured after the string pot was disabled, it may be extrapolated using the displacement 

measurements from the other sensors, as shown in Appendix F.2.3. Therefore, both the 

direct vertical deflection measurement from the center string pot and the indirect vertical 

deflection measurement extrapolated from the other sensors are used in Figure 5.31.  

 

Before applying any actuator load, the beam deflected about 0.79 in. under its self-weight 

after removing the wood supports used for shoring the beam during construction. This is 

equivalent to a bending moment of 97.5 ft.-kips at the center section of the beam. The 

initial stiffness of the beam is estimated as: 25/0.79 = 31.6 kips/in. As an alternative, the 

behavior of the specimen is demonstrated by the relationship illustrated in Figure 5.32 

between the center section moment and calculated beam end rotation that is taken as the 

average of the rotations at both ends of the beam. The initial stiffness of the moment-

rotation curve is smaller than those of the reloading curves of the 60% cycle and 80% 

cycle. The range of load and moment that correspond to full service loading is indicated 

in the load-deflection curve and moment-rotation curve. 

 

During the first three elastic cycles (i.e., 40% of the expected flexural strength), the beam 

settled. After the first cycle, a large residual displacement of 0.264 in. was seen. A 

residual displacement of 0.037 in. still existed after the last elastic cycle. As the slip of 

the clamps is tiny, settling of the beam is believed to be the main cause of the permanent 

deflection. The slope of the reloading curve of the 40% cycle is also smaller than that of 

the reloading curve of the 60% cycle, implying that the settling of the beam was not 

accomplished after the three elastic cycles. While the loading in this fully composite 

beam test never decreased, the ultimate strength of the beam was likely close to the 
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maximum that was achieved in the test, as the load-deflection curve exhibits a plateau 

region when the beam center deflected 16 in. Unlike the first two tests, load oscillation 

was not seen while the clamps slipped, which could be due to the very small magnitude 

of the slips.  

 

Based on the whitewash flaking pattern and concrete crushing locations, it can be inferred 

that a plastic hinge formed at the center section of the beam. The behavior of the center 

section influenced the actuator responses. After concrete crushing occurred, the 

compressive force in the center concrete plank redistributed and the location of the 

resultant force in the concrete might descend. The strain measurements on the steel 

section indicate that the strains continuously increased throughout the test. In addition, 

comparing the maximum strain measurements at the bottom flange of the center steel 

section (~31770 µε) to the strain at the initiation of strain hardening obtained from tensile 

coupon testing results (~22767 µε), it is seen that the bottom flange material has 

deformed into the strain hardening region. Hence, the load-deflection curve shows that 

the ultimate flexural strength of the beam did not decrease, although the resultant 

compression in the center concrete plank descended due to concrete crushing.  
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Note: If the beam is strength-controlled and efficiently designed, the two black dashed lines illustrate the 
range of the full service loading, and the red dashed line indicates the full service loading when the dead 
load is 92.5 psf, as is used in the prototype structrues in Chapter 3.The red solid line indicates the strength 
predicted by the AISC design equations. 

Figure 5.31 Total load vs beam midspan deflection curve for Specimen 3-M20-3C-RL 
 

 
Note: If the beam is strength-controlled and efficiently designed, the two black dashed lines illustrate the 
range of the full service loading, and the red dashed line indicates the full service loading when the dead 
load is 92.5 psf, as is used in the prototype structrues in Chapter 3.The red solid line indicates the strength 
predicted by the AISC design equations. 

Figure 5.32 Center section moment vs beam end rotation curve for Specimen 3-M20-3C-RL 
 

AISC prediction 

AISC prediction 
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The variation of the actuator forces is illustrated in Figure 5.33. During the elastic cycles, 

the load of the west actuator was about 40% larger than that of the east actuator, 

indicating that the west half of the beam was much stiffer than the east half. When the 

beam was loaded to 80% of its estimated flexural strength, minor concrete crushing 

occurred between planks 7 and 8. Consequently, the west actuator load dropped slightly. 

Major concrete crushing first occurred between planks 8 and 9, and as a result, the load in 

the east actuator decreased, while the west actuator load increased. The actuators 

responded in a similar manner when major concrete crushing was seen between planks 7 

and 8, with the loading of the west actuator increasing and the loading of the east actuator 

decreasing. At the end of the test, the loads in both actuators were very close.  

 
Figure 5.33 Actuator force variation in Specimen 3-M20-3C-RL 

 

After the bare steel section was placed on the roller and pin supports, the tilt of the 

flanges was measured at the sections attached with strain gages (see Figure 5.11) and 

shown in Table 5.8. It is seen that the worst tilt of the flanges is about 0.188 in., smaller 

than the tolerance of 5/16 in. (0.3125 in.) for sections deeper than 12 in. (AISC 303-16).  

 

Table 5.8 Tilt of Specimen 3-M20-3C-RL flanges  

Section :	(78. )	  :0	(78. ) : + :0	(78. ) 
1 0.075  0.034 0.109 
2 0.060 0.048 0.108 
3 0.070 0.034 0.104 
4 0.102 0.068 0.188 
5 0.088 0.037 0.125 
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As will be discussed in Section 5.6.5, according to the bolt axial strain measurements, 

some M20 bolts remained elastic after rotating the nut one and a half turns, which is the 

required nut rotation for yielding the M20 bolts after a snug-tight condition. The 

abnormal behavior of these M20 bolts can be correlated to the observations during bolt 

pretensioning.  

 

Assuming that a plank has a shape similar to the sketch shown in Figure 5.27, firm 

contact can be readily achieved between the plank and the steel beam after pretensioning 

the middle pair of bolts. The consequences of installing the other two pairs of bolts 

depend on the flexural stiffness of the steel flanges. For example, provided that the steel 

flanges are very stiff, no bending deformation is generated, and bolt yielding happens. If 

the steel flanges are flexible, the flanges deform until they bear against the concrete 

plank, as is the case for this specimen. In addition, the lips of the cast-in channels were 

supposed to be flush with the bottom surfaces of the concrete planks. However, all of the 

planks used in this test came from the same pour, and they shared the same issue that the 

concrete bottom surfaces were 1~2 mm higher than the channel lips. Hence, the steel 

flanges were also bent to contact the channel lips. It is noted that the planks tested in the 

first two experiments did not have the same problem.  

 

As illustrated in Figure 5.34, if the channel lips are flush with the bottom surface of the 

concrete plank, the length of the unbraced steel flange segment equals to the gap between 

the lips, lub. The unbraced length increases to the width of the channel, Lub , when the 

channel lips are not flush with the bottom surface of the concrete plank. To minimize the 

deformation of steel flanges under the compression transferred from the clamp teeth, 

further investigation is needed to ascertain the behavior of flanges of different thickness 

used with different channel and clamp sizes.  
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Figure 5.34 Unsupported steel flange in different scenarios 

 

After snug-tightening the bolts, the gaps between the planks and the steel flanges may not 

vanish, and the steel flanges may not bear against the channel lips. When a hydraulic 

wrench was utilized to rotate the nut one and a half turns, the bolts were further stretched 

only after closing the gaps and bending the flanges. As shown in Figure 5.35, bending of 

the steel beam flanges was observed after the bolt was pretensioned. Therefore, the actual 

elongations of the bolt shanks were less than that intended, and the bolts could still be 

elastic.   

 

RCSC Specification (2014) defines snug tight as “the condition that exists when all of the 

plies in a connection have been pulled into firm contact by the bolts in the joint and all of 

the bolts in the joint have been tightened sufficiently to prevent the removal of the nuts 

without the use of a wrench”. In this test, since the contact between the steel flanges and 

channel lips and between the steel flanges and concrete planks might not be firm, the 

connections were in fact not in a snug-tightened condition after applying the full effort of 

a worker on an ordinary spud wrench. In practice, it is advised that the channel lips be 

flush with the concrete surfaces to avoid bending of the steel flanges.  For a composite 

beam utilizing three channel planks, if wide gaps are present between the plank and the 

Steel beam  

Concrete plank  
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beam after pretensioning the first pair of bolts, the installation of the other bolts could be 

affected by the gaps. 

 

Based on the discussion in Section 5.6.5, since the tension in some bolts may not meet 

the minimum bolt pretension requirements in Table J3.1M in AISC 360-16, the actual 

percentage of composite action of the beam could be less than the ratio presented in 

Table 5.1. However, the specimen could still behave as a fully composite beam, since the 

specimen was designed with a percentage of composite action much larger than 100%. 

This is further validated by the tiny slip of the clamps. As a result, the available flexural 

strength of the beam could still be governed by the tensile strength of the steel section, 

rather than the shear strength of the clamps. This is substantiated by the comparison 

between the tested beam strength and the predicted beam strength shown in Table 5.12. 

 

 
Figure 5.35 Bending of steel flange after bolt pretension 

 

When the beam midspan deflection was around 1.8 in., minor concrete spalling occurred 

on the top surface of plank 8, and the southwestern brace was engaged because of tilting 

of the concrete slab. As the beam was loaded to 80% of its predicted flexural strength, the 

involvement of the southeastern brace prevented further lateral movement of the slab. At 

a beam center deflection of 3.2 in., moderate concrete crushing was found between 

planks 7 and 8. Severe concrete crushing was seen between planks 8 and 9 at 4.9 in. 

Bent flange 

Channel lip 

Concrete plank 
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center deflection, and the west actuator force experienced two consecutive drops. When 

the beam center deflected 5.9 in., the whitewash on the web of the center section started 

to chip off. At a beam center deflection of 11.5 in., minor concrete crushing was also 

found between planks 5 and 6 and between planks 6 and 7. In the first two tests, slip of 

the clamps was usually accompanied by loud noises; however, such noises were not 

heard in this test. Concrete crushing at the center section is shown in Figure 5.36. 

 

 
Figure 5.36 Concrete crushing at center section of Specimen 3-M20-3C-RL  

(after terminating the test) 

 

Right before terminating the test at a beam center deflection of 16.0 in., the actuator 

rotations resulting from the deflection of the beam and the lateral deformation of the 

concrete slab were measured. For the west actuator, the rotations were 2.22 and 0.20 

degrees, respectively, and the rotations of the east actuator were 3.16 and 0.40 degrees, 

respectively. Because of the small angles, the total actuator forces were used for moment 

calculation.  

 

 Specimen 4-M20-1C-RL 
 

The load-deflection curve of composite beam specimen 4-M20-1C-RL is shown in Figure 

5.37. After removing the wood supports used for shoring the beam during construction, 

the beam deflects about 0.89 in. under its self-weight. This is equivalent to a bending 

moment of 97.5 ft.-kips at the center section of the beam. The initial stiffness of the beam 

is estimated as: 25/0.89 = 28.1 kips/in. As an alternative, the behavior of the specimen is 

demonstrated by the relationship illustrated in Figure 5.38 between the center section 
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moment and calculated beam end rotation that is taken as the average of the rotations at 

both ends of the beam. The initial stiffness of the moment-rotation curve is smaller than 

those of the reloading curves of the 60% cycle and 80% cycle. The range of load and 

moment that correspond to full service loading is indicated in the load-deflection curve 

and moment-rotation curve. 

 

Similar to the other beams, settling of the beam is the main cause of the permanent 

displacement after the first 40% cycle. For the other 40% cycles, the residual deflection 

could result from the settling of the beam as well as the unrecoverable slip of the clamps 

after unloading the specimen. 

 

During the test, bangs were heard which were accompanied with load oscillation and 

sudden changes in the slip measurements. Because the slip was tiny, bangs were not 

heard in Test 3-M20-3C-R. Since the M20 clamps were tested in this specimen, the size 

of the clamps and the pretension of the bolts are smaller than the M24 clamps and bolts, 

and the noises were thus not as loud as those heard in Tests 1-M24-2C-RH and 2-M24-

1C-RL which utilize M24 clamps.     

 

According to the flaking of the whitewash on the beam, the first plastic hinge formed at 

the east inner loading point section. The plastic hinge at the west inner loading point 

section formed earlier than that at the center section. Ultimately, among the three 

sections, the most significant plastification occurred at the east plastic hinge, while the 

west plastic hinge had the least significant plastification. As a result of the severe 

plastification, the stiffness of the east inner loading point section was greatly reduced, 

and the east actuator force was much smaller than the west actuator force. Figure 5.39 

illustrates the actuator force variation throughout the test.  
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Note: If the beam is strength-controlled and efficiently designed, the two black dashed lines illustrate the 
range of the full service loading, and the red dashed line indicates the full service loading when the dead 
load is 92.5 psf, as is used in the prototype structrues in Chapter 3.The red solid line indicates the strength 
predicted by the AISC design equations. 

Figure 5.37 Total load vs beam midspan deflection curve for Specimen 4-M20-1C-RL 
 

 
Note: If the beam is strength-controlled and efficiently designed, the two black dashed lines illustrate the 
range of the full service loading, and the red dashed line indicates the full service loading when the dead 
load is 92.5 psf, as is used in the prototype structrues in Chapter 3.The red solid line indicates the 
strength predicted by the AISC design equations. 

Figure 5.38 Center section moment vs beam end rotation curve for Specimen 4-M20-1C-RL 
 

AISC prediction 

AISC prediction 
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Figure 5.39 Actuator force variation in Specimen 4-M20-1C-RL 

 

Beam 4-M20-1C-RL consists of 15 concrete planks, with 5 planks cast in each of the 

three pours. The 5 planks cast in the third pour shared the same issue with the planks 

tested in Specimen 3-M20-3C-RL in that the bottom surfaces of the concrete planks were 

not flush with the channel lips. Therefore, the bolts that connected these 5 planks with the 

steel beam could be insufficiently elongated and remained elastic. This speculation is 

proved by the measured bolt axial strains that were below or barely above the yield strain 

of the bolt material. However, as shown in Table 5.12, the tested strength of this beam is 

greater than the predicted strength, indicating that the behavior of the beam may not have 

been affected by the bolts with inadequate pretension.  

 

Similar to Specimen 3-M20-3C-RL, the tilt of the flanges was measured at the gaged 

sections and shown in Table 5.9 after the bare steel section was placed on the roller and 

pin supports. It is seen that the worst tilt of the flanges is about 0.413 in., much larger 

than the tolerance of 5/16 in. (0.3125 in.) for sections deeper than 12 in. (AISC 303-16).  

 

Table 5.9 Tilt of Specimen 4-M20-1C-RL flanges  

Section :	(78. )	  :0	(78. ) : + :0	(78. ) 
1 0.090 0.062 0.152 
2 0.015 0.235 0.250 
3 0.146 0.165 0.311 
4 0.178 0.156 0.334 
5 0.188 0.225 0.413 
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The west end of the beam started to engage the end steel guides during the loading of the 

60% cycle. Tilting of the specimen caused the concrete planks to contact the southwest 

brace in the 80% cycle. When the beam center deflected 3.8 in., concrete crushing 

occurred between planks 10 and 11 and between planks 11 and 12. A load bang was 

heard from the west side of the beam at a beam center defection of 4.4 in., and as a result, 

sudden changes were seen in the slip measurements. As a response, the west actuator 

force decreased, whereas the east actuator force increased. Later in the test, several bangs 

were heard, indicating slips of the clamps. At a center deflection of 4.9 in., the whitewash 

on the north side of the beam web began to chip off. More severe concrete crushing 

happened when the beam deflected 5.4 in. and 6.2 in.  Both actuator forces decreased at a 

beam deflection of 12.1 in., which may imply the occurrence of concrete crushing, but 

the crushing was unnoticeable. Flaking of the whitewash was more severe on the north 

side than the south side of the beam. When the beam deflected 12.8 in., the actuators 

were accidently shut off.  After restarting the actuators, the beam was further deflected 

until it almost touched the concrete strong floor.   

 

The actuator rotations resulting from the deflection of the beam and the lateral 

deformation of the concrete slab were measured before the test was terminated at a beam 

center deflection of 14.8 in. For the west actuator, the rotations were 1.94 and 0.32 

degrees, respectively, and the rotations of the east actuator were 2.88 and 0.26 degrees, 

respectively. As with the other specimens, the bending moment calculation still used the 

total actuator forces due to the small angles.  

 

The strength of the concrete planks in specimen 4-M20-1C-RL ranged from 6480 psi to 

7030 psi, but the specimen was not purposely designed to trigger failure at specific 

locations, and the plastic hinges still formed at the inner loading points, similar to the 

other specimens. In testing, a composite beam with varied concrete strengths may fail at 

the section where the concrete strength is the lowest, rather than at the maximum moment 

location. In design, use of concrete planks with different strengths may require that the 

available strength be compared to the required strength at all sections and that the former 

envelope the latter along the whole length of the beam. Further investigation may be 
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warranted to explore the behavior and design of composite beams with varied concrete 

strengths. 

 

After the tests, the composite beams were deconstructed by loosening the bolts, clamps, 

and rods. A typical deconstructed steel beam is shown in Figure 5.40. Impressions 

resulting from the normal force at the clamp teeth were seen on the beam flanges. In 

Beam 4-M20-1C-RL, the rotation of the clamps was not negligible, while the clamps in 

the other beams rotated slightly, which validates the observation from the pushout tests 

that the M20 clamps are more prone to rotate than the M24 clamps, and that clamps of 

adequate sizes should be used in this structural system to ensure little or no rotation at 

extreme loads. The steel flanges were bent where the planks from the third concrete pour 

were attached. Cracks in the vicinity of the bolts were found at the bottom surfaces of 

some planks. This cracking pattern is the same as that observed in the pushout tests, and 

the initiation of these cracks is discussed in Section 4.5.5 in Chapter 4.  

 

In conventional composite beams utilizing shear studs, despite the support from the 

composite slabs, top steel flange local buckling was reported in prior research (Toprac 

1965; Grant 1973), as shown in Figure 5.41. However, due to sufficient bracing of the 

clamps, this limit state was suppressed in all of the deconstructable composite beam 

specimens. 
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Deconstructed steel beam 1-M24-2C-RH Bent steel flange in beam 3-M20-3C-RL  

  
Before test  After test  

Rotation of northwestern clamp in beam 2-M24-1C-RL 

  
Before test After test  

Rotation of northwestern clamp in beam 4-M20-1C-RL 

 
Cracking at the bottom surface of plank 11 in beam 1-M24-2C-RH 
Figure 5.40 Observations after deconstructing composite beams 
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Figure 5.41 Top flange local buckling in conventional composite beams [after (Grant 1973)] 

 

Table 5.10 summarizes the key results of the four composite beam tests. In this table, the 

ultimate strength is the summation of the applied actuator loads and the self-weight of the 

specimen. The maximum deflection also accounts for the deflection resulting from the 

self-weight of the specimen. The elastic stiffness is defined as the tangential stiffness of 

two curves: the reloading curve of the 60% cycle and the reloading curve of the 80% 

cycle. The two curves are illustrated in Figure 5.42 using Test 2-M24-1C-RL as an 

example. Prior to reaching 60% of the predicted beam flexural strength, yielding of the 

beam or slip of the clamps may have occurred (Grant 1973; Rambo-Rodenberry 2002), 

whereas the behavior of the beam is elastic when it is unloaded or reloaded along the two 

curves.  

 

The stiffness comparison between the first two specimens indicates that the degree of 

shear connection affects the stiffness of the beams, but the other two specimens, which 

are designed with significantly different levels of composite action, have similar stiffness. 

Hence, further investigation is needed to determine the relationship between the degree of 

shear connection and the stiffness of the deconstructable beams. The stiffness in Table 

5.10 shows the stiffness of the tested composite beam specimens. Nonetheless, composite 

beams in structures are often framed into girders or columns. Leon (1990) showed that 
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the rigidity of the end connections significantly affected the deflection of a composite 

beam, as illustrated in Figure 5.43. 

 

It should be emphasized that the degree of shear connection and the degree of interaction 

are not interchangeable. The degree of shear connection indicates whether the shear 

connectors control the design of a composite beam, while the degree of interaction 

depends on the stiffness of the shear connectors. However, these two terms are directly 

related, as more shear connectors decrease the maximum slip and increase the degree of 

interaction of the beam. 

 

According to the load-deflection curves and moment-rotation curves shown in Section 

5.6.2.1 through Section 5.6.2.4, the behavior of the beams is nonlinear at full service 

loading which approximately corresponds to 56% ~75% of the ultimate strengths of the 

beams. In reality, when a beam experiences the maximum loading (for example, 60% of 

the ultimate strength) during its service life, yielding of the steel beam and slip of the 

clamps may occur, both of which are indications of nonlinear behavior. However, when 

the maximum loading is removed, the beam is unloaded elastically, and during the 

loading/unloading cycles in the future, the behavior of the beam always follows the 

elastic loading/unloading curve until the maximum bending moment the beam saw in the 

past is exceeded. Similarly, due to yielding of the steel beam and slip of the clamps, the 

beam deflection may be large when the beam experiences the maximum loading during 

its service life. In the future, if the maximum loading is not exceeded, due to its elastic 

behavior during loading/unloading, the deflection of the beam is approximately 

determined as the external loading divided by the elastic stiffness of the beam.  

 

To investigate this behavior further, in this work we assume the specimens are secondary 

beams in a structure, which are spaced at a distance of 10 ft., subjected to uniform 

loading and designed using AISC 360-16. If the dead load for all the beam specimens is 

presumed to be 92.5 psf, which is the same as that used in the prototype structures 

designed in Chapter 3, the live load the specimens are designed to support is 190.1 psf, 

146.1 psf, 130.1 psf, and 78.1 psf, respectively, which are calculated based on the design 
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flexural strengths of the beams (i.e., G#  in Table 5.12). It is normally assumed that 

secondary beams in structures are subjected to uniform loading. Hence, the design 

flexural stiffness, which is H#	given in Table 5.12, should be adjusted because the beam 

specimens are subjected to six-point bending. Based on statics, a beam under uniform 

loading is 21% stiffer than a beam under six-point bending. Using the adjusted beam 

stiffness, which are 54.7 kips/in., 43.8 kips/in., 40.5 kips/in., and 29.2 kips/in. for the four 

specimens, respectively, the live load deflection is determined as 1.04 in., 1.00 in., 0.96 

in., and 0.80 in., respectively. All the live load deflections are very close to or less than 1 

in. (L/360), which indicates that the design of the beams is strength controlled.  

 

Table 5.10 Composite beam test results 

Specimen # 

Elastic 
stiffness 
(kips/in.) 

Peak 
strength 
(kips) 

Strength at 
maximum 
deflection 

(kips) 

Maximum 
deflection 

(in.) 

Maximum slip 
(in.) Limit state 

k1 k2 West East 
1-M24-2C-

RH 
53.0 52.5 127.0 120.0 13.6 0.234 0.253 CC and 

ED 
2-M24-1C-

RL 
44.5 44.0 102.3 101.1 13.7 0.322 0.254 

CC and 
ED 

3-M20-3C-
RL 

37.5 36.2 80.8 80.7 16.0 0.018 0.009 
CC and 

ED 
4-M20-1C-

RL 
35.0 34.4 75.4 75.3 14.8 0.346 0.318 

CC and 
ED 

Note: CC = Concrete Crushing; ED = Excessive Deflection 

 

 
 

Figure 5.42 Composite beam stiffness definition 
Figure 5.43 Effect of end restraint on beam 

deflections [after (Leon 1990)]  
 

As shown in Table 5.11, in all the composite beam specimens, the compressive strength 

of the concrete slab (0.854'(*') is at least 5 times larger than the tensile strength of the 



254 
 

steel beam (+"*$) or the shear strength of the clamps (∑%#). The concrete crushing that 

was seen in the specimens occurred along the top edges of adjacent concrete planks. For 

conventional composite beams using monolithic concrete slabs, concrete crushing is 

uncommon if the strength of the concrete slab does not govern the design. Therefore, the 

discontinuity in the concrete plank system is a main cause of concrete crushing in the 

deconstructable composite beam specimens. However, at service and design load levels 

and deflections, concrete crushing was not significant in any of the specimens. Moreover, 

because of the construction tolerances discussed in Section 5.6.1, the contact between 

adjacent planks cannot be established through the whole depth and width of the planks. 

Gaps between the concrete planks prevent continuous flow of compressive forces along 

the whole width of the concrete slab. In addition, as shown in Figure 5.17, after 

pretensioning the rods, compressive stresses may concentrate and lead to early concrete 

crushing during the test. Nonetheless, as demonstrated in Table 5.12 in Section 5.6.2.6, 

the ultimate flexural strengths of the specimens do not appear to be affected by localized 

crushing of the concrete planks and gaps between the planks, which may be due to 

redistribution of the compressive force in the concrete slab and overdesign of the 

concrete slab.  

 

Table 5.11 Strength comparison between concrete, steel and clamps (units: kips)  

Specimen # 
Concrete plank 

(0.85/$0?$) 
Steel beam 
(.'?#) Clamp (∑!1)   

(0.85/$0?$) 
/smaller of (.'?#, ∑!1) 

1-M24-2C-RH 2653 588.5 486.2 5.46 
2-M24-1C-RL 3044 588.5 265.2 11.48 
3-M20-3C-RL 2488 360.3 496.8 6.91 
4-M20-1C-RL 3062 377.7 165.6 18.49 

 

In the test specimens, tongue-and-groove joints were eliminated that could facilitate 

vertical load transfer between adjacent planks. It may be inferred that if tongue-and-

groove joints were cast and the quality of the planks were better controlled, concrete 

crushing could be deferred in the tests and the discontinuity in the concrete plank system 

could be minimized, improving the overall performance of the specimens. 
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 Reusability of deconstructable composite beams  
 

As shown in Sections 5.6.2.1 through 5.6.2.4, prior to their full service loading, slight slip 

of the clamps occurred in Specimens 2-M24-1C-RL and 4-M20-1C-RL. The inelastic slip 

at the steel-concrete interface resulted in permanent deflections after the load was 

removed. However, the steel beams and concrete planks in these two beams remained 

nearly elastic at their full service loading. In contrast, Specimens 1-M24-2C-RH and 3-

M20-3C-RL exhibited slight yielding of the steel beams prior to their full service loading. 

According to AISC 360-16 (2016), composite beams are not required to remain elastic 

under service loading. As such, conventional composite beams may yield slightly at 

service loading. In addition, many composite beams are cambered during fabrication, 

introducing mild amounts of nonlinearity into the steel beams. It is likely that if these 

steel beams are reused, they may be restraightened or recambered. The maximum loading 

applied to a composite beam during its life may also be smaller than the full service 

loading, and structural members are generally somewhat stronger than their design 

strengths. For all these reasons, the deconstructed steel beam and concrete planks in the 

deconstructable composite beam are believed to be reusable with minor or no concern 

about any possible yielding that, in relatively rare cases, may occur at full service loading. 

 

 Strength and stiffness comparison  
 

The maximum bending moment the composite beam specimens are subjected to can be 

computed and compared to the available strength obtained using a rigid plastic analysis 

method, as shown in Equation (C-I3-10) given in the AISC 360-16 commentary (2016). 

The parameters needed in the strength design equation are illustrated in Figure 5.44. For 

the composite beam specimen, since the maximum bending moment occurs at one of the 

two inner loading point sections, the available flexural strength of the beam is predicted 

using the shear connectors between the inner loading point where the moment is the 

maximum and the near support. In the calculation, the effective width is assumed to be 90 

in., which is a quarter of the beam span. As indicated in Section 5.6.8, the influence of 

different effective widths on the strength and stiffness calculation of a composite beam is 

minimal. The elastic stiffness of the test specimen is defined in Figure 5.42, while the 
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stiffness of the specimen can be predicted using either an effective moment of inertia or a 

lower bound moment of inertia. The calculation of the two types of moment of inertia is 

detailed in Appendix I. The beam stiffness is computed using a lower bound moment of 

inertia and assuming four concentrated forces applied at the fifth points of the beam.  

Equation (C-I3-10) G = W(/* + /1) + X"(/2 − /1)  (5.3) 

where 

W = smallest of the yield strength of the steel section, +"*$, the compressive strength of 

the concrete slab, 0.854'(*', and the strength of the shear connectors, ∑%#, kips (N) 

X" = tensile strength of the steel section; X" = +"*$, kips (N) 

/* = distance from the centroid of the compression force, C, in the concrete to the top of 

the steel section, in. (mm) 

/1 = distance from the centroid of the compression force in the steel section to the top of 

the steel section, in. (mm). For the case of no compression in the steel section, /1 = 0. 

/2  = distance from X" to the top of the steel section, in. (mm) 

 

 

 
Figure 5.44 Plastic stress distribution for positive moment in composite beams 

 (reproduced from  AISC 2016a) 

 

The strength and stiffness comparison is given in Table 5.12. In this table, 	
G#  and H#  are calculated using nominal material properties, and the clamp strengths 

employ the strengths predicted with Equation (4.27) in Chapter 4. In contrast,  G5 and H5 

are calculated using tested material properties, and the clamp strengths use the strengths 

obtained from the pushout tests presented in Chapter 4. The predicted shear strengths of 

d3

a C
d1 d2

(Py+C)/2

Fy

Fy
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0.85f'c
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the M24 and M20 clamps are 19.15 kips and 13.25 kips, respectively, while the tested 

shear strengths of the M24 and M20 clamps are 22.13 kips and 13.83 kips, respectively. 

It is shown that the strength and stiffness of the beam specimens calculated using nominal 

material properties are very close to those calculated using tested material properties, 

indicating that the conservatively predicted clamp strengths do not result in overly 

conservative estimations of the beam strength and stiffness.   

 

Using the parameters of Beams 2-M24-1C-RL, 3-M20-3C-RL and 4-M20-1C-RL, 

examples are given in Appendix J to demonstrate the calculation of the predicted ultimate 

flexural strength and elastic stiffness of these three beams, which represent a partially 

composite beam with a neutral axis lying in the steel flange, a fully composite beam, and 

a partially composite beam with a neutral axis lying in the steel web, respectively.  

 

Table 5.12 Composite beam strength and stiffness comparison 

Test # 
Strength (ft.-kips) Stiffness (kips/in.) 

0% 01 02 0%/01 0%/02 B% B1 B2 B%/B1 B%/B2 
1 571 519 565 1.10 1.01 52.8 45.2 49.5 1.17 1.07 
2 469 431 466 1.09 1.01 44.3 36.2 38.9 1.22 1.14 
3 364 399 376 0.91 0.97 36.9 33.5 34.8 1.10 1.06 
4 351 295 296 1.19 1.19 34.7 24.2 25.3 1.43 1.37 

Mean 1.073 1.045 Mean  1.230 1.165 
Standard deviation 0.1016 0.0853 Standard deviation 0.1231 0.1213 

COV 0.0947 0.0816 COV 0.1000 0.1042 
Note:  

0% = Experimental flexural strength; 01 = Calculated flexural strength using nominal steel and concrete 

strength as well as predicted clamp strength; 02  = Calculated flexural strength using tested steel and 

concrete strength as well as tested clamp strength; 

B%  = Experimental beam stiffness; B1  = Calculated beam stiffness using nominal steel and concrete 

strength as well as predicted clamp strength; B2  = Calculated beam stiffness using tested steel and 

concrete strength as well as tested clamp strength.  

 

Rambo-Roddenberry (2002) summarized the experimental-to-predicted flexural strength 

of 64 composite beams using steel headed stud anchors, as shown in Figure 5.45. It was 

calculated that the average ratio was 1.017, and the standard deviation was 0.089. The 

strength comparison in Table 5.12 shows that the AISC design equations provide very 

good estimations for the flexural strengths of the partially composite beams utilizing M24 
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clamps and the fully composite beam utilizing M20 clamps. Although the capacity of 

Beam 4, a partially composite beam using M20 clamps, is underestimated by the AISC 

provisions, the ratio of 1.19 is still reasonable, given the scatter of the test-to-prediction 

ratios in Figure 5.45.   

 

 
Figure 5.45 Experimental-to-predicted beam strength versus percentage of composite action 

[after (Rambo-Roddenberry 2002) ] 
 

The elastic stiffness of a conventional composite beam utilizing shear studs is 

proportional to the percentage of composite action of the beam.  In a partially composite 

beam, the slip at the steel/concrete interface is larger than that in a fully composite beam 

in which the shear studs are not fully loaded and the deformation of the studs is not as 

significant. The deconstructable composite beams are slightly stiffer than the 

conventional composite beams, which could be due to different mechanisms of achieving 

composite action for the two types of shear connectors, with clamping connectors relying 

on the friction between the structural components and shear studs bearing against 

concrete slabs. The stiffness comparison given in Section 4.5.4.3 in Chapter 4 shows that 

clamps exhibit much larger initial stiffness than shear studs. The influence of the degree 

of shear connection on the stiffness of the beams is not decisive, since the stiffness of the 

first two specimens appears to be affected by the amount of composite action, whereas 

the other two specimens have similar stiffness.  

 

Ataei et al. (2016) recently tested four beam specimens utilizing deconstructable bolted 

shear connectors. The bolted shear connectors were embedded in the monolithic concrete 
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slab in CB1, which was designed as a fully composite beam. CB2 was similar to CB1, 

except that the bolts were post-installed and numerous concrete panels replaced the 

monolithic concrete slab. The difference between CB2 and CB3 and CB4 was the 

percentage of composite action. The experimental results show that the stiffness of CB1 

was 32% higher than that of CB2, and the authors believed that it was attributed to the 

monolithic slab in CB1 and the concrete panels that rotated and moved in CB2. Similar to 

the concrete crushing seen in the deconstructable composite beam tests, crushing at the 

top region of the panels was also observed in CB2. The authors concluded that the 

localized concrete failure mode between adjacent concrete planks led to the lower 

ultimate flexural strength of CB2 than CB1, as shown in Figure 5.46. However, this 

conclusion is not supported by the results presented in Table 5.12 which indicate that 

localized concrete crushing does not reduce the strength of the composite beams, 

particularly for Test 3-M20-3C-RL, the behavior of which is not governed by the shear 

connectors.  

 

  
a) CB1  b) CB 2 

Figure 5.46 Concrete crushing in different composite beam specimens  
[after (Ataei et al. 2016)] 

 

 Ductility  
 

In conventional composite floor systems, the behavior of partially composite beams with 

low composite action was reported to be less ductile than that of fully composite beams 

or partially composite beams with high composite action. For example, Figure 5.47 

illustrates the relationship between the normalized flexural strength and center deflection 
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of the composite beams tested by Toprac (1965). Beams 11 through 15 had a percentage 

of composite action of 100%, 75.8%, 32.4%, 33.2%, 33.2%, and 18.9%, respectively. 

Shear stud fracture occurred in Beams 13 through 15. Although the flexural strengths of 

all the beams exceeded the strengths predicted by the AISC provisions, Beams 13 

through 15 exhibited limited plastic deformation after reaching their ultimate flexural 

strengths.  

  

 
Note: Mu is the predicted ultimate flexural strength of the fully composite beam (i.e.,Beam 11).  

Figure 5.47 M/Mu versus center deflection for composite beams [after (Toprac 1965)] 
 

Although composite beams normally exhibit ductile behavior, there is no consensus on 

how to define ductility quantitatively. In the commentary for Appendix 1 in AISC 360-16 

(2016), rotational ductility is defined for steel beams, as shown in Figure 5.48. However, 

this definition cannot be applied directly to composite beams, which possess little or no 

overstrength.  
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Note: θp is the elastic rotation at Mp, which is the nominal plastic strength of the steel beam.  

Figure 5.48 Definition of rotation capacity [after (AISC 360-16)] 
 

The ductility of composite beams could be defined in several ways. The load-deflection 

curve or moment-rotation curve of a composite beam can be idealized as an elastic-

perfectly-plastic response, as shown in Figure 5.49. The slope of the elastic curve is taken 

as the stiffness of the composite beam which is calculated using a lower-bound moment 

of inertia. This results in a smaller and more conservative ductility index, compared to 

using the tested stiffness of the beam as the slope of the elastic curve. The plastic plateau 

may correspond to the peak strength predicted according to the AISC provisions, 80% of 

the predicted peak strength, or the tested peak strength of the composite beam. The 

deflection or rotation at the intersection of the elastic curve and the plastic plateau is 

defined as the yield deflection or rotation of the beam. The ultimate deflection or rotation 

uses the deflection or rotation at which the beam strength descends to 80% of the 

predicted strength. Otherwise, the deflection or rotation at which the test is terminated is 

employed as the ultimate deflection or rotation of the composite beam.  

 

Since almost no strength reduction is exhibited, the maximum deflections and rotations 

are employed as the ultimate deflections or rotations of the specimens. Therefore, the 

ductility of the composite beam specimens is calculated as:  

 ! = Δ!/Δ" or θ!/θ" (5.4) 

Where Δ" and θ"	are the yield deflection and yield rotation of the specimen, respectively; 

Δ! and θ!	are the ultimate deflection and ultimate rotation of the specimen, respectively.  
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Figure 5.49 Yield deformation and ultimate deformation of a composite beam  

 

The yield deflection or rotation, ultimate deflection or rotation, and ductility of the 

specimens are given in Table 5.13. It is shown that the ductility calculated based on the 

load-deflection curves is larger than that obtained from the moment-rotation curves. All 

the specimens have a ductility of at least 3, indicating that the beams would demonstrate 

significant plastic deformation at their ultimate strengths and sufficient warnings of 

imminent failure. 

 

Key parameters, such as strength, stiffness and ductility, cannot fully represent the 

overall load-deflection behavior of composite beams. It is instrumental to address this in 

comparing the overall behavior of conventional composite beams using monolithic 

composite slabs and shear studs to that of deconstructable composite beams using precast 

concrete planks and clamps. A direct way is to plot different load-deflection curves 

together. However, the load-deflection curve of a composite beam is dependent on the 

test setup, such as the length of the beam, the moment of inertia of the beam section, and 

the loading pattern. In Figure 5.50, the load-deflection curves are modified to eliminate 

the influences of these parameters. For each curve, the load is normalized relative to the 

peak strength of the beam, and the deflection is multiplied by the stiffness of the beam 

which is calculated using a lower-bound moment of inertia. The specimens tested by 

Grant (1973) and Rambo-Rodenberry (2002) are employed as examples of conventional 

composite beams, as the lengths and sizes of these beams are similar to those tested in the 

beam tests. The test configurations for these two sets of experiments are given in Figure 

5.51. Equations (5.5) through (5.16) show the stiffness of the beams used in the 

comparison.  
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As depicted in Figure 5.50a, the overall load-deflection behavior of the deconstructable 

composite beams is similar, even though Beam 1-M24-2C-RH appears to be more 

flexible than the others. In Figure 5.50b, the curves representing the tests performed by 

Rambo-Roddenberry (2002) are very close, since the specimens differ only in the 

percentage of composite action. The beams tested by Grant (1973) are different in several 

aspects, including length, degree of shear connection, concrete slab width and height, 

etc., which may result in the disparity among the curves. Figure 5.50c shows that the 

behavior of the deconstructable composite beams resembles that of the conventional 

composite beams.   

 

Deconstructable composite beams: 

Test 1 
H =

>Z
0.01575Q2 = 29800 × 1188 (0.01575 × 3602⁄ )

= 48.18 HT[\ T<.⁄  
(5.5) 

Test 2 
H =

>Z
0.01575Q2 = 29800 × 958 (0.01575 × 3602)⁄

= 38.85 HT[\ T<.⁄  
(5.6) 

Test 3 
H =

>Z
0.01575Q2 = 30000 × 853 (0.01575 × 3602)⁄

= 34.82 HT[\ T<.⁄  
(5.7) 

Test 4 
H =

>Z
0.01575Q2 = 29500 × 631 (0.01575 × 3602)⁄

= 25.33 HT[\ T<.⁄  
(5.8) 

Conventional composite beams: 
Grant (1973) 

Beam 1c1 
H =

>Z
0.01537Q2 = 29400 × 860 (0.01537 × 2882)⁄

= 68.86 HT[\ T<.⁄  
(5.9) 

Beam 1c2a 
H =

>Z
0.0163Q2 = 30100 × 863 (0.0163 × 3842)⁄

= 28.14 HT[\ T<.⁄  
(5.10) 
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Beam 1c2b 
H =

>Z
0.0163Q2 = 28900 × 940 (0.0163 × 3842)⁄

= 29.43 HT[\ T<.⁄  
(5.11) 

Beam 1c3 
H =

>Z
0.01537Q2 = 29400 × 797 (0.01537 × 2882)⁄

= 63.82 HT[\ T<.⁄  
(5.12) 

Beam 1c4 
H =

>Z
0.0163Q2 = 28900 × 1081 (0.0163 × 3842)⁄

= 33.85 HT[\ T<.⁄  
(5.13) 

 
Rambo-Roddenberry (2002) 

Test 1 
H =

>Z
0.01418Q2 = 29000 × 863 (0.01418 × 3602)⁄

= 37.83 HT[\ T<.⁄  
(5.14) 

Test 2 
H =

>Z
0.01418Q2 = 29000 × 797 (0.01418 × 3602)⁄

= 34.94 HT[\ T<.⁄  
(5.15) 

Test 3 
H =

>Z
0.01418Q2 = 29000 × 833 (0.01418 × 3602)⁄

= 36.52 HT[\ T<.⁄  
(5.16) 
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Table 5.13 Ductility of composite beam specimens  

Specimen 
Δ! (in.) θ! (rad) Δ" (in.) θ" (rad) 

Ductility  

Deflection Rotation 

Mp Mu 0.8Mp Mp Mu 0.8Mp Mp Mu 0.8Mp Mp Mu 0.8Mp 
1-M24-2C-RH 2.54 2.57 2.03 0.023 0.023 0.018 13.6 0.082 5.35 5.29 6.70 3.57 3.53 4.46 
2-M24-1C-RL 2.60 2.63 2.08 0.023 0.024 0.019 13.7 0.083 5.27 5.21 6.59 3.55 3.51 4.43 
3-M20-3C-RL 2.44 2.36 1.95 0.021 0.020 0.017 16.0 0.082 6.56 6.78 8.21 3.88 4.00 4.84 
3-M20-3C-RL 2.50 2.98 2.00 0.023 0.027 0.018 14.8 0.087 5.92 4.97 7.40 3.80 3.20 4.75 

 

 

   

a) Deconstructable composite beams b) Conventional composite beams 
c) Deconstructable and conventional 

composite beams 
Figure 5.50 Load-deflection curve comparison 
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a) Grant (1973) 

 
b) Rambo-Roddenberry (2002) 

Figure 5.51 Composite beam test setups [after (Grant 1973) and (Rambo-Roddenberry 2002)] 
 

In addition to evaluating ductility at a component level, ductility was also studied at a 

cross-section level. A ductile moment-curvature response is required for the plastic 

design of continuous beams. In plastic design, ductility allows moment redistribution to 

occur after the plastic strength of the weakest section in the system is reached. 

Ultimately, the system attains the maximum strength when all the plastic hinges form and 

the system becomes unstable. It is shown that negative moment hinges are “strain-

hardening”, and moment redistribution occurs because of their ductile behavior. In 

contrast, depending on the material properties and geometries of the steel beam and 

concrete slab, positive moment hinges could exhibit either “strain-hardening” or “strain-

softening” behavior. To ensure moment redistribution at positive moment hinges, the 

section has to meet certain ductility criteria (Rotter et al. 1978; Oehlers et al. 1995).  
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 Camber  
 

In conventional composite construction, steel beams are commonly cambered before 

pouring the concrete slab to counteract the deflection caused by a portion of the dead 

load, full dead load or full dead load plus a portion of the live load (Ricker 1989).  

Camber can be achieved by either force (cold bending) or heat (hot bending). The amount 

of camber should be carefully assessed. Insufficient camber makes more concrete 

accumulate at the center of the beam and results in a ponding effect. On the other hand, 

excessive camber leads to the exposure of the shear studs welded onto the steel beams or 

concrete slabs with excessive thickness. Two papers presented at the 1996 North 

American Steel Construction Conference advocated the use of 80% of the dead load for 

cambering, as the shear tab connections at the ends of composite beams provide some 

rotational resistance, restraining the deflection of the beams (Downey 2006).  

 

The stress induced by camber is illustrated in Figure 5.52. During camber, the top flange 

of the steel beam is in tension, and the bottom flange is in compression. Despite the 

tensile and compressive stress, the cambered steel section is in equilibrium after the 

process is complete. When a steel beam is cambered, the material deforms into the 

inelastic region and plastic deformation occurs. Residual deformation exists after the 

process is finished.  Since the steel beam specimens in the experimental program are not 

cambered, the influences of the camber stress are not accounted for in the load-deflection 

curves. The camber stress has no effect on the ultimate strengths of the beams, but the 

linear elastic behavior of the beams is affected since the sections yield earlier, which is 

similar to the effect of residual stress on the ultimate strengths and elastic behavior of 

steel beams.  
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Loading Unloading  Resultant stress 

Figure 5.52 Camber stress in a symmetric steel section 
 

 Effect of friction produced by actuator loading and self-weight of specimen  
 

In the composite beam specimens, the required shear flow between the steel beam and 

concrete planks is equilibrated by the shear resistance of the clamping connectors and the 

additional friction at the steel/concrete interface produced by the self-weight of the planks 

and the actuator loads. The beneficial effect of the additional friction is estimated by 

calculating the ratio of the friction induced due to the self-weight and actuator loading to 

the total shear resistance between the maximum moment section and the near support. 

The axial force at the steel/concrete interface is conservatively assumed to equal the 

actuator loading and self-weight of the planks, while the actual axial force distribution is 

governed by Equation (5.17) and illustrated in Figure 5.53. A value of 0.17, which is 

calculated in Table 4.11 in Chapter 4, is used as the frictional coefficient between the top 

flange of the steel beam and the cast surface of the concrete plank. The ratios given in 

Table 5.14 show that the contribution from the actuator loading and self-weight of the 

composite beam specimens to the total horizontal shear resistance of the specimens is 

very small. This may indicate that the behavior of the beam would not be strongly 

affected if the actuator loading is not applied on the concrete planks, but to the bottom 

flange of the steel beam.   

 ! − # =
%&!
%'

 (5.17) 

  

C 

T 
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Figure 5.53 Axial interface force in a composite beam 
 

Table 5.14 Effect of additional friction produced by self-weight and actuator loading 

Specimen # 
Clamps Actuators and self-weight 

Total resistance 
  (kips) Ratio 

( )"  
(kips) 

()"  
(kips) 

*#   
(kips) + +*#   

(kips) 
1-M24-2C-RH 22 22.1 486.2 55.1  7.52 0.17 10.65 496.8 0.021 
2-M24-1C-RL 12 22.1 265.2 47.4 7.52 0.17 9.34 274.5 0.034 
3-M20-3C-RL 36 13.8 496.8 33.4 7.52 0.17 6.96 503.8 0.014 
4-M20-1C-RL 12 13.8 165.6 37.4 7.52 0.17 7.64 173.2 0.044 

 

 Slip of clamps 
 

In an idealized situation, due to the symmetry of the beam, the relative slip between the 

concrete and steel is zero at the center section in a simply supported composite beam 

under uniform loading, and the slip variation along the length of the beam can be 

calculated using Equation (5.18), and the parameters are shown in Figure 5.54. Based on 

this equation, the slip between the steel beam and concrete slab increases from zero at the 

center section to the maximum at the end of the beam. 

 , = -! − -$ = . /!
%

&

%' − . /$
%

&

%' (5.18) 

Uniform loading q 

Steel-concrete interface 

 
r 

!!  !! + #!!  

!" !" + #!" 
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a) Undeformed configuration b) Deformed configuration 

 
 

c) Strain distribution d) Slip strain 
Figure 5.54 Slip in a composite beam [after (Oehlers et al. 1995)] 

 

The applied load-slip response for all the beam specimens is plotted in Figure 5.55. As 

demonstrated in the pushout tests, the clamping connectors are very stiff before slip 

occurs. Likewise, the initial stiffness of the load-slip curves of the beam specimens is 

very large, but as the ultimate strength is approached, the curves become nearly 

horizontal.  

 

The ultimate slip demand of the clamps in Specimens 2-M24-1C-RL and 4-M20-1C-RL 

is greater than the slip capacity of a 3/4 in. steel headed stud anchor embedded in a solid 

concrete slab, which is about 0.29 in. based on the equations proposed by Oehlers et al. 

(1986), but much smaller than the slip capacity of the clamps tested in the pushout tests 

(see Chapter 4). The AISC Specification (2016), for the first time, explicitly requires 

consideration of the ductility demand at the steel-concrete interface of composite beams 

to avoid premature shear connector failure. Given their excellent slip capacity, this check 

might be omitted for the clamping connectors.   
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Test 1-M24-2C-RH Test 2-M24-1C-RL 

  
Test 3-M20-3C-RL Test 4-M20-1C-RL 

Note: If the beam is strength-controlled and efficiently designed, the two black dashed lines illustrate the 
range of the full service loading, and the red dashed line indicates the full service loading when the dead 
load is 92.5 psf, as is used in the prototype structrues in Chapter 3. 

Figure 5.55 Applied load-slip response of composite beam specimens 
 

The black dashed lines in Figure 5.55 indicate the range of the full service loading of the 

beams. At serviceability, the slip experienced by the clamps is no more than 0.02 in. in 

Tests 2-M24-1C-RL and 4-M20-1C-RL, which is approximately 1/18 of the ultimate slip 

measured in the tests. Although the degree of shear connection of Beam 2-M24-1C-RL is 

much smaller than that of Beam 1-M24-2C-RH, the maximum measured slip in Beam 2 

is not significantly larger than that in Beam 1. The slip is trivial in Specimen 3-M20-3C-

RL, since the specimen is a fully composite beam and the percentage of composite action 

is very high. The comparison of the slip measurements between different tests further 

justifies that the degree of interaction is proportional to the degree of shear connection, 

while the amount of slip is inversely proportional to the degree of shear connection. 

Compared to the slips the clamps undergo in the pushout tests, the ultimate slips of the 

clamps in the composite beam specimens are much smaller. The slips at S5 and S6 are 
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trivial in all the specimens, which is in agreement with the relatively constant moment 

and insignificant shear between the inner loading points.  

 

In Test 2-M24-1C-RL, the clamps slipped during the loading/unloading cycles, while the 

clamps were not as responsive to these cycles in Test 1-M24-2C-RH which has a much 

higher percentage of composite action. This observation also applies to Tests 3-M20-3C-

RL and 4-M20-1C-RL. In Tests 2-M24-1C-RL and 4-M20-1C-RL, the unrecoverable slip 

is shown in Figure 5.55 after the beams are unloaded. This is a source of the permanent 

deflection of these two beams during the loading/unloading cycles.  

 

Depending on whether the beam is loaded or reloaded, the behavior of the clamps differs 

significantly. For example, the load-slip curve of Test 2-M24-1C-RL begins to soften 

before completing the 40% cycles. The softening behavior continues as the beam is 

loaded to the peak strength of the 60% cycle. The beam is then unloaded and reloaded, 

and very stiff behavior is exhibited by the clamps. The distinct behavior of the clamps at 

different stages partially explains why the initial stiffness of the load-deflection or 

moment-rotation curve is smaller than that of the reloading curves of the 60% cycle and 

80% cycle.  

 

As shown in Figure 5.56, the slip variation along the length of the beams is different from 

the idealized variation given in Figure 5.54, but the slip distribution appears to follow the 

same pattern as the load increases. The irregularity of the slip measurements in Test 3-

M20-3C-RL may result from the insufficient resolution of the slip sensors for such small 

movement and the sensitivity of the actual slip to secondary effects, such as gaps between 

the concrete planks, nonlinearity of the beam, and crushing of the concrete planks. 

However, the slip measurements are adequate to show that Specimen 3 is a composite 

beam with almost full interaction at the steel/concrete interface. Some asymmetry is 

usually seen in the tests, with one end being more responsive to the loading and 

displaying larger slips than the other end.  
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Test 1-M24-2C-RH Test 2-M24-1C-RL 

  
Test 3-M20-3C-RL Test 4-M20-1C-RL 

Note: The dashed lines show the positions of the applied loads. The dotted lines indicate the center sections 
of the beams.   

Figure 5.56 Slip of clamping connectors along the beams at various load levels 
 

 Beam section strain  
 

 Strain distribution along the depth of the section  
 

In a composite beam, as shown in Figure 5.57, the plastic neutral axis (PNA) locations 

vary depending on the strengths of the steel beam, concrete slab, and shear connectors. 

For a fully composite beam, only one PNA exists which develops in the concrete slab (or 

the steel section) if the strength of the steel section is smaller (or larger) than that of the 

concrete slab. The stress and strain distribution of case 3 in Figure 5.57 is typical of 

partially composite beams where the strength of the shear connectors governs. In order to 

maintain equilibrium, both the concrete slab and steel beam are partially in tension and 

partially in compression. Hence, one PNA lies in the concrete slab; the other one lies in 

the steel beam.  
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Case 1: full shear connection;  $"%# < 0.85+!$$!	-.#	 ∑0%		 

 

 
Case 2: full shear connection; 0.85+!$$! < $"%#	-.#	∑0%		 

 

 
Case 3: partial shear connection; ∑0% < $"%#	-.#	0.85+!$$!		 

Figure 5.57 Stress and strain diagrams for full and partial shear connection  
 

Figure 5.58 illustrates the strain distribution along the depth of the instrumented 

composite beam sections in the specimens.  The locations of the sections can be found in 

Figure 5.11 in Section 5.4. As shown in Figure 5.12, the arrangement of the strain gages 

is symmetric with respect to the weak axis of the steel section. The steel section strains 

use the average of the readings from the two gages at the same location. Except for the 

center section (section 3), the concrete strain at the top (or bottom) surface uses the 

average of the top (or bottom) strain measurements. At section 3, the concrete strains 

were measured across the width of the slab, but the strains were not uniform due to the 

shear lag effect (see Section 5.6.8). Because they are closer to the steel section, readings 

from NT3, M and ST3 are used for the top strain calculation, and readings from NB3 and 

ε σ 

ε σ 

ε σ 
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SB3 are used for the bottom strain calculation. Figure 5.12 illustrates the locations of 

these gages.  

 

By comparing the curvature in the steel beam and the curvature in the concrete plank, the 

assumption that plane sections remain plane can be verified at various load levels. 

Shifting of the neutral axis (NA) locations is demonstrated in all the graphs. The NA in 

the steel sections are located above the mid-height of the steel sections, which implies 

that the clamping connectors enable the steel beams and concrete planks to behave 

compositely, shifting the NA towards the concrete planks. The tensile strains at the 

bottom flanges of the beams are also much greater than the compressive strains at the top 

flanges of the beams. The following conclusions can be drawn from Figure 5.58 for the 

instrumented sections in the beam specimens:   

 

• Beam 1-M24-1C-RH: Although Beam 1-M24-1C-RH is a partially composite 

beam, the strain distribution of the sections is different from case 3 depicted in 

Figure 5.57. The NA is seen in the steel web at sections 1 and 5, but the concrete 

plank measurements imply the planks are in full compression. At sections 2 and 4, 

the NA in the steel web is higher than those at sections 1 and 5, and the concrete 

planks are again shown to be fully in compression. As the load increases, the 

bottom surface of the plank at section 3 is barely in tension, and the whole center 

steel section is also in tension. This strain distribution is somewhat similar to case 

1 in Figure 5.57.  

 

• Beam 2-M24-1C-RL and Beam 4-M20-1C-RL: The strain distribution of all the 

sections resembles case 3 described in Figure 5.57. Two NA are found at each 

section, with one existing in the concrete plank and the other one lying in the steel 

web. The NA in the steel beam migrates towards the top steel flange as the 

loading increases, but the rise is not as tremendous as that seen in Beams 1-M24-

1C-RH and 3-M20-3C-RL. Compared to Beams 1-M24-1C-RH and 3-M20-3C-

RL, the tensile strains measured at the bottom surfaces of the planks are normally 

much larger.  
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• Beam 3-M20-3C-RL: Beam 3-M20-3C-RL is a fully composite beam with high 

composite action, but a small amount of slip strain is still observed at all the 

sections in the beginning of the test. A NA lies in the steel web at sections 1 and 

5. The concrete plank is fully in compression at section 5, but the plank at section 

1 is partially in compression. Steel section 4 is in full tension at the ultimate state 

of the beam, but steel section 2 is partially in tension. At the ultimate state, the 

whole center steel section is in tension and the strain distribution becomes similar 

to case 1 depicted in Figure 5.57. Although the bending moment of section 3 is 

larger than that of section 2, the strain at the bottom flange of section 3 is 

occasionally less than of section 2.  

 
Overall, at the ultimate state, with the exception of Beam 1-M24-1C-RH, the strain 

diaphragms at the center sections of the beams conform to the theoretical strain diagrams 

shown in Figure 5.57. For the partially composite beams (i.e., Beams 2-M24-1C-RL and 

4-M20-1C-RL), two NA are seen at the center section, with one NA lying in the steel 

beam and the other one lying in the concrete slab. Slip strain is found at the steel/concrete 

interface. For the fully composite beam (i.e., Beam 3-M20-3C-RL), only one NA exists 

which lies in the concrete plank, and strain continuity is seen at the steel/concrete 

interface. Since the percentage of composite action of the partially composite beam 1-

M24-1C-RH is as large as 82.7%, its behavior is somewhat similar to a fully composite 

beam.  
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Section 4 

 

 

 
Section 5 

Test 4-M20-1C-RL 
Note: The dashed lines delineate the steel-concrete interface of the sections; the dotted lines depict the 
zero strain locations; the loading shown in the legends represents the applied actuator loading.  

Figure 5.58 Strain distribution at instrumented sections  
 

 Location of neutral axis in steel beam 
 

The NA in a steel section can be located by finding the zero strain position. The applied 

load versus NA location response is plotted in Figure 5.59 through Figure 5.62. In these 

plots, The NA location is measured from the bottom flange of the steel section. The NA 

of all the instrumented sections normally rise along with increasing loading or deflection. 

Distinct behavior is seen at the center sections in Beams 1-M24-2C-RH and 3-M20-3C-

RL and Beams 2-M24-1C-RL and 4-M20-1C-RL. In Beams 1 and 3, the NA of section 3 

ascend very quickly at the ultimate state of the beams. When the NA lie in the concrete 

planks, the steel sections are in full tension. It is unrealistic that the NA of section 3 are 

above the top surfaces of the concrete planks, which could be due to neglecting the slip 



284 
 

existing at the steel/concrete interface. Concrete crushing occurring at the center plank of 

Beam 3 may cause the descending of the NA of section 3. The migration of the NA of 

section 3 in Beams 2 and 4 is not as significant as that in Beams 1 and 3.   

 

  
Sections 1 and 5 Sections 1 and 5 

  
Sections 2 and 4 Sections 2 and 4 

  
Section 3 Section 3 

Figure 5.59 Applied load versus neutral axis 
location in steel beam in Test 1-M24-2C-RH 

Figure 5.60 Applied load versus neutral axis 
location in steel beam in Test 2-M24-1C-RL 
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Sections 1 and 5 Sections 1 and 5 

  
Sections 2 and 4 Sections 2 and 4 

  
Section 3 Section 3 

Figure 5.61 Applied load versus neutral axis 
location in steel beam in Test 3-M20-3C-RL 

Figure 5.62 Applied load versus neutral axis 
location in steel beam in Test 4-M20-1C-RL 
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 Load versus steel section strain  
 

The applied load versus steel section strain relationship is illustrated in Figure 5.63. The 

following can be observed:  

 

• Beams 1: At sections 1 and 5, the compressive strains measured at the top flanges 

grow along with increasing load. Since the behavior of sections 1 and 5 is nearly 

elastic, the load versus bottom flange strain curves are almost linear throughout 

the test. The compressive strains at the top flanges of sections 2 and 4 first 

increase until the 80% cycle, then decrease, and eventually increase again. For 

section 3, the top flange strain first increases in compression until the 60% cycle, 

then decreases, and finally increases in tension, implying the NA has migrated 

above the bottom of the top flange. Because of the rapid increase in the readings 

of gages 4NBF, 3NBF, and 3SBF, curves 3BF and 4BF are different from the 

other curves. When the average bottom flange strain reaches 1063 µε, the load 

versus 3BF curve exhibits a plateau. However, the load-center deflection curve 

does not exhibit clear nonlinearity at the same strain, which may imply that the 

yielding of the bottom flange is quite localized and has a minimal impact on the 

behavior of the beam.  

 

• Beam 2: At sections 1 and 5, the compressive strains measured at the top flanges 

first increase and then decrease, while the strains of sections 2 and 4 increase 

throughout the test. The top flange strain of section 3 grows until 60 kips, and the 

subsequent variation is insignificant. The load versus 3BF curve is no longer 

linear when the average bottom flange strain exceeds 1020 µε, but the load-center 

deflection curve still shows a linear relationship.  

 
• Beam 3: For all the sections, the strains of the top flanges first increase in 

compression, and then decrease. At sections 1 and 5, the top flange strains remain 

compressive throughout the test, while tensile strains are eventually seen at the 

top flanges at the other sections, indicating the NA have risen above the bottom of 
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the top flanges. For section 3, the curves for the other strains are similar, but the 

slopes are different since the strains increase at different rates. It is noticed that 

the bottom flange strain is occasionally smaller than the strains measured at the 

web.  

 
• Beam 4: At all the sections, the compressive strains measured at the top flanges 

first increase and then decrease. At a strain of 1340 µε at the bottom flange of the 

center section, the load versus 3BF curve is nonlinear. Meanwhile, the load-center 

deflection curve becomes nonlinear, which is probably initiated by yielding of the 

steel beam.  
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Sections 1, 2, 4, and 5 Sections 1, 2, 4, and 5 

  
Section 3 Section 3 

Test 1-M24-2C-RH Test 2-M24-1C-RL 

  
Sections 1, 2, 4, and 5 Sections 1, 2, 4, and 5 

  
Section 3 Section 3 

Test 3-M20-3C-RL Test 4-M20-1C-RL 
Figure 5.63 Applied load-steel section strain curves for beam specimens 
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 Verification of strain gage readings 
 

To estimate the internal forces of the composite beam sections, strain gages are attached 

along the depth of the steel sections. The strain gage readings can be verified by 

comparing the actual moment and the calculated moment at the gaged sections. The 

actual moment is the external moment produced by the actuator loading and solved by 

statics, and the calculated moment is the internal moment calculated using the axial strain 

measurements.  

 

The internal axial force and bending moment of the beam sections attached with strain 

gages are determined as follows. The instrumented steel section was divided into a 

number of rectangular elements. Linear regression was performed using the strain 

measurements to find the best fitting line for the strain profile of the section. The strain at 

the centroid of a rectangular element was calculated from the linear equation, and the 

corresponding stress was found using the stress-strain curve established from material 

testing. Elastic unloading was presumed for any strain decrease. The internal axial force 

and bending moment at the steel section were derived by integrating the force and 

moment at each element. A different approach was adopted for calculating the internal 

axial force and bending moment in the concrete plank. Since force equilibrium was 

strictly satisfied at any cross section of the beam, the compressive force in the concrete 

plank was equal to the resultant tensile force in the steel beam. However, the location of 

the resultant compressive force in the concrete plank varied throughout the test and could 

not be readily determined. Therefore, as given in the parentheses in Figure 5.64 through 

Figure 5.67, the position of the compressive force was assumed, which contributes to the 

disparity between the calculated moment and actual moment in the plots. The inaccuracy 

in the assumed resultant force location only affects the calculated moment of the 

composite section, not the calculated axial force in the steel section. In addition, the 

measured strains from the gages were localized strains that may not approximate the 

strain distribution of the whole gaged section. Despite these limitations, the calculated 

moment (internal moment) matches the actual moment (external moment) well 
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throughout the tests, particularly for small loading, validating the readings of the strain 

gages.  More details can be found in Appendix F.2.6. 

 

  
Sections 1 and 5 (mid-height) Sections 1 and 5 (mid-height) 

  
Sections 2 and 4 (top) Sections 2 and 4 (top) 

  
Section 3 (top) Section 3 (top) 

Figure 5.64 Actual moment versus calculated 
moment in Test 1-M24-2C-RH 

Figure 5.65 Actual moment versus calculated 
moment in Test 2-M24-1C-RL 
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Sections 1 and 5 (mid-height) Section 1 (mid-height) 

  
Sections 2 and 4 (top) Section 2 (top) 

  
Section 3 (top) Section 3 (top) 

Figure 5.66 Actual moment versus calculated 
moment  in Test 3-M20-3C-RL 

Figure 5.67 Actual moment versus calculated 
moment in Test 4-M20-1C-RL 

 

 Bolt tension  
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bolts in actual composite beams, uniaxial strain gages and rosette strain gages were 
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also used to verify the conclusions drawn from the pushout tests. Figure 5.68 shows the 

forces and resulting stresses the bolts are subjected to. The stress distribution is simplified 

and approximated using elastic theories, whereas the actual stress distribution is complex 

due to the inelastic behavior of the bolts. During bolt pretension, the applied torque 

generates both tension and torsion in the bolt shanks. The torsion depends on the 

tolerance and friction between the components (i.e., nut threads, bolt threads, washers, 

etc.). During the beam test, the bolts are under shear force transferred from the clamps, as 

illustrated in Figure 4.67 in Chapter 4. Hence, the forces the bolts are subjected to include 

axial tension, bending moment, shear and torsion. The bending moment is produced by 

the shear force as well as the torsion and asymmetric boundary conditions shown in 

Figure 4.53 in Chapter 4. Uniaxial strain gages measure the axial strain of the bolts due to 

the axial tension and bending moment, but the influences of the shear force and torsion 

are ignored. Rosette strain gages are thus utilized to account for the shear stresses. The 

comparison between the bolt axial stress results that account for the shear strain and the 

corresponding results that ignore the shear strain indicates that the calculated axial stress 

is usually a little smaller when considering the shear strain. 

 

The applied load versus bolt tension response is shown in Figure 5.69 for the gaged bolts 

in the beam specimens. The load and bolt tension are also normalized relative to the peak 

strength of the specimen and the initial bolt tension, respectively. In Tests 1-M24-2C-RH 

and 2-M24-1C-RL, except for one bolt, the pretension force of all the bolts is above 46.1 

kips (205 kN), which is the minimum bolt pretension for Group A M24 bolts in Table 

J3.1M in AISC 360-16. As discussed in Section 5.6.2.3, because of the deformation of 

the top steel flanges, the M20 bolts used with the planks from the third concrete pour 

could be inadequately elongated. As a result, the initial bolt pretension of several M20 

bolts is below 31.9 kips (142 kN), which is the minimum bolt pretension for Group A 

M20 bolts in Table J3.1M in AISC 360-16 (2016). It is seen that the tension of all the 

bolts reduces along with increasing actuator loads. Compared to the bolts at the ends of 

the beams, the tension variation of the bolts close to the center of the beams is 

insignificant. The tiny slip of the middle clamps justifies the slight tension change of the 
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center bolts. This conclusion is also substantiated by the negligible tension variation of all 

the bolts in Test 3-M20-3C-RL.  

 

 
 

Torsion due to bolt pretensioning Shear force transferred from clamps 

  
Bending moment due to shear force and asymmetric boundary condition 

 
 
 

 

 

 
σ2 could be generated by  T, M1 and M2; τ12 could be generated by T and V; 

 
Stress state of an infinitesimal element at the gaged locations  

Figure 5.68 Force and stress distribution in bolt shank 
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self-weight of the specimens is excluded from the applied actuator loading. In Test 4, as 

shown in Figure E.46 in Appendix E, one of the two gages attached on bolts 2TEN, 2TES 

and 2TWS debonded. For the two gages attached on the bolt, it is commonly seen that the 

reading from the gage close to the steel beam varies throughout the test, while the 

measurement from the gage away from the steel beam stays almost the same. Therefore, 

compared to using the average gage measurement as the bolt axial strain, the reduction of 

the bolt axial stress could be overestimated for bolts 2TEN, 2TES and 2TWS, since the 

functioning gages on these bolts are close to the steel beam and the axial strain readings 

of these gages decrease during the tests. Similar to the insignificant bolt tension reduction 

at small slips (around 0.02 in.) in the pushout tests, the tension of the bolts in the beam 

specimens reduces slightly at serviceability because the slip of the clamps is insignificant 

under unfactored loads.  

 

In Test 1-M24-2C-RH, clear plateau regions are not seen in most of the curves illustrated 

in Figure 5.70. The slip at the instrumented bolts ranges from 0.15 in. to 0.22 in., and the 

bolt tension reduction varies from 15% to 30%. Several curves in Test 2-M24-1C-RL 

begin to level off. At a slip of 0.3 in., the pretension of some bolts decreases as little as 

10%.  Some curves plateau at slips much smaller than 0.3 in. In general, the pretension 

loss of the instrumented bolts is less than 25%. As would be expected in Test 3-M20-3C-

RL, because the slip of the clamps is less than 0.02 in., the bolt tension reduction is 

around 5%. As for Test 4-M20-1C-RL, except for bolts 2TEN and 2TWS where only one 

of the two uniaxial strain gages displays proper readings, the pretension loss of the 

instrumented bolts is less than 25%. Figure 4.65 in Chapter 4 illustrates that when the 

frictional coefficient is 0.35, the bolt tension reduction has not plateaued at a slip of 

approximately 0.3 in., and the bolt tension is about 70% of the initial bolt pretension at 

this slip. These results from the FE analysis for the pushout tests are similar to the 

observations for the bolts in the beam tests.  
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Test 4-M20-1C-RL 

Note: If the beam is strength-controlled and efficiently designed, the two black dashed lines in the 
normalized applied load versus normalized bolt tension graphs illustrate the range of the full service 
loading, and the red dashed line indicates the full service loading when the dead load is 92.5 psf, as is 
used in the prototype structrues in Chapter 3. 

Figure 5.69 Applied load versus bolt tension response for the beam specimens 
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Test 3-M20-3C-RL 

  
Test 4-M20-1C-RL 

Figure 5.70 Bolt tension versus slip response for the beam specimens 
 

 Rod tension  
 

The applied load versus rod tension relationship is depicted in Figure 5.71. In general, the 

tension of the rods decreased throughout the tests. For the rods connecting planks that did 

not exhibit crushing, minor tension reduction was seen, whereas the tension reduced more 

pronouncedly in the rods that connected heavily crushed concrete planks. As shown in 

Figure 5.17, the localized compressive stress between adjacent concrete specimens might 

0 0.005 0.01 0.015 0.02 0.025
Slip (in.)

0

10

20

30

40

50

Bo
lt 

te
ns

io
n 

(k
ip

)

1TEN w/ shear
1TEN w/o shear
1TES w/ shear
1TES w/o shear
2TEN
2TES
3TEN
3TES

0 0.005 0.01 0.015 0.02 0.025
Slip (in.)

0.9

0.95

1

1.05

1.1

N
or

m
al

iz
ed

 b
ol

t t
en

sio
n

1TEN w/ shear
1TEN w/o shear
1TES w/ shear
1TES w/o shear
2TEN
2TES
3TEN
3TES

-0.02 -0.01 0 0.01 0.02
Slip (in.)

0

10

20

30

40

50

Bo
lt 

te
ns

io
n 

(k
ip

s)

1TWN w/ shear
1TWN w/o shear
1TWS w/ shear
1TWS w/o shear
2TWS
3TWN
3TWS
TMN
TMS

-0.02 -0.01 0 0.01 0.02
Slip (in.)

0.9

0.95

1

1.05

1.1

N
or

m
al

iz
ed

 b
ol

t t
en

sio
n

1TWN w/ shear
1TWN w/o shear
1TWS w/ shear
1TWS w/o shear
2TWS
3TWN
3TWS
TMN
TMS

0 0.1 0.2 0.3 0.4
Slip (in.)

15

20

25

30

35

40

45

Bo
lt 

te
ns

io
n 

(k
ip

s)

1TEN w/ shear
1TEN w/o shear
1TES w/ shear
1TES w/o shear
2TEN
2TES
1TWN w/ shear
1TWN w/o shear
1TWS w/ shear
1TWS w/o shear
2TWS
TMN
TMS

0 0.1 0.2 0.3 0.4
Slip (in.)

0.5

0.6

0.7

0.8

0.9

1

1.1

N
or

m
al

iz
ed

 b
ol

t t
en

sio
n

1TEN w/ shear
1TEN w/o shear
1TES w/ shear
1TES w/o shear
2TEN
2TES
1TWN w/ shear
1TWN w/o shear
1TWS w/ shear
1TWS w/o shear
2TWS
TMN
TMS



298 
 

have led to premature concrete crushing that was observed in the beam tests. Therefore, 

the rod tension reduction could be less if the planks had better quality control. Since the 

ASTM A36-14/A529-05 Grade 50 rods utilized in the beam specimens were yielded after 

pretensioning, any elongation has little effect on the tension variation of the rods, but a 

small amount of shortening during the test could decrease the axial force substantially. 

Hence, concrete crushing has a significant impact on the rod tension variation. Figure 

5.72 shows the deformation of the rod spanning the west inner loading point section in 

Test 1-M24-2C-RH. The rod was bent to accommodate the rotation of the plastic hinge, 

which could release the axial deformation and reduce the tension.  

 

According to the experimental results, the performance of the deconstructable composite 

beams was not affected by the behavior of the rods which were designed to resist 

diaphragm forces.  The loss of rod tension under unfactored gravity loading (or service 

loading) may release the normal force between adjacent concrete planks and thus 

decrease the in-plane seismic resistance of the system. Nonetheless, because of the 

bending of the composite beams under gravity loading, additional compression is 

generated between the concrete planks, which could possibly compensate for the 

reduction of the capacity to resist diaphragm forces in the floor system.  
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Test 1-M24-2C-RH 

  
Test 2-M24-1C-RL 

  
Test 3-M20-3C-RL 
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Test 4-M20-1C-RL 

Note: If the beam is strength-controlled and efficiently designed, the two black dashed lines in the 
normalized applied load versus normalized bolt tension graphs illustrate the range of the full service 
loading, and the red dashed line indicates the full service loading when the dead load is 92.5 psf, as is 
used in the prototype structrues in Chapter 3. 

Figure 5.71 Applied load versus rod tension 
 

 
Figure 5.72 Deformation of fully threaded rod  in Test 1-M24-2C-RH 

 

 Response of channel anchors and reinforcement  
 

In Test 2-M24-1C-RL, several channel anchors were instrumented with rosette strain 

gages to estimate the tensile and shear forces acting on the anchors. By comparing Figure 

4.48 and Figure 5.73, it is noted that the channels embedded in the beam specimens are 

different from those cast in the pushout specimens in terms of length and anchor layout. 

Appendix F.1.3 provides details on the calculation of the tensile and shear stresses, and 

the results are shown in Figure 5.74. The forces the anchors were subjected to can be 

calculated by multiplying the stresses with the cross-sectional area of the anchors, which 

equals to 0.372	in.'. The anchors were mainly under tensile forces which generally did 

not vary much throughout the test. The shear forces transferred to the anchors were 

insignificant, which justifies the statement in the Eurocode 2 (CEN 2009) that the 

majority of the shear force acting on the anchor channels is transferred to concrete 

directly through channel bearing, and only a small fraction flows into the anchors via 
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bending of the anchors. As expected, the normal force perpendicular to the anchor 

tension was negligible. In all the beam tests, anchor-related concrete failure modes did 

not occur.  

 

As discussed in Section 4.5.9 in Chapter 4, a two–dimensional plane stress state, which is 

assumed for the channel anchors, may be invalidated because of the out-of-plane forces 

that generate bending of the anchors with respect to their weak axes. However, the 

variations of the measured anchor stresses throughout Test 2-M24-1C-RL appear to 

indicate that the anchors were indeed in a plane-stress state and the out-of-plane 

deformation of the channel anchors could be insignificant. In future investigation, two 

strain gages, which are attached on both sides of the channel anchors, could be used to 

rule out the influences of the out-of-plane deformation of the channel anchors.  

 
Figure 5.73 Channel anchor and bolt positions in a beam test specimen  

 
  

Instrumented channel anchors 
Clamp 

T-bolt 
Concrete plank 
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West end plank Center plank 

 
East end plank 

Note:1# describes the normal stress along the axial direction of the anchor;  1& indicates the normal stress 
perpendicular to the axial direction of the anchor; 2&# represents the shear stress acting on the anchor. 

Figure 5.74 Channel anchor stress in beam 2-M24-1C-RL 
 

As shown in Figure E.49 in Appendix E, all the reinforcement is elastic throughout the 

tests. Using the measured transverse reinforcement strains, the curvature of the planks in 

the transverse direction can be determined. The strain profiles are then extrapolated to the 

top surfaces of the concrete planks and compared to the compressive strains measured at 

the center of the planks by linear potentiometers. Figure 5.75 illustrates the comparison 

of the concrete compressive strains determined using these two methods. The disparities 

may be attributed to the following: (1) the strain gages have a better resolution than the 

linear potentiometers for measuring very small deformation; (2) nominal transverse 

reinforcement locations were used in the calculations, while the actual positions of the 

bars may differ; (3) the plane section assumption used to extrapolate the strain profile is 

not entirely valid throughout the test; (4) the bond between the transverse reinforcement 

and the surrounding concrete may fail, underestimating the actual concrete strain. As a 

result, it is difficult to determine whether the strain gages give a better estimate at the 
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beginning of the test, but the readings from the linear potentiometers may be more 

reliable at relatively large deformations.  

 

  
Test 1-M24-2C-RH Test 4-M20-1C-RL 

Figure 5.75 Concrete compressive strain comparison    
 

 Effective width  
 

When a composite beam is under flexure, the concrete slab is subjected to combined in-

plane normal stress and shear stress. The existence of the shear stress and shear strain 

invalidates the plane section assumption, and the normal stress distribution along the 

width of the slab is no longer uniform. This phenomenon is called shear lag. The concept 

of effective width is thus utilized to account for shear lag and simplify beam design.   

 

The effective width is commonly defined using Equation (5.19) and depicted in Figure 

5.76.  Because the effective width is dependent on the stress distribution along the width 

of the slab, it could change with the loading, especially after the beam deviates from 

being elastic.   

 4()) =
∫ 6%'*/'

,*/'

6-./
 (5.19) 
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Figure 5.76 Effective width of a composite beam  

 

Recent studies on conventional composite beams utilizing shear studs have demonstrated 

that the effective width of a composite beam is greater at the ultimate state than at the 

serviceability condition, and it can almost be taken as the whole slab width (Amadio et al. 

2002, 2004). The effective width of a concrete slab for computing the nominal flexural 

strength of a composite beam is defined in the AISC Specification (AISC 2016a) as the 

sum of the effective widths for each side of the beam centerline. Each of the effective 

widths is the smallest of:  

 

(1) 1/8 of the beam span 

(2) 1/2 of the distance to the centerline of the adjacent beam 

(3) the distance to the edge of the slab 

 

As mentioned in Section 5.4, the concrete strains were measured with linear 

potentiometers rather than strain gages. The concrete strains were calculated by dividing 

the displacement measurements with the gage length (i.e., 8 in.). It should be noted that 

linear potentiometers are less accurate than strain gages at very small deformation, but 

strain gages could malfunction if concrete cracking or crushing occurs at the 

instrumented region. The longitudinal strain distribution along the width of the center 

concrete plank is depicted for each beam specimen in Figure 5.77. The strain distribution 

patterns are similar in all the graphs. The compressive strains in the middle of the planks 

are larger than those near the ends of the planks. It is also seen that the strain increase is 
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faster in the middle than at the ends of the planks. At the last load level shown in the 

legends of the plots, the strain distribution is far from being uniform.  

 

  
a) Test 1-M24-2C-RH b) Test 2-M24-1C-RL 

  
c) Test 3-M20-3C-RL d) Test 4-M20-1C-RL 

            
Note: The loading shown in the legends represents the applied actuator loading. 

Figure 5.77 Longitudinal strain distribution on the top surfaces of center concrete planks 
 

After the strain distribution along the width of the plank is known, the stress distribution 

can be calculated accordingly, and the effective width of the concrete plank can be 

evaluated with Equation (5.19). With the measurements from discrete locations, the 

effective width of the center concrete plank of the composite beams is calculated using 

Equation (5.20). More details can be found in Appendix F.2.4. 

4())

=
(6#01 + 6201 + 63) × 9.6 + (6#0' + 620') × 19.2 + (6#04 + 6204) × 14.4

6-./
 

(5.20) 

The stress results show that the maximum compressive stress does not always occur in 

the middle of the slab. The stress distribution in Figure 5.76 is more likely to be achieved 

in a monolithic concrete slab. In the deconstructable composite beams in which precast 
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concrete planks are used, the force flow and the stress distribution also depend on the 

contact between the planks. The applied load versus effective width relationship is 

provided in Figure 5.78. The following conclusions can be drawn:  

 

(1) In the first two tests, during the loading/unloading cycles, the effective width 

decreases when the beam is loaded, and increases when the load is removed. 

When the cycles are completed and the beam is reloaded with increasing 

deflection, the effective width first reduces and then increases. The effective 

width of Beam 3-M20-3C-RL does not change much throughout the test. The 

result for Test 4-M20-1C-RL is unique among all the graphs in that the effective 

width increases as the beam is loaded, and stays the same when the beam is 

unloaded.  

 

(2) At large deflections, the effective widths of all the beam specimens increase along 

with increasing deflections. As the gaps between adjacent concrete planks were 

closed when the beams deflected substantially, more concrete could be involved 

in resisting compression. Force redistribution, for example, due to concrete 

crushing, could also happen which distributes the compression in a concrete plank 

to a larger width.   

 
(3) The effective widths of the beam specimens are smaller than the width given in 

the AISC Specification (AISC 2016a), which is 90 in., 1/4 of the beam span. This 

is because the compressive force between adjacent concrete planks cannot flow 

through gaps. As shown in Figure 5.19, gaps are common at the ends of a plank; 

consequently, the compression at the ends of the plank is nonexistent until the 

gaps are closed.  
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Test 1-M24-2C-RH Test 2-M24-1C-RL 

  
Test 3-M20-3C-RL Test 4-M20-1C-RL 
Figure 5.78 Applied load versus effective width for all the specimens  

 

Conceptually, when determining the flexural strength of a composite beam, the selected 

effective width should be larger than that used for elastic stiffness calculation, since the 

former is determined for the ultimate state of the beam, and the latter is calculated while 

the beam behaves elastically. Using W14x38 and W14x26 as examples, the plots in 

Figure 5.79 indicate that assuming the beams are fully composite, when the effective 

width of the concrete slab is 96 in., the strength and stiffness are approximately 15% ~ 

20% larger than those determined with 24 in. effective width, but the differences are 

around 5% when 48 in. is employed. The differences also reduce when the degree of 

composite action of the beam decreases. When the effective width is 24 in., the 

compressive strength of the slab is 612 kips (0.85C!5D!), which is 9.3% and 59.2% larger 

than the tensile strength of the W14x38 and W14x26 sections, respectively. Hence, if the 

compressive strength of the slab is significantly larger than the tensile strength of the 

steel beam and the shear strength of the shear connectors, different effective widths have 
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minimal impacts on the calculated strength and stiffness of the beams, which may justify 

the use of the same effective width for both strength and stiffness calculations. In 

addition, it is illustrated that the ultimate flexural strengths of the composite beams are 

not very sensitive to the degree of shear connection. This explains why it is problematic 

to back-calculate the strength of shear connectors from the tested flexural strengths of 

composite beams. For simplicity, it could be suggested that the effective width 

calculation in AISC 360-16 (2016) be utilized for the deconstructable composite beam 

specimens, as using the AISC effective width provisions results in a good estimate of the 

ultimate flexural strengths of the beam specimens.  

 

  
Strength  Stiffness 

W14x38  

  
Strength  Stiffness 

W14x26 
Note:+#=50 ksi;	+!$=5 ksi; 3=6 in.  

Figure 5.79 Effects of slab width on the strength and stiffness of composite beams 
 

Since the effective widths of the deconstructable composite beams are affected by the 

contact between the planks, construction tolerances play an important role in distributing 
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the compression across the concrete planks. Future investigation necessitates use of 

planks with tongue-and-groove joints and with qualities comparable to those 

manufactured in a precast concrete plant.  

 

 Behavior of clamping connectors in pushout tests and beam tests  
 

The performance of the shear connectors tested in the pushout tests and beam tests should 

be correlated so as to validate the effectiveness of using pushout tests to investigate the 

behavior of shear connectors. For the beam specimens, after the axial forces are 

calculated for the steel sections attached with strain gages, the resultant shear resistance 

of the clamps between two gaged steel sections is equal to the difference of the net 

tension at these two sections. Hence, the average clamp shear in this region, )E6 , can be 

determined as the normal force difference, ∆*6 , divided by the number of shear 

connectors	(6. The average slip the clamp undergoes, ∆6, is taken as the mean of the slip 

measurements in this region. Using Beam 1 as an example, the calculation of the average 

shear resistance and average slip is illustrated in Figure 5.80. However, this calculation is 

questionable for regions 3 and 4 in two aspects. First, it is assumed that zero slip occurs 

at the center of the beam, which is not entirely correct throughout the test. Usually, the 

maximum moment section, which is one of the two inner loading point sections, is 

regarded as a zero slip location, and the reversal of the slip direction occurs at this 

section. Second, the average slip calculation is also problematic for the two regions, since 

the measurements from S5 and S6 are much smaller than those from S4 and S7. 

 

The applied load versus shear resistance per connection is shown in Figure 5.81. Regions 

3 and 4 are not included in the graphs. In all the plots, the shear resistance of the clamps 

in regions 1 and 6 which are close to the end supports increases throughout the tests, 

while the resistance of those in regions 2 and 5 generally increases until the 80% cycle 

and then reduces, implying shear force redistribution from the inner clamps to the outer 

clamps.  
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Regions 1 and 6: 04' = %""'/8; ∆'= (9' + 9()/2; 04) = %""*/8; ∆)= (9+ + 9',)/2 

Regions 2 and 5: 04( = (%""( − %""')/8; ∆(= 9-; 04* = (%"". − %""*)/8; ∆*= 9/ 

Regions 3 and 4: 04- = (%""- − %""()/12; ∆-= (9. + 9*)/2; 04. = (%""- − %"".)/12; ∆.= (9) + 90)/2 

Note: The red arrows indicate the assumed direction of the shear resistance from the clamps.  
Figure 5.80 Average shear resistance and average slip calculation   

 

  
Test 1-M24-2C-RH Test 2-M24-1C-RL 

  
Test 3-M20-3C-RL Test 4-M20-1C-RL 

Figure 5.81 Applied load versus shear resistance per connector 
 

Figure 5.82 illustrates the comparison of the load-slip relationships of the clamping 

connectors in the pushout tests and beam tests. The representative curves for the pushout 
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tests are the load-slip responses from Test 2-M24-2C-RH-LM and Test 9-M20-2C-RH-

LM in Table 4.1. Generally, the clamps in the beam tests have similar initial stiffness as 

those in the pushout tests. The strengths of all the clamps in Test 1-M24-2C-RH 

gradually plateau, but this is not seen in the other beams. In all the tests, the clamping 

connectors in regions 1 and 6 outperform those in the pushout tests in terms of strength. 

Errors may exist in the curves of Test 3-M20-3C-RL, since the tiny slip may not be 

measured accurately.  

 

In the pushout tests, the clamps are under pure shear and resist the applied actuator forces 

evenly. The behavior of the clamps is not strongly affected by the steel beams and 

concrete planks that are nearly elastic throughout the tests. Nonetheless, the performance 

of the clamps in the composite beams is much more complicated. The shear resistance of 

the clamps is achieved through indirect shear loading produced by flexure of the beams. 

All the specimens are simply supported beams, and the bending moment at a cross 

section can be easily calculated if the applied loading is known. However, the internal 

force distribution is indeterminate and dependent upon the load-slip responses of the 

clamps and nonlinearity of the materials, both of which vary throughout the tests.  
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Test 1-M24-2C-RH Test 2-M24-1C-RL 

  
Test 3-M20-3C-RL Test 4-M20-1C-RL 

Figure 5.82 Load-slip curve comparison between pushout tests and beam tests 
 

 Finite element analysis  
 

Finite element models were developed in ABAQUS/CAE for the composite beam test 

specimens and analyzed in ABAQUS/Explicit, which is effective for simulations 

containing material failure and contact. This procedure can be used for quasi-static 

problems if the loads are applied sufficiently slowly.   

 

 Finite element model and mesh  
 

The finite element models adopted similar meshing strategies to the pushout test 

specimens. T-bolts were meshed with C3D8R and C3D6. Cast-in channels, threaded rods, 

steel beams and concrete planks were meshed with C3D8R only. Reinforcement was 

modelled using T3D2. Clamps were defined as rigid parts.  A meshed beam specimen is 

shown in Figure 5.83. 
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 Boundary conditions, load applications and contact 
 

Roller supports were created in the finite element models. At one end, the roller was free 

to roll, while the roller on the other end was constrained from any movement. This 

boundary condition is the same as that used for the composite beam test specimens. 

During the tests, bending of the beams forced the actuator swivels to rotate, which should 

be accounted for as a boundary condition. However, the resistance from the actuator 

swivels is relatively small compared to the loading applied to the beams. Hence, this 

bound condition is neglected. 

 

The loading process was divided into two steps. Bolt and rod pretension was first applied 

by assigning thermal expansion coefficients and temperature changes to the materials.  

The structure was then loaded in the Y direction to a midspan deflection of 15 in. using 

displacement control.  

 

The spreader beams were connected using tie constraints, making all the active DOFs 

equal for the surface pair. The interactions between the concrete planks and the 

reinforcement and between the concrete planks and the channel anchors were simulated 

with an embedded constraint. Only the translational DOFs of the embedded components 

were constrained to those of the corresponding points in the plank. The contact behavior 

between surfaces was defined in the normal direction and the tangential direction. “Hard 

contact” was selected for the normal behavior. A penalty formulation was used to 

characterize the behavior along the interface. In this formulation, no limit is placed on the 

shear stress, and an elastic slip is used that generates a small amount of relative 

movement between the surfaces when they are still sticking. The frictional coefficient 

was taken as 0.35 for all the surfaces. This coefficient is the same as the one used in the 

simulation for the pushout specimens. General contact, rather than the contact pair 

algorithm, was selected to automatically select potential contact surfaces. 
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Figure 5.83 Finite element model of composite beam test specimen 
 

 Material model for concrete 
 

The concrete damaged plasticity model in ABAQUS was used to model the concrete 

planks. The compressive stress-strain curve is linear until 0.4C!5  is reached, and the 

remaining part of the curve adopts the relationship proposed by Popovics (1973), see 

Equation (4.22). The elastic modulus was calculated using Equation (4.23). The 

Poisson’s ratio was taken as 0.15. The default parameters specified in ABAQUS for the 

concrete damaged plasticity model were used to characterize the plastic behavior under 

general stress and stress state. The tensile stress-strain curve consists of two linear 

segments, with the first segment simulating the behavior of concrete up to crack initiation, 

and the second segment representing the dissipation of the tensile stress as the crack 

width increases. Mesh dependency, which means mesh refinement does not lead to a 

converged solution for the problems, exists for concrete with no or little reinforcement 

when concrete is under tension. To eliminate mesh dependency, a postfailure stress-strain 

relationship was defined which assumed the ultimate strain at nearly zero stress to be 10 

times the cracking strain. Typical concrete compressive and tensile stress-strain curves 

are plotted in Figure 5.84. 

 

Concrete damage variables characterize stiffness degradation when the specimen is 

unloaded from any point on the softening branch. The damage variables range from zero 

for an undamaged model to one, exhibiting complete loss of strength and stiffness. The 
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derivation of the concrete compressive and tensile damage variables is given in Equations 

(4.24) and (4.25). Typical damage evolution of concrete under compression and tension 

is shown in Figure 5.85. The compressive and tensile strengths of the concrete planks are 

based on the tested compressive strength and splitting tensile strength of the concrete 

cylinders cast along with the planks, which are provided in Table 5.5.  

 

  
a) Compression (+!$= 5780 psi) b) Tension (+1= 520 psi) 

Figure 5.84 Concrete stress-strain curves for beam 1 

  
a) Compression b) Tension 

Figure 5.85 Concrete damage variables 
 

 Material models for steel beam, reinforcement, channels and bolts  
 

Steel beams, reinforcement, channels, rods and bolts were simulated using the metal 

model which uses the Von Mises yield function and associated flow rule. Trilinear stress-

strain relationships were assumed for the steel beams and rods. An elastic-perfectly-

plastic material was defined for the reinforcement, while a bilinear relationship was 

employed for the channels. Typical material constitutive models are illustrated in Figure 
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5.86. The mechanical behavior was assumed to be the same in both tension and 

compression. The bolt stress-strain curve used for the analysis is given in Figure F.27 in 

Appendix F. All the materials used measured material properties, which can be found in 

Table 5.3.   

 

  
a)  W14x38 flange b) 45 in. long rod 

  
c) Longitudinal reinforcement  d) Channel flange 

Figure 5.86 Material stress-strain curves 
 

 Finite element analysis results  
 

The computational load-deflection curves are compared to the experimental results in 

Figure 5.87. Major events are marked on the curves, including slip of the clamps, 

yielding of the steel beams and concrete crushing. Even though some events are not 

pinpointed from the simulation, the finite element models adequately predict the overall 

performance of the beam specimens, and the assumed frictional coefficient of 0.35 is also 

justified.   
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a) Test 1-M24-2C-RH b) Test 2-M24-1C-RL 

  
c) Test 3-M20-3C-RL d) Test 4-M20-1C-RL 

Note: The test results are shown in blue; the finite element analysis results are shown in red.  
Figure 5.87 Load-deflection curve comparison  

 

As with the definition in Section 5.6.2, slip of the clamps is identified when the 

maximum slip between the steel beam and the concrete planks is greater than 0.02 in. The 

occurrence of this event is a little earlier in the tests than in the finite element analysis. 

The load-slip curves from the experiments and finite element simulation are compared in 

Figure 5.88. In the beam specimens, the clamps did not begin to slip until the frictional 

resistance at the contact surfaces was overcome. In contrast, the friction simulation in 

general contact in ABAQUS/Explicit allows a very small amount of slip while the 

contact surfaces are still sticking.  As a result, the behavior of the clamps in the 

simulation is not as stiff as the physical behavior of the clamps in the tests.  Figure 5.88 

also shows that the slips are overestimated in the finite element analysis.  

 

Prior to steel beam yielding, it is seen that the experimental load-deflection curves tend to 

be more flexible than the finite element analysis results.  Because of the residual stresses 

in the steel beam specimens, yielding may first occur at the flange-to-web joints where 
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tensile residual stresses exist, which reduces the overall stiffness of the beams. More 

importantly, the test results are affected by settling of the composite beams which is 

neglected in the simulation. It is shown that the initial stiffness of the computational 

curves is very close to that of the reloading curves of the 60% and 80% cycles. The more 

flexible behavior of the clamps in the simulation does not appear to affect the elastic 

stiffness of the composite beams because the elastic stiffness of the beams is influenced 

not only by the clamps but also by the beams and concrete planks.  

 

  
a) Test 1-M24-2C-RH b) Test 2-M24-1C-RL 

  
c) Test 3-M20-3C-RL d) Test 4-M20-1C-RL 

Figure 5.88 Load-slip curve comparison  
 

The finite element analysis results show that concrete crushing happens at the inner 

loading points in the first three specimens (see Figure 5.89), which is consistent with the 

observations in Tests 1 and 2.  Nonetheless, concrete crushing in Test 3 occurred at the 

center section. Although the flexural strengths of the beam specimens were not affected, 

concrete crushing could happen prematurely in the tests because of the geometry of the 
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planks illustrated in Figure 5.17 in Section 5.6. Therefore, it is reasonable that concrete 

crushing happens earlier in the test specimens than in the finite element analysis.  

 

 
a) Test 

 
b) FE Simulation 

Note: A larger damage index indicates more significant concrete compressive crushing.  
Figure 5.89 Crushing between concrete planks at inner loading point sections at peak strength 

 (Test 1-M24-2C-RH) 
 

Table 5.15 summarizes the strength and stiffness comparison between the finite element 

analysis results, experimental results and AISC predictions.  

 

 

 

Concrete Crushing 
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Table 5.15 Composite beam strength and stiffness comparison 

Test # Strength (ft.-kips) Stiffness (kips/in.) 
>234 >5 >1 >234/>5 >234/>1 ?234 ?5 ?1 ?234/?5 ?234/?1 

1 545 571 565 0.95 0.96 50.0 52.8 49.5 0.95 1.01 
2 457 469 464 0.97 0.98 46.5 44.3 38.9 1.05 1.20 
3 376 364 376 1.03 1.00 40.0 36.9 34.2 1.08 1.17 
4 320 351 296 0.91 1.08 35.0 34.7 25.3 1.01 1.38 

Mean 0.968 1.007 Mean  1.022 1.190 
Standard deviation 0.0436 0.0441 Standard deviation 0.0510 0.1325 

COV 0.0450 0.0438 COV 0.0499 0.1114 
Note:  

>234  = Flexural strength from FEM; >5  = Experimental flexural strength; >1  = Calculated flexural 

strength using tested steel and concrete strength as well as tested clamp strength; 

?234 = Beam stiffness from FEM;?5 = Experimental beam stiffness; ?1 = Calculated beam stiffness using 

tested steel and concrete strength as well as tested clamp strength.  

 

 Design recommendations  
 

Experimental results and computational results presented in this chapter indicate that the 

AISC design provisions (AISC 360-16) for conventional composite beams that utilize 

metal deck and steel headed stud anchors are applicable to deconstructable composite 

beams that utilize concrete planks and clamps.  In AISC 360-16, the effective width of an 

interior composite beam is a function of the beam span and beam length. A lower-bound 

moment of inertia is recommended for stiffness calculation. A rigid-plastic method is 

used for computing the ultimate flexural strength of the beam so long as web buckling is 

not a controlling limit state. The results from this research show that these provisions 

could be used for the deconstructable composite beams without any modification.  

 

• Effective width  

 

The experimental results show that the effective widths of the deconstructable composite 

beam specimens are smaller than those calculated in accordance with AISC 360-16, as a 

result of the cutouts in the concrete planks and the gaps between adjacent concrete planks.  

 

As shown in Figure 5.79, the effects of different effective widths on the ultimate flexural 

strength and elastic stiffness of composite beams are insignificant when the plastic 
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strength of the concrete slab is much larger than the tensile strength of the steel beam and 

the shear strength of the shear connectors, as is the case for most interior beams and 

girders.  

 

Hence, it is recommended that the effective width of deconstructable composite beams 

may be determined as per AISC 360-16 (2016), as using the AISC effective width 

provisions results in a good estimate of the ultimate flexural strengths of the beam 

specimens. Further investigation is needed to ascertain the influences of construction 

tolerances on effective widths.  

 

• Elastic stiffness  

 

Table 5.12 shows that the tested stiffness of the deconstructable composite beam 

specimens is underestimated by the stiffness calculated using a lower bound moment of 

inertia [G%7 	 from AISC (2016a)]. However, it is not clear whether the elastic stiffness of a 

deconstructable beam is strongly affected by the percentage of composite action. As 

shown in Table 5.12, the first two beam specimens have different percentages of 

composite action and stiffness, whereas the last two beams have different percentages of 

composite action, but similar stiffness.  

 

It is recommended in design that the elastic stiffness of deconstructable composite beams 

be estimated with a lower bound moment of inertia.  

 

• Flexural strength  

 

In this research, only the positive flexural strength of deconstructable composite beams 

designed with compact steel sections is investigated. For three out of the four beam 

specimens, the AISC design equations (AISC 2016a) well predict their ultimate flexural 

strength. The strength of the fourth beam is also conservatively estimated by the AISC 

provisions (AISC 2016a).   
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Therefore, the plastic design method provided in AISC 360-16 is applicable to 

deconstructable composite beams. A resistance factor of 0.9 is recommended, according 

to the discussion in Chapter 6. 

 

 Conclusions  
 

After completing the pushout tests, four full-scale composite beam specimens were 

designed and tested. Each specimen consisted of a 30-foot long beam attached with 

fifteen 2-ft.-wide planks using clamping connectors. The actuator loads were spread 

using spreader beams at four points along the length (six-point bending) to mimic a 

secondary beam under approximately uniform loading. The specimens were loaded to 

40% of their expected flexural strength and then reloaded three times. Two more cycles 

were then undertaken, with one cycle at 60% and the other one at 80% of the estimated 

flexural strength. After completing the loading/unloading cycles, the beams were then 

loaded until the deflections were excessive.  

 

All the beams demonstrated ductile behavior with little or no strength degradation, and 

the tests were terminated because of excessive deflection. The stiffness calculated using a 

lower bound moment of inertia [G%7 	  from AISC (2016a)] underestimates the tested 

stiffness of the deconstructable composite beam specimens. The ultimate flexural 

strengths of the beams are also predicted using AISC design equations (AISC 2016a), and 

the tested strengths are close to the predictions. 

 

After completing the tests, the composite beams were disassembled. The beams are intact 

except for the impressions on the top flange under the clamp teeth. In typical applications 

where a beam would not be subjected to ultimate loads, it is anticipated the steel beam 

would be in its elastic state when deconstructed. 

 

Based on the experimental and analysis results presented in this chapter, the following 

conclusions can be reached: 
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(1) To resist in-plane diaphragm forces during earthquakes, ASTM A36-14/A529-05 

Grade 50, 5/8 in. diameter fully threaded rods were designed to connect adjacent 

concrete planks to ensure structural integrity. One turn after a snug-tight condition 

is decided for pretensioning the rods after performing pretension tests on two rods 

to determine the number of turns of the nut. At the ultimate state, the tensile 

deformation of the rods released, and both rods failed because of excessive 

torsional deformation.  

 

(2) The load-beam center deflection curves indicate that the deconstructable 

composite beams using clamping connectors behaved in a ductile manner. At full 

service loading, the behavior of the beams was slightly nonlinear, likely due to 

slight separation of the planks due to flexure of the beam, slight yielding of the 

steel beams, or slight slip of the clamps. However, the steel beams and concrete 

planks in the deconstructable composite beams are believed to be reusable with 

minor or no concern about any possible yielding that might occur during their 

service life. All the beams deflected to approximately L/25, and the experiments 

were terminated due to the limitation of the test configuration. Along with 

excessive beam deflection, significant steel beam yielding and localized concrete 

crushing were seen, but very little or no strength degradation was observed from 

the load-deflection curves. The plastic hinges that formed in all the specimens 

indicate excellent rotational capacity of the beams.  

 
(3) The load-displacement curves or moment-rotation curves of the beam specimens 

were idealized as elastic-perfectly-plastic responses. Yield deformation and 

ultimate deformation were defined, and the ductility of the specimens is shown to 

be larger than 3. The load-deflection behavior of the deconstructable composite 

beam specimens is similar to that of conventional composite beams.  

 

(4) After undergoing three elastic cycles (i.e., 40% of the expected beam strength), all 

beams exhibited permanent deflection which mainly resulted from settling of the 

beams. Probably due to fit-up issues and a lack of continuity, such as gaps 



324 
 

between adjacent concrete planks, beam settling appears to be more significant in 

the deconstructable specimens than in conventional composite beams designed 

with monolithic concrete slabs.   

 
(5) Compared to conventional composite beams utilizing shear studs and monolithic 

concrete slabs, the lack of continuity in the concrete plank system does not appear 

to affect the strength and stiffness of the deconstructable composite beams, as is 

demonstrated by the comparison between the test results and the predictions based 

on the design equations given in AISC 360-16.  

 

(6) During the test, the slip of the clamps was measured at several locations along the 

length of the beam. The comparison of the slip measurements between different 

specimens verifies that the slip of the shear connectors in a composite beam is 

inversely proportional to the degree of shear connection. The percentage of 

composite action of Beam 3-M20-3C-RL is higher than 100%, and consequently 

the maximum slip of the clamps is only 0.02 in. Among all the specimens, the 

maximum slip is 0.35 in. in Test 4-M20-1C-RL which has a degree of shear 

connection of 43.8%.   

 

(7) In the pushout tests, the M20 clamps did not behave as ductile as the M24 clamps. 

As the WT section moved, the clamps rotated and strength reduction initiated at a 

slip of 0.68 in. in the monotonic test. Two composite beams utilizing M20 clamps 

were tested, and the maximum slip of the clamps is 0.35 in., much smaller than 

0.68 in. This may imply that strength degradation of the M20 clamps did not 

occur in the beam tests. However, testing of composite beams with much lower 

percentage of composite action (<25%) may reveal other findings.  

 

(8) Based on the axial strain measurements, the neutral axes in the steel beams and 

concrete planks are located. Although Beam 1-M24-2C-RH is a partially 

composite beam, the strain distribution is distinct from those of Beams 2-M24-

1C-RL and 4-M20-1C-RL. For each instrumented section in Beams 2 and 4, two 
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neutral axes are clearly seen in the steel beam and concrete plank. In Beam 1, as 

the loading increases, the neutral axis in the steel beam of the center section rises 

into the concrete plank, while a single neutral axis remains in the steel beam at the 

other sections. Similarly, the neutral axis in the steel beam of the center section of 

Beam 3-M20-3C-RL ascends quickly into the concrete plank.  
 

(9) The same number of turns of the nut determined in the pushout test program was 

utilized for pretensioning the bolts used in the beam specimens. After 

pretensioning, the axial force of most gaged bolts exceeded the minimum 

pretension requirements for Group A bolts in Table J3.1M in AISC 360-16. 

Similar to the observations attained from the pushout tests, the pretension of the 

instrumented bolts decreased in the beam tests, and the reduction is strongly 

affected by the slip of the clamps. At serviceability, the slip of the clamps in the 

beams was minimal (<0.04 in.), and the tension reduction was normally less than 

10%. In all the specimens, the slip of the middle clamps was trivial throughout the 

tests, and the tension of the middle bolts maintained. In Beam 3-M20-3C-RL, the 

maximum slip of the clamps is less than 0.02 in., and the tension reduction is 

negligible for the gaged bolts. According to the finite element analysis results of 

the pushout specimens, the axial force of the bolts decreases to 3/4 of their initial 

pretension at a slip of approximately 0.3 in. Similarly, the largest tension 

reduction of the bolts instrumented in the beam specimens is approximately 25%.  

 

(10) The axial force of the fully threaded rods normally decreased in the tests. At 

serviceability, the tension of the rods decreased approximately 20%, and the 

reduction was more for the rods connecting planks that were crushed at the 

ultimate state of the beams. Because concrete crushing released the tensile strain 

of the rods spanning the crushed regions, the tension of these rods ultimately 

dissipated.   

 

(11) Shear lag is exhibited by the strain distribution along the width of the center 

plank. It is shown that the strain close to the center of the plank is greater than that 
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near the ends of the plank. This pattern maintained throughout the test, since the 

gaps at the ends of the plank persisted and inhibited the force flow. Therefore, the 

effective widths of the deconstructable composite beam specimens are smaller 

than those calculated in accordance with AISC 360-16. Since the effective widths 

of the deconstructable composite beams are affected by the contact between the 

planks, use of planks with tongue-and-groove joints and with qualities 

comparable to those manufactured in a precast concrete plant may result in larger 

effective widths.  The influence of the effective width on the strength and stiffness 

of a composite beam is also shown to be insignificant.   

 
(12) The load-slip curves of the clamps in the beam specimens were correlated to those 

obtained from the pushout tests. In both tests, the initial stiffness of the load-slip 

curves is large, and the clamps begin to slip at approximately the same loading. In 

terms of strength, the clamps close to the ends of the beam specimens 

outperformed those in the pushout tests, since it is shown that shear redistribution 

occurred in the beams from the inner clamps to the outer clamps.  

 

(13) Finite element models, which take into account material nonlinearity, geometric 

nonlinearity and contact between different components, were developed for the 

beam specimens. A frictional coefficient of 0.35 was assumed for all the contact 

surfaces. The overall behavior of the beam specimens is well predicted by the 

finite element models.   
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 RELIABILITY ASSESSMENT OF COMPOSITE 
BEAMS 

 

AISC 360-16 permits design of steel structures using either Load and Resistance Factor 

Design (LRFD) or Allowable Strength Design (ASD). The LRFD method (Ravindra and 

Galambos 1978) has as its design basis for each limit state the criteria as expressed in 

Equation (6.1).  

 ∅I" ≥KL6)6 (6.1) 

The left side of the equation represents the resistance, i.e., design strength, of the 

component, and the right side of the equation describes the loading effects, i.e., required 

strength, on the component. The LRFD load combinations should be selected 

accordingly, e.g., from ASCE 7-10 (ASCE 2010).  

 

In Chapter 4, design equations are proposed to estimate the slip strength and peak 

strength of the clamps. As presented in Chapter 5, the AISC composite beam flexural 

strength model predicts the flexural strength well for the deconstructable beam 

specimens. Despite the limited number of tests conducted in this research, strength 

reduction factors are derived in this chapter for these design equations.  

 

The design criteria expressed in Equation (6.1) includes the load effect, 	) , and the 

resistance, I.	 The two random variables are assumed to be statistically independent. 

Since these two parameters are commonly the product of several other variables, they 

often follow a lognormal distribution. The probability of the limit state being exceeded 

can be defined as:  

 M) = N(I − ) < 0) (6.2) 

An equivalent representation is given as: 

 M) = N(ln(I) − ln()) < 0) = N(ln	(I/)) < 0) (6.3) 
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If a standard variate is introduced,   

 R =
ln SI)T − (ln S

I
)T)-

689(;/<)
 (6.4) 

where (ln(I/)))- and 689(;/<) are the mean and standard deviation, respectively, of the 

variable	ln(I/)).  

 

Combining Equations (6.3) and (6.4), the probability of the limit state being exceeded is 

calculated as  

 

M) = N Uln U
I
)
V < 0V 

= NWR < −
Sln SI)TT

-

689(;/<)
X = *>(−

Sln SI)TT
-

689(;/<)
) 

(6.5) 

where *> is the cumulative distribution function of the standard variate.  

 

From Equation (6.5), the safety of the structure is determined by the quantity  
?89?

6
7@@8

A9:(6/7)
 ; 

this quantity, Y, is a reliability index. However, the probability distribution of I/) is 

commonly unknown, and Y is often approximated using the first-order second moment 

probability theory:  

 Y = −
Sln SI)TT

-

689(;/<)
≈

ln	(I-)-
)

[&;' + &<'
 (6.6) 

where  I-  and )-  are the mean of I  and 	) , respectively; &;  and &<  are the 

corresponding coefficients of variation.  

 

Lind (1971) proposed a linear approximation for the square root term using a separation 

coefficient	α: 
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 [&;' + &<' ≈ α(&; + &<) (6.7) 

Combining Equations (6.6) and (6.7), the following expression is obtained: 

 I- = )-]BC(D6ED7) (6.8) 

Rewriting Equation (6.8): 

 
],BCD6 	I-

I"
I" =

)-]BCD7

)"
)" (6.9) 

or  

 ∅I" = L)" (6.10) 

where ∅ and L are the resistance factor and load factor, respectively.  
 
According to Equations (6.9) and (6.10), in the LRFD method, the resistance factor and 

load factor are obtained after the reliability index, Y , is selected for the structure. 

Therefore, the resistance factor is 

 ∅ = ],BCD6
	I-
I"

 (6.11) 

From Equation (6.11), it is seen that the resistance factor is affected by the separation 

coefficient, ^, the reliability index,	Y, and the coefficient of variation of the structure’s 

resistance, &;.   

 

&; and &< 	need to be derived to compute the separation coefficient ^, which is derived 

as:  

 ^ =
_1 + (&;/&<)'

1 + (&;/&<)
 (6.12) 

Calculation of `F 

 

The actual resistance I of a structure usually takes the form:  
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 I = I"a*N (6.13) 

where I"  is the code-specified nominal resistance; a  accounts for the variation in 

material strength or stiffness; * represents the uncertainties in specimen fabrication; N 

describes the uncertainties inherent in the design equation.  

 

The coefficient of variation of the resistance is thus defined as  

&; = [&3' + &G' + &H' + &3'&G' + &G'&H' + &3'&H' + &3'&G'&H' (6.14) 

where &3, &G, and &H are the coefficients of variation of a, *, and N, respectively.  

  

&3  and &G  are conventionally taken as 0.10 and 0.05 (Galambos and Ravindra 1976; 

Galambos and Ravindra 1978), whereas &H is the coefficient of variation of the test-to-

predict ratios. Since	&3, &G, and &H  are usually very small, the product terms in Equation 

(6.14) are usually higher order terms and omitted.   

 

Statistical analysis on the yield stress of steel shapes was reported in Galambos and 

Ravindra (1978) and shown in Table 6.1. Without distinguishing flanges from webs, 

Hansell et al. (1978) recommended (*I)- = 1.07*I and &G> = &3 = 0.10. It should be 

noted that this statistical investigation was based on tensile testing data for A36 steel 

during the 1960s and 1970s. Since then, the rolling process has changed, the steel shape 

producers are different, and the ASTM specifications have also evolved. As such, 

numerous researchers have studied the material properties of recent steel shapes (Frank 

and Read 1993; Rex and Easterling 1999; Jaquess and Frank 1999; Brockenbrough 2000; 

Dexter et al. 2000; Bartlett et al. 2003). A992 Grade 50 steel, which is the most common 

material specification for W shapes, was only investigated in Dexter et al. (2000) and 

Bartlett et al. (2003). Since a much larger dataset was documented by Dexter et al. (2000), 

the reported statistical information, as given in Table 6.2, is used to calculate the 

resistance factor for the flexural strength of deconstructable composite beams. The mean 

yield strengths in Table 6.2 need to be reduced by 4.4 ksi to obtain the mean static yield 

strengths. Therefore, the mean static yield strengths of A992 steel flanges and webs are 
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51.4 ksi and 52.1ksi, respectively, and the corresponding coefficients of variation are 

0.058 and 0.054. It is thus appropriate to assume that (*I)- = 1.035*I and &G> = &3 =

0.056.  

 
Table 6.1 Material properties reported by Galambos and Ravindra (1978) 

Material properties Mean Value (ksi) COV 
Elastic modulus (tension) 29000 0.06 

Elastic modulus (compression) 29000 0.06 
Elastic modulus (shear) 11200 0.03 

Possion’s ratio 0.30 0.03 
Yield stress in flanges 1.05 %# 0.10 
Yield stress in webs 1.10 %# 0.11 
Yield stress in shear 0.64 %# 0.10 

Strain-hardening modulus  600 0.25 
 

Table 6.2 Material properties reported by Dexter et al. (2000) 
ASTM specification A572 Gr. 50 (flange) A992 (flange) A992 (web) 

Number of Data 1,052 20,295 4,925 

Yield strength (ksi) Mean 60.5 55.8 56.5 
COV 0.066 0.058 0.054 

Tensile strength (ksi) Mean 76.3 73.3 73.3 
COV 0.050 0.044 0.046 

Yield/Tensile ratio Mean 0.790 0.760 0.770 
COV 0.047 0.040 0.089 

 

Calculation of `J 

 

The load effect ) on a structure usually takes the form:  

 ) = d(eKDf + e%gh) (6.15) 

where f  and h  represent dead and live load intensities, respectively;  eK  and e%  are 

deterministic factors that convert loading intensities into load effects; D and g account 

for the uncertainties in the transformation of loads into load effects; d  reflects the 

uncertainties in the structural analysis.  

 

The coefficient of variation of the load is thus defined as:  

 &< ≈ i&L' +
eK'D-'f-'(&M' + &K	') + e%'g-'h-'(&7' + &%')

(eKD-f- + e%g-h-)'
 (6.16) 
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where &K , &% , &M , &7 , and &L  are the coefficients of variation of f , h , D , g , and d , 

respectively; f-, h-, D-, g-, and d- are the mean of f, h, D, g, and d, respectively ; 

the mean value of d is assumed to be unity.  

 

For a beam, eK and e% equal ,j' in which , is the beam spacing and j is the beam span. 

The following values were suggested in Ravindra and Galambos (1978): 	&L = 0.05 ; 

D- = 1.0 ; &M = 0.04 ; g- = 1.0 ; 	&7 = 0.2 ; f- = f! ; &K = 0.04 . f!  is the code-

specified dead load.  

 

The mean and standard deviation of  h were given by McGuire and Cornell (1974).  

 h- = 14.9 + 763 _DN⁄  (6.17) 

 6% = i11.3 +
15000
DN

 (6.18) 

 &% = h-/6% (6.19) 

where DN is the influence area which equals twice the tributary area for floor beams.  

 

For a floor beam, if the influence area is known, h-  and &%  can be calculated with 

Equations (6.17) through (6.19). After knowing	h- , &% , and f! , &<  is calculated using 

Equation (6.16). Given &; and &<, the separation factor ^ is then obtained from Equation 

(6.12). According to Hansell et al. (1978), the separation coefficient ^ is instead taken as 

0.55, thus indicating that VL is not calculated for this work. The resistance factor is 

calculated as:  

 ∅ = ],&.PPCD6
	I-
I"

 (6.20) 

It was suggested in Ravindra and Galambos (1978) that Y = 3.0 and Y = 4.5 be selected 

for developing resistance factors for members and connections, respectively. However, 

the AISC Specification (2016a) chose 2.6 and 4.0 as reliability indexes for members and 

connections, respectively. In this study, Y = 4.0  is used to calculate resistance factors for 
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the shear strength design equations of clamps, while the resistance factor for the positive 

flexural strength design equation of deconstructable composite beams is calculated based 

on a reliability index of 3.0.   

 

 Shear strength of clamping connectors  
 

Because the resistance and load factors are interdependent and the load factors are 

calibrated assuming a reliability index of 3.0 for the structure as a whole, an adjustment 

factor,	l, should be applied to Equation (6.20) when the reliability index for a structural 

component is not equal to 3.0. The adjustment factor was derived in Fisher et al. (1978) 

as:  

 l =
1.086(1.0933 + 1.3936h/f)	

]&.&'QPC(1 + 0.03111Y + (1 + 0.1313Y)h/f)
 (6.21) 

where h/f is the live load to dead load ratio.  

 

The expression in Equation (6.21) can be fitted by a second-order polynomial using linear 

regression analysis. When h/f is equal to 3.0, Equation (6.21) is simplified as  

 l = 0.0093Y' − 0.1658Y + 1.4135 (6.22) 

If a reliability index of 4.0, which corresponds to a probability of failure of		3.17 × 10,P, 

is assumed for the clamping connectors, the adjustment factor is calculated as 0.90. 

 

To be consistent with the nomenclature and derivations given in the literature (Fisher et 

al. 1978; Grondin et al. 2007; Moore et al. 2008), some of the equations and parameters 

in this section are expressed slightly differently from those shown in the previous section.   

 

Equation (6.20) is rewritten as:  

 ∅ = lm;],&.PPCD6 (6.23) 

where m;  is the bias coefficient, which is the average value of the ratio of the tested 

strength to the nominal strength [same as 	I-/	I" in Equation (6.20)].  
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Design equations are proposed in Section 4.7 to predict the slip strength and peak 

strength for clamps. These equations and the notations are repeated here.  

 )$ = nR+$f>o*($ (6.24) 

 )S = nRnT+Sf>o*($ (6.25) 

Where  

nR  and nT 	= coefficients accounting for the portion of bolt tension transferred to the 

clamp teeth and the bolt tension reduction at peak strength, which are 0.70 and 0.75, 

respectively 

+$ = mean slip coefficients, which is 0.17 in the pushout series 

+S = idealized frictional coefficient at peak strength, which is 0.35in the pushout series. 

f> =1.13, a multiplier representing the ratio of the mean installed bolt pretension to the 

specified minimum bolt tension 

o* = minimum fastener tension given in Table J3.1M in AISC 360-16 

($ = number of slip planes, which is 2  

 

To distinguish the probabilistic parameters from the deterministic parameters, Equations 

(6.24) and (6.25) can be simplified as:  

 ) = f> × + × D* × 0.75*> × ("!	""	$#) (6.26) 

where 	nR, nT, and ($ are deterministic variables; f> is the ratio of the actual bolt tension 

to the minimum required bolt tension;	+ is the frictional coefficient; D* is the nominal 

cross-sectional area of the T-bolts; *> is the ultimate tensile strength of the T-bolts. 0.75 

is assumed to be the ratio of the effective tension area of the threaded portion of a T-bolt 

to the nominal cross-sectional area of the bolt.  

 

The bias coefficient,	m;, and the coefficient of variation, &;, are derived as:  

 m; = m0mUm3mH (6.27) 

 &; = [&0' + &U
'

+ &3' + &H' (6.28) 
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where m0 , mU , m3 ,	 and mH  are bias coefficients for bolt pretension, cross-sectional 

geometry [same as *  in Equation (6.13)], material strength [same as a  in Equation 

(6.13)], and professional factor [same as N  in Equation (6.13)], respectively; 

&0 , &U , &3 ,	 and &H  represent the coefficients of variation for bolt pretension, cross-

sectional geometry [same as &G  in Equation (6.14)], material strength [same as &3  in 

Equation (6.14)], and professional factor [same as &H in Equation (6.14)], respectively. 

 

The uncertainties of +$ and +S are embedded in mH and &H, whereas the variability of f> 

is included in m0  and &0 . mH  and &H  are calculated in Table 6.3. This table is different 

from Table 4.12 in Chapter 4, since the predicted strengths are calculated using the 

minimum bolt tension and actual bolt tension in Table 4.12 and Table 6.3, respectively.  . 

Based on the pretension test results presented in Section 4.4.3, the actual bolt tension is 

approximately 1.3 times the minimum bolt tension.  

 

The values of the other parameters in Equations (6.27) and (6.28) are given in Table 6.4. 

Given the lack of such statistical information for the T-bolts, the information collected for 

regular bolts are used in the calculations. In Table 6.4, m0 and &0 are based on the turn-

of-nut method for bolt installation, and these values are different when the calibrated 

wrench method is used. mU  and &U   are based on the measurements of 285 A325 and 

A490 bolts with nominal diameters of 3/4 in., 7/8 in., and 1 in. m3 and &3 are reported 

for A325 bolts, which are equivalent to the Grade 8.8 T-bolts used with the clamps. This 

statistical information is different for A490 bolts.  

 
Table 6.3 Tested-to-predicted strength ratio of monotonic pushout specimens  

Specimen Tested strength (kips) Predicted strength (kips) Ratio 
0" 0? 0" 0? Slip Peak 

2-M24-2C-RH-LM 60.8 88.5 57.1 88.1 1.07 1.01 
4-M24-2C-RH-LM-S 56.5 87.9 57.1 88.1 0.99 1.00 
7-M24-3C-RH-LM 87.0 130.1 85.6 132.2 1.02 0.98 
9-M20-2C-RH-LM 36.5 55.3 39.5 61.0 0.92 0.90 

    Mean  1.00 0.97 
    SD 0.0532 0.0412 
    COV 0.0532 0.0424 
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Table 6.4 Parameters for resistance factor calculation  

Parameter Value Reference 
@@ 1.22 Kulak et al. (1987) !@ 0.05 
@A  0.994 Stankevicius et al. (2007) !A  0.005 
@B 1.20 Fisher et al. (1978) !B 0.07 

 

With the values known for all the parameters, m; and &; are calculated as:  

 m;$V6S = 1.22 × 0.994 × 1.20 × 1.00 = 1.4552 (6.29) 

 m;S(.W = 1.22 × 0.994 × 1.20 × 0.97 = 1.4116 (6.30) 

 &;$V6S = _0.05' + 0.005' + 0.07' + 0.0532' = 0.1013 (6.31) 

 &;S(.W = _0.05' + 0.005' + 0.07' + 0.0424' = 0.0960 (6.32) 

Hence, if 	f> is equal to 1.13, the resistance factors are calculated as:  

∅X$V6S = 0.90 × 1.4552 × ],&.PP×Z.&×&.1&14/1.13 = 0.9275 (6.33) 

∅XS(.W = 0.90 × 1.4116 × ],&.PP×Z.&×&.&[\&/1.13 = 0.9102 (6.34) 

Therefore, a resistance factor of 0.9 may be recommended for the slip strength and peak 

strength design equations of the clamps investigated in this research.  

 

 Flexural strength of composite beams  
 

For the flexural strength calculation of composite beams, Y  is taken as 3.0, which 

corresponds to a probability of failure of 	1.3 × 10,4. The resistance factor is calculated 

as:  

 ∅ = ],&.PP×4.&D6
	I-
I"

 (6.35) 

 	I-
I"

=
q*Ir

-

q*Ir
"

(
o],s

N#]%testu(
)- (6.36) 
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where q*Ir
-

 is the mean static yield stress of steel beams; q*Ir
"

 is the nominal static 

yield stress of steel beams; q*Ir
-
/q*Ir

"
is taken as 1.035, as discussed in prior sections. 

 

In Equation (6.36), “Test” denotes the tested flexural strengths of the specimens, while 

“Prediction” refers to the predicted flexural strengths of the specimens using tested 

material properties. Depending on whether the clamp strengths use those obtained from 

the pushout tests or those predicted by the proposed design equations in Section 4.7, the 

predicted flexural strengths vary. The tested flexural strengths and predicted flexural 

strengths of the composite beam specimens are given in Table 6.5. 

 
Table 6.5 Tested-to-predicted strength ratio of composite beam specimens 

Test # Strength (ft.-kips) 
>5 >1' >1( >5/>1' >5/>1( 

1-M24-2C-RH 571 565 538 1.01 1.06 
2-M24-1C-RL 469 466 448 1.01 1.05 
3-M20-3C-RL 364 376 376 0.97 0.97 
4-M20-1C-RL 351 296 292 1.19 1.20 

Mean 1.045 1.070 
Standard deviation 0.0853 0.0843 

COV 0.0816 0.0788 
Note:  

>5 = Experimental flexural strength; >1' = Calculated flexural strength using tested steel and concrete 

strength as well as tested clamp strengths; >1(  = Calculated flexural strength using tested steel and 

concrete strength as well as predicted clamp strengths 

 

The coefficient of variation of the resistance is calculated as:  

&;1 = [&3' + &G' + &H1' = _0.056' + 0.05' + 0.082' = 0.1112 (6.37) 

&;' = [&3' + &G' + &H'' = _0.056' + 0.05' + 0.079' = 0.1090 (6.38) 

In this equation, &3  uses 0.056, as discussed in prior sections, and &G  still uses 0.05 

according to Galambos and Ravindra (1976). &;1 and &;' represent the coefficients of 

variation of the resistance calculated using the tested strengths and predicted strengths as 

the clamp strengths, respectively.  
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Using Equations (6.35) and (6.36), the resistance factor is calculated as  

 ∅*1 = ],&.PP×4.&×√&.&P\CE&.&PCE&.&^'C(1.035 × 1.045) = 0.900 (6.39) 

 ∅*' = ],&.PP×4.&×√&.&P\CE&.&PCE&.&Q[C(1.035 × 1.070) = 0.925 (6.40) 

∅*1  and ∅*'  represent the resistance factors calculated using the tested strengths and 

predicted strengths as the clamp strengths, respectively. 

 

 It is also reasonable to argue that &3 and &G are incorporated in	&H	and to ignore the first 

two terms in Equations (6.39) and (6.40). In this case, the resistance factor is  

 ∅*1 = ],&.PP×4.&×&.&^'(1.035 × 1.045) = 0.945 (6.41) 

 ∅*' = ],&.PP×4.&×&.&Q[(1.035 × 1.070) = 0.972 (6.42) 

 

In this derivation, the uncertainties of materials, fabrication, and flexural strength design 

equations are included, but the variation of the clamping connector strength is accounted 

for indirectly, which is similar to the approach taken by the AISC Specification (2016a) 

for composite beams. In AISC 360-16 (2016), for shear studs utilized in composite 

beams, if steel failure governs, the shear strength of a shear stud anchor embedded in a 

solid concrete slab is determined as:	)" = 0.75D$.*>, where D$. is the cross-sectional 

area (in.2) and *> is the specified minimum yield strength of a steel headed stud anchor 

(ksi). A resistance factor is not given for this equation, as the factor is included as part of 

the overall resistance factor for the flexural strength of composite beams. In contrast, 

when shear studs are employed in applications other than composite beams, such as steel 

reinforced concrete columns (SRCs), concrete filled tubes (CFTs), and steel-concrete 

(SC) composite walls, the shear strength of a shear stud anchor is calculated as: 	)"X =

D$.*>. A resistance factor of 0.65 is used for this equation, and the resistance factor is 

derived based on a reliability index, 	Y , of 4.0 (Pallarés et al. 2009). In Rambo-

Rodenberry (2002), the other approach is shown which takes into consideration the 

variation of the shear stud strength explicitly. The resistance factor is found to be a 

function of %1 , %' , %4 , and the percentage of composite action of the beam. 
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Parameters	%1,	%', and %4 are illustrated in Figure 5.44. It is shown that the resistance 

factor varies slightly if the variation of the shear stud strength is accounted for explicitly.  

 

Base on the above discussions, the resistance factor for the positive flexural strength 

design equation of deconstructable composite beams may be taken as 0.9, which is 

consistent with the factor used for conventional composite beams utilizing metal deck 

and steel headed stud anchors.  
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 CONCLUSIONS AND FUTURE WORK 
 

A deconstructable composite floor system is proposed which consists of precast concrete 

planks and steel beams connected using clamping connectors. This system maintains the 

benefits of composite construction, such as enhanced flexural strength and stiffness, 

reduced steel beam size and weight, and ease of construction. In conventional composite 

floor systems, steel beams are commonly recycled, and concrete slabs are sent to landfill 

or downcycled for aggregate; however, sustainable design of composite beams and floors 

is achieved in the new system by enabling deconstruction and reuse of the structural 

components and reducing the energy consumption and material waste.  

 

Prior to the experimental investigation, life cycle assessments were performed to quantify 

the environmental benefits of adopting DfD in the design of buildings by comparing the 

environmental impacts of prototype structures designed with the deconstructable 

composite floor systems to those of the buildings with the conventional composite floor 

systems, and the results are briefly presented in Chapter 3. From a dismantler’s 

perspective, challenges and opportunities for dismantling current steel structures and the 

flow of the demolished materials are also identified in this chapter. The experimental 

program in this research mainly includes pushout tests that were conducted to quantify 

the strength and ductility of the deconstructable clamping connectors and composite 

beam tests that were performed to investigate the behavior of the clamping connectors in 

a realistic manner and study the strength, stiffness and ductility of deconstructable 

composite beams with different levels of composite action.  

 

 Summary of pushout tests  
 

The behavior of shear connectors is normally studied in pushout tests in which the 

connectors are loaded in shear directly. Although pushout tests cannot precisely replicate 

the forces the shear connectors are subjected to in composite beams, if properly designed, 

they are proven to be adequate to quantify the strength, stiffness, and ductility of the 

shear connectors.  
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The pushout test program includes two series of tests. In the pretension tests, the number 

of turns of the nut was first determined to ensure that adequate and reliable axial force 

would be generated in the bolts. Pushout tests were then performed to study the strength 

and ductility of the clamping connectors and explore the influences of the testing 

parameters. 

 

The clamping system uses T-bolts inserted into cast-in channels. Because the cast-in 

channels can deform when the bolts are pretensioned, more turns of the nut than in 

standard bolted connections are needed to enable the bolts to deform into the inelastic 

range and meet the minimum pretension requirements in the AISC Specification (2016a). 

Three M24 and M20 bolts were tested under torqued tension until fracture to develop the 

relationship between the number of turns of the nut and the bolt axial force. Except for 

one M24 bolt that fractured at the bolt heads, most bolts in the pretension tests ultimately 

fractured due to combined axial and torsional deformation. Two turns and 1.5 turns after 

a snug-tight condition were selected for pretensioning the M24 and M20 bolts, 

respectively.  It is also noted that in the M24 bolt tests, moderate plastic deformation 

occurred in the channel lips, while the inelastic deformation of the channel lips was 

minor when the M20 bolts were pretensioned. 

 

After the number of turns of the nut for the M24 and M20 bolts was selected, the pushout 

specimens were tested using a self-reacting frame. The specimens consisted of 4 ft. × 2 

ft.	×  6 in. precast concrete planks attached to WT5x30 or WT4x15.5 sections using the 

clamping connectors. WT5x30 and WT4x15.5 sections represent typical floor beams with 

different flange thicknesses, with the larger WT tested with the M24 clamps and the 

smaller WT tested with the M20 clamps. The WT4x15.5 sections were also used with the 

M24 clamps, requiring shims between the clamps and the WT flange since the flange was 

relatively thin. Parameters for the pushout tests include bolt diameter, number of channels, 

reinforcement configuration, loading protocol, and use of shims. In the lightly reinforced 

specimens, the reinforcement was designed only for gravity loading. Additional 

supplementary reinforcement was placed around the channel anchors to prevent anchor-
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related failures in the heavily reinforced specimens. The pushout tests were all 

displacement-controlled. The AISC loading protocol for beam-to-column moment 

connections was used as a guide for establishing a cyclic loading history for the clamped 

connections. 

 

Based on the pushout test results and finite element analysis results, the following 

conclusions can be reached: 

 

(1) The load-slip curve of Test 2-M24-2C-RH-LM, which is a baseline specimen, 

indicates that the behavior of the M24 clamps is ductile under monotonic loading. 

Compared to shear studs which normally fracture at a much smaller slip, the M24 

clamping connectors can retain almost 80% of the peak strength even at 5 in. slip.  

  
(2) Shims were used for specimens using M24 clamps and thin flange sections, and 

undesirable load oscillation was observed due to a stick-slip mechanism, although 

the peak strength was not affected. Usage of the selected shims between the clamp 

and the flange may be limited to applications where the slip of the clamps is 

small, such as in composite beams that are part of gravity systems. Different types 

of shims, such as brass shims, could be further investigated to eliminate load 

oscillation. 

 
(3) Compared to the monotonic specimens, the peak strengths of the cyclic specimens 

are approximately 20% lower, which is comparable to the strength decrease seen 

in steel headed stud anchors when subjected to cyclic loading. After undergoing a 

couple of cycles, the strengths of the cyclic specimens begin to degrade, which 

could be attributed to the reduction of the bolt pretension and the lowering of 

frictional coefficient as a result of the abrasion between the clamp teeth and steel 

flange and between the concrete plank and steel beam. However, the load-slip 

behavior of the cyclically loaded pushout specimens is excellent within 1 in. slip 

which is conservatively assumed to be typical slip ranges for clamps used in 

composite diaphragms. The hysteresis load-slip loops show excellent energy 

dissipating capacity of the clamping connectors, and thus they may perform well 



343 
 

if used as connectors between composite diaphragms and steel collectors in lateral 

force-resisting systems. 

 
(4) A considerable load drop was seen after 0.68 in. slip in the load-slip curve of the 

monotonic specimen using M20 bolts. Large rotation and complete 

disengagement of clamps were noted. If the M20 clamps are utilized in composite 

beams where the slip demand is normally much less than 0.68 in., the strength 

degradation is not a concern. If they are needed to withstand large slip, the 

performance of the M20 clamps could be improved by increasing the contact area 

between the clamp teeth and steel beam and between the clamp tail and concrete 

plank to delay rotation or developing an interlocking design where the channel 

lips fully restrain the rotation of the clamps. With the steel blocks inserted into the 

channels to support the clamp tails, the cyclically loaded specimen performed 

better than the corresponding monotonic specimen, even though all the clamps 

ultimately lost contact with the beam flanges.  

 
(5) In terms of strength and state of cracks, the cyclic pushout specimen with light 

reinforcement did not perform worse than the specimen with heavy 

reinforcement. This implies that the additional reinforcement was not engaged 

which was designed to bridge potential cracking planes due to channel anchor 

forces. This is further proved by the low stress in the reinforcement. For the 

channel configuration investigated in this research, the bolt pretension force is 

primarily resisted by the reactions at the clamp tail and the steel beam flange, 

rather than transferring to the channel anchors. Therefore, the limit states for 

anchor channels in common applications, such as concrete cone failure under 

tension, are negligible, and the supplementary reinforcement has minimal effects 

on the behavior of the specimens.  

 
(6) A strut-and-tie model is used to explain the formation of the cracks which were 

induced by the friction acting on the concrete surface, rather than concrete pryout 

failure. Since the frictional force at the steel-concrete interface distributes in a 

non-uniform manner, the damage concentrates on one side of the concrete plank 
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when it is loaded monotonically. These cracks may affect the reusability of the 

planks, but they do not affect the overall behavior of the clamping connectors.  

 
(7) According to the bolt axial strains measured in the cyclic tests, the bolt tension 

gradually decreases. When the slip is small, the tension decrease is primarily 

attributed to the shear force acting on the bolt. At large slips, the damage to the 

steel flange and clamp teeth caused by abrasion could release the bolt tension. 

Soon after slip occurs (approximately 0.02 in.), the bolt tension reduces below the 

minimum bolt pretension for Group A bolts in Table J3.1M in AISC 360-16. 

 
(8) Because of the ductile behavior of the clamps, the shear force applied to the steel 

beams is distributed among the clamps, demonstrating the potential of using 

clamps as shear connectors in composite beams. With the strain gages attached on 

the steel beams, the force distribution in the system is validated by the axial force 

plots that show the force variation at different sections along the beam length.  

 
(9) The strength and stiffness of the clamping connectors are compared to those of 

steel headed stud anchors. A single M24 clamp has a similar shear capacity to a 

single conventional 3/4 in. diameter shear stud. Since friction is the mechanism of 

resisting the shear flow, the initial stiffness of the clamps is larger than that of 

shear studs. The ultimate slip of both M24 and M20 clamps is also greater than 

that of 3/4 in. diameter shear studs.  

 
(10) Finite element models were developed which takes into account material 

nonlinearity, geometric nonlinearity and contact between different components. 

Assuming a frictional coefficient of 0.35, the finite element models predict the 

peak strength of the baseline test specimens well, although the slip at which the 

peak strength occurs is shifted because of the friction simulation in ABAQUS 

which assumes an elastic slip while the two contact surfaces are still sticking. A 

parametric study was performed to study the influences of different frictional 

coefficients. Based on the finite element models and test results, design equations, 

similar to those used for calculating the resistance of slip-critical bolted joints, are 
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recommended for estimating the slip strength and peak shear strength of the 

clamping connectors under monotonic loading. It is seen that the equations predict 

the slip strength and peak strength of the clamps very well. A coefficient of 0.8 

could be used with the monotonic shear strength as the cyclic shear strength of the 

clamps. 

 

 Conclusions from composite beam tests  
 

Since the forces the shear connectors are subjected to in pushout tests are not the same as 

those in composite beams, beams tests are essential to study the behavior of the shear 

connectors in a realistic manner and validate the findings from the pushout tests. Based 

on the beam test results, design methodologies for determining the flexural strength and 

stiffness of the composite beams are also determined.  

 

Prior to testing the beam specimens, the number of turns of the nut was established for 

pretensioning the ASTM A36-14/A529-05 Grade 50, 5/8 in. diameter fully threaded rods 

which are utilized to connect adjacent concrete planks and resist in-plane diaphragm 

forces during earthquakes. One complete turn of the nut from a snug-tight position was 

determined after performing calibration tests where rods passing through two planks were 

torqued until fracture. The rods ultimately fractured because of excessive torsional 

deformation.   

 

After determining the number of turns of the nut for pretensioning the bolts and rods, four 

full-scale deconstructable composite beams were designed and tested which are 

representative of the beams designed in the prototype structures in Chapter 3. Each beam 

specimen consisted of a 30-foot long beam attached with fifteen 2-ft.-wide planks using 

clamping connectors. Parameters explored in the beam tests include bolt diameter, 

percentage of composite action and reinforcement configuration. The actuator loading 

was spread using spreader beams at four points along the length (six-point bending) to 

mimic a secondary beam under approximately uniform loading. A pin support and a 

roller support were placed at the ends of the beams to permit horizontal movement as 
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well as end rotation. The concrete planks were 8 ft. wide, which is sufficient to avoid any 

premature concrete failure in narrow slabs.  

 

The specimens were loaded to 40% of their expected flexural strength and then reloaded 

three times. Two more cycles were then undertaken, with one cycle at 60% and the other 

one at 80% of the estimated flexural strength. These cycles are intended to mimic 

serviceability conditions. After completing the loading/unloading cycles, the beams were 

then loaded until the deflections were excessive.  

 

Based on the beam test results and finite element analysis results, the following 

conclusions can be reached: 

 

(1) To resist in-plane diaphragm forces during earthquakes, ASTM A36-14/A529-05 

Grade 50, 5/8 in. diameter fully threaded rods were designed to connect adjacent 

concrete planks to ensure structural integrity. One turn after a snug-tight condition 

is decided for pretensioning the rods after performing pretension tests on two rods 

to determine the number of turns of the nut. At the ultimate state, the tensile 

deformation of the rods released, and both rods failed because of excessive 

torsional deformation.  

 

(2) The load-beam center deflection curves indicate that the deconstructable 

composite beams using clamping connectors behaved in a ductile manner. At the 

full service loading, the behavior of the beams was slightly nonlinear, likely due 

to slight separation of the planks due to flexure of the beam, slight yielding of the 

steel beams, or slight slip of the clamps. However, the steel beams and concrete 

planks in the deconstructable composite beams are believed to be reusable with 

minor or no concern about any possible yielding that might occur during their 

service life. All the beams deflected to approximately L/25, and the experiments 

were terminated due to the limitation of the test configuration. Along with 

excessive beam deflection, significant steel beam yielding and localized concrete 

crushing were seen, but very little or no strength degradation was observed from 
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the load-deflection curves. The plastic hinges that formed in all the specimens 

indicate excellent rotational capacity of the beams.  

 
(3) The load-displacement curves or moment-rotation curves of the beam specimens 

were idealized as elastic-perfectly-plastic responses. Yield deformation and 

ultimate deformation were defined, and the ductility of the specimens is shown to 

be larger than 3. The load-deflection behavior of the deconstructable composite 

beam specimens is similar to that of conventional composite beams.  

 

(4) After undergoing three elastic cycles (i.e., 40% of the expected beam strength), all 

beams exhibited permanent deflection which mainly resulted from settling of the 

beams. Probably due to fit-up issues and a lack of continuity, such as gaps 

between adjacent concrete planks, beam settling appears to be more significant in 

the deconstructable specimens than in conventional composite beams designed 

with monolithic concrete slabs. Professional construction practices, use of tongue-

and-groove joints between planks, and similar appropriate approaches would 

likely avoid much of the settling behavior.  

 
(5) Compared to conventional composite beams utilizing shear studs and monolithic 

concrete slabs, the lack of continuity in the concrete plank system does not appear 

to affect the strength and stiffness of the deconstructable composite beams, as is 

demonstrated by the comparison between the test results and the predictions based 

on the design equations given in AISC 360-16.  

 

(6) During the test, the slip of the clamps was measured at several locations along the 

length of the beam. The comparison of the slip measurements between different 

specimens verifies that the slip of the shear connectors in a composite beam is 

inversely proportional to the degree of shear connection. The percentage of 

composite action of Beam 3-M20-3C-RL is higher than 100%, and consequently 

the maximum slip of the clamps is only 0.02 in. Among all the specimens, the 

maximum slip is 0.35 in. in Test 4-M20-1C-RL which has a degree of shear 

connection of 43.8%.   
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(7) In the pushout tests, the M20 clamps did not behave as ductile as the M24 clamps. 

As the WT section moved, the clamps rotated and strength reduction initiated at a 

slip of 0.68 in. in the monotonic test. Two composite beams utilizing M20 clamps 

were tested, and the maximum slip of the clamps is 0.35 in., much smaller than 

0.68 in. This may imply that strength degradation of the M20 clamps did not 

occur in the beam tests. However, testing of composite beams with much lower 

percentages of composite action (<25%) may reveal other findings.  

 

(8) Based on the axial strain measurements, the neutral axes in the steel beams and 

concrete planks are located. At the ultimate state, the locations of the neutral axes 

and the strain diaphragms of the center sections conform to those determined from 

a plastic analysis. Although Beam 1-M24-2C-RH is a partially composite beam, 

the strain distribution is distinct from those of Beams 2-M24-1C-RL and 4-M20-

1C-RL, which are partially composite beams with a percentage of composite 

action of approximately 40%. For each instrumented section in Beams 2 and 4, 

two neutral axes are clearly seen in the steel beam and concrete plank. In Beam 1, 

as the loading increases, the neutral axis in the steel beam of the center section 

rises into the concrete plank, while a single neutral axis remains in the steel beam 

at the other sections. Similarly, the neutral axis in the steel beam at the center 

section of Beam 3-M20-3C-RL, which is a fully composite beam, ascends quickly 

into the concrete plank.  
 

(9) The same number of turns of the nut determined in the pushout test program was 

utilized for pretensioning the bolts used in the beam specimens. After 

pretensioning, the axial force of most gaged bolts exceeded the minimum 

pretension requirements for Group A bolts in Table J3.1M in AISC 360-16. 

Similar to the observations attained from the pushout tests, the pretension of the 

instrumented bolts decreased in the beam tests, and the reduction is strongly 

affected by the slip of the clamps. At serviceability, the slip of the clamps in the 

beams was minimal (<0.04 in.), and the tension reduction was normally less than 
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10%, indicating that the tension of most bolts remains above the minimum 

required pretension. In all the specimens, the slip of the middle clamps was trivial 

throughout the tests, and the tension of the middle bolts maintained. In Beam 3-

M20-3C-RL, the maximum slip of the clamps is less than 0.02 in., and the tension 

reduction is negligible for the gaged bolts. According to the finite element 

analysis results of the pushout specimens, the axial force of the bolts decreases to 

3/4 of their initial pretension at a slip of approximately 0.3 in. Similarly, the 

largest tension reduction of the bolts instrumented in the partially beam specimens 

(i.e., Beams 1-M24-2C-RH, 2-M24-1C-RL and 4-M20-1C-RL) is approximately 

25%. Even though the bolt tension reduces as the slip of the clamps increases, the 

load-slip curves of the monotonic pushout specimens utilizing M24 clamps and 

the load-center deflection curves of the composite beams are ductile. This 

indicates that either the detrimental effects of bolt tension reduction are offset by 

the beneficial effects of frictional coefficient increase or the bolt tension reduction 

gradually stabilizes at large slips. Based on the pushout test and beam test results, 

bolt tension reduction does not affect the monotonic behavior of the M24 clamps 

or the flexural behavior of the composite beam specimens.  

 

(10) The axial force of the fully threaded rods normally decreased in the tests. At 

serviceability, the tension of the rods decreased approximately 20%, and the 

reduction was more for the rods connecting planks that were crushed at the 

ultimate state of the beams. Because concrete crushing released the tensile strain 

of the rods spanning the crushed regions, the tension of these rods ultimately 

dissipated. If the planks were constructed with tongue-and-groove joints and 

tighter quality control, crushing of the concrete plank specimens could be 

deferred, mitigating the rod tension reduction. According to the beam test results, 

the performance of the deconstructable composite beams was not affected by the 

behavior of the rods which were designed to resist diaphragm forces. However, 

whether the rod tension decrease would affect the diaphragm resistance of the 

system should be investigated further.   
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(11) Shear lag is exhibited by the strain distribution along the width of the center 

plank. It is shown that the strain close to the center of the plank is greater than that 

near the ends of the plank. This pattern maintained throughout the test, since the 

gaps at the ends of the plank persisted and inhibited the force flow. Therefore, the 

effective widths of the deconstructable composite beam specimens are smaller 

than those calculated in accordance with AISC 360-16. Since the effective widths 

of the deconstructable composite beams are strongly affected by the contact 

between the planks, use of planks with tongue-and-groove joints and with 

qualities comparable to those manufactured in a precast concrete plant may result 

in larger effective widths. The influences of the effective width on the strength 

and stiffness of a composite beam are shown to be insignificant. Hence, it is 

recommended that the effective width of deconstructable composite beams may 

be determined as per AISC 360-16, as using the AISC effective width provisions 

results in a good estimate of the ultimate flexural strengths of the beam specimens.   

 
(12) The load-slip curves of the clamps in the beam specimens were correlated to those 

obtained from the pushout tests. In both tests, the initial stiffness of the load-slip 

curves is very large, and the clamps begin to slip at approximately the same 

loading. In terms of strength, the clamps close to the ends of the beam specimens 

outperformed those in the pushout tests, since it is shown that shear redistribution 

occurred in the beams from the inner clamps to the outer clamps.  

 

(13) Finite element models, which take into account material nonlinearity, geometric 

nonlinearity and contact between different components, were developed for the 

beam specimens. A frictional coefficient of 0.35 was assumed for all the contact 

surfaces. The overall behavior of the beam specimens is well predicted by the 

finite element models.     

 

 Recommendations  
 

 Design  
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 Clamping connectors   
 

Two design equations are developed to predict the slip strength and peak strength of the 

clamping connectors under monotonic loading. After pretensioning the bolt, the bolt 

tension distributes to the clamp teeth and clamp tail. Only the normal force at the clamp 

teeth contributes to the shear resistance of the system; therefore, a coefficient of 0.7 is 

used to account for the portion of bolt tension transferred to the clamp teeth.  Free body 

diagrams show that the bolts in the clamping system are subjected to shear force 

transferred from the clamps. The shear force releases the axial elongation of the bolts, 

and as a result, the bolt tension gradually decreases, and the reduction is approximately 

1/4 based on the finite element analysis results.  

 

The proposed design equations are slightly conservative, since the factor of	f>, which 

represents the ratio of the mean installed bolt pretension to the specified minimum bolt 

tension, is conservatively taken as 1.13. Assuming a reliability index of 4.0 for the 

clamps, 0.9 is recommended as the reduction factor for the slip strength and peak strength 

design equations. A coefficient of 0.8 could be used with the monotonic shear strength as 

the cyclic shear strength of the clamps. 

 

 Deconstructable composite beams  
 

The effective widths of the deconstructable composite beams may be determined as per 

AISC 360-16 (2016), and a lower-bound moment of inertia could be used to 

conservatively estimate the stiffness of the beams. 

 

As the tested flexural strengths of the deconstructable beam specimens are very close to 

those predicted with the AISC provisions, the design methodology, given in the AISC 

Specification (AISC 2016a) for calculating the positive flexural strength of composite 

beams using monolithic concrete slabs and shear studs, can be applied to the 

deconstructable composite beams. A reliability analysis is performed for the beam 

specimens. A reliability index of 3.0 is presumed for the composite beams, and a 

reduction factor of 0.9 is derived.  
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 Future research  
 

The conclusions reached from this research project show that it is feasible to design 

composite beams with clamping connectors to enable disassembly of the structural 

components in the system. In the current system, the channel, T-bolt, and clamp are 

commercially available components. The components are not designed to work together 

in the proposed configuration, which resulted in certain behavior limitations that could be 

addressed by the development of modified components tailored to this particular 

application. Improvements of the current clamping system are recommended below.  

 

(1) To reuse the concrete planks, the inelastic deformation of the channel lips 

generated due to bolt pretension should be minimized or eliminated. A simple 

solution is to roll channels with higher yield strength and thicker channel lips.  

 

(2) Bolts with higher pretension force (higher bolt grade or larger diameter) may 

generate greater shear resistance than those investigated in the current test 

program, thereby reducing the number of bolts and clamps. As a result, the energy 

and material consumption for the fabrication of the clamps and bolts are 

decreased.  

 

(3) The monotonic strength of the M20 clamps degrades at large slips. This could be 

addressed by increasing the contact area between the clamp teeth and the steel 

beam and between the clamp tail and the concrete plank to delay rotation or by 

designing the embedded channel to fully restrain the rotation of the clamp using 

an interlocking connection.  

 
(4) The cyclic strengths of the pushout specimens decrease along with increasing 

slips.  Because the strength reduction is mainly attributed to the abrasion between 

the steel flanges and the clamp teeth, the clamps could be redesigned such that the 

clamp teeth do not dig into the steel flanges. However, this redesign may 

adversely affect the strength of the clamps under monotonic loading, since the 
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strength increase from the slip load to the peak strength results from overcoming 

the digging effects.  

 

Future research directions are given below:  

 

(1) Slip tests, similar to that given in Appendix A in the RCSC Specification (RCSC 

2014), could be designed and performed to quantify the frictional coefficients at 

the steel-concrete interface and the steel-clamp interface.  

 

(2) Pushout specimens with different surface conditions could be tested. The effect of 

brass shims may be studied. Beam specimens with different lengths, steel sizes, 

frictional coefficients and percentages of composite action, and edge-of-slab or 

opening in the slab could be tested. The influences of the tongue-and-groove 

joints that are neglected in this research could be investigated. Since the shear 

strength of the M20 clamps may decline at large slips, composite beams with very 

low degree of shear connection are of particular interest. Based on the test results, 

the proposed design equations can be validated and the reduction factors can be 

updated.  

 
(3) The diaphragm behavior of the deconstructable composite floor system could be 

investigated experimentally and computationally, including the progression of 

damage, the load-deformation response, force distribution between the steel 

chords and concrete planks, load transfer from the floor system to the collector 

beams and LFRS, etc.  
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 PROTOTYPE STRUCTURE DESIGN 
SUMMARY 

 

This appendix summarizes the design of the lateral-force resistance systems and gravity 

columns of the steel prototype buildings, based on the design methodology summarized 

in Chapter 3.  

 

Table A.1 summarizes the sizes of the beams and girders of the 8 prototype buildings 

using deconstructable floor systems.  The required number of clamps per beam and girder 

is also given. Table A.2 summarize the required number of shear studs per beam and 

girder and the sizes of the beams and girders of the 8 prototype buildings using traditional 

composite floor systems. 

 

Table A.3 summarizes the sizes of the beams, girders, braces, and columns that make up 

the lateral resistance systems for both traditional and deconstructable buildings. Gravity 

columns are those not involved in the lateral system. Table A.4 summarizes the sizes of 

the gravity columns for both building types.   

 

The columns and lateral resistance systems are designed to be the same for both 

traditional and deconstructable floor systems, since the concrete slabs and planks are both 

solid. Thus, Table A.3 and Table A.4 may be used for both systems.  
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Table A.1 Member sizes for the deconstructable composite floor system  

Name 
Floor interior beam Floor exterior beam Floor interior girder Floor exterior girder 

Member size Number of bolts Member size Number of bolts Member size Number of bolts Member size Number of bolts 

30-3-8-gc W18x35 60 W14x22 32 W30x90 40 W21x55 40 
30-3-6-gc W18x40 60 W14x26 32 W30x99 40 W21x55 40 
20-3-8-gc W10x19 40 W10x15 24 W18x35 40 W12x19 32 
20-3-6-gc W12x22 40 W10x15 24 W18x40 40 W14x26 24 
30-9-8-gc W16x31 32 W12x22 32 W21x62 40 W16x40 40 
30-9-6-gc W14x30 32 W12x19 32 W21x55 40 W18x35 40 
20-9-8-gc W12x19 24 W10x15 24 W14x30 24 W12x19 24 
20-9-6-gc W12x16 24 W10x15 24 W14x26 24 W12x16 24 

 

Table A.2 Member sizes for the conventional composite floor system with solid slabs 

Name 
Floor interior beam Floor exterior beam Floor interior girder Floor exterior girder 

Member size Number of  
Shear Studs Member size Number of  

Shear Studs Member size Number of  
Shear Studs Member size Number of  

Shear Studs 

30-3-8-sc W18x35 48 W14x22 24 W27x84 88 W21x44 68 
30-3-6-sc W18x40 48 W14x26 36 W27x84 88 W21x50 68 
20-3-8-sc W12x19 30 W10x15 12 W18x35 30 W12x19 30 
20-3-6-sc W12x22 20 W10x15 12 W18x35 48 W14x22 24 
30-9-8-sc W12x19 30 W10x15 12 W21x44 52 W16x26 36 
30-9-6-sc W12x19 30 W10x15 12 W21x44 52 W16x26 44 
20-9-8-sc W10x15 12 W10x15 12 W12x19 30 W10x15 12 
20-9-6-sc W10x15 12 W10x15 12 W12x19 30 W10x15 12 
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Table A.3 Member sizes of lateral-force resisting systems 

Name Floor Level 

Seismic Design (Beams) Seismic Design (Girders) 
Braces Beams Columns Braces Girders Columns 

Member size Member Size Member Size Member size Member Size Member Size 

30-3-8 
Roof HSS4X4X5/16 W30X108 W8X40 HSS4X4X5/16 W30X108 W8X40 

3 HSS7X7X1/2 W30X99 W12X96 HSS7X7X1/2 W30X99 W10X77 
2 HSS8X8X5/8 W33X130 W14X132 HSS8X8X5/8 W36X135 W12X96 

30-3-6 
Roof HSS4X4X5/16 W30X108 W8X40 HSS4X4X5/16 W30X108 W8X40 

3 HSS7X7X1/2 W30X99 W12X96 HSS7X7X1/2 W30X99 W10X77 
2 HSS8X8X5/8 W33X130 W14X132 HSS8X8X5/8 W36X135 W12X96 

20-3-8 
Roof HSS3-1/2X3-1/2X1/4 W24X76 W8X40 HSS3-1/2X3-1/2X1/4 W24X76 W8X40 

3 HSS5-1/2X5-1/2X3/8 W21X50 W10X68 HSS5-1/2X5-1/2X3/8 W24X68 W8X67 
2 HSS6X6X1/2 W24X84 W10X77 HSS6X6X1/2 W30X99 W10X68 

20-3-6 
Roof HSS3-1/2X3-1/2X1/4 W24X76 W8X40 HSS3-1/2X3-1/2X1/4 W24X76 W8X40 

3 HSS5-1/2X5-1/2X3/8 W21X50 W10X68 HSS5-1/2X5-1/2X3/8 W24X68 W8X67 
2 HSS6X6X1/2 W24X84 W10X77 HSS6X6X1/2 W30X99 W10X68 

30-9-8 

Roof HSS4-1/2X4-1/2X5/16 W30X116 W8X40 HSS4-1/2X4-1/2X5/16 W30X116 W8X40 
9 HSS7X7X5/8 W24X76 W12X96 HSS7X7X5/8 W27X94 W10X88 
8 HSS9X9X5/8 W30X116 W12X106 HSS9X9X5/8 W30X116 W12X96 
7 W10X88 W30X124 W14X283 W10X88 W30X124 W14X233 
6 W12X96 W24X68 W14X283 W12X96 W24X76 W14X233 
5 W12X96 W30X124 W14X455 W12X96 W30X124 W14X426 
4 W12X106 W27X84 W14X455 W12X106 W30X99 W14X426 
3 W12X106 W30X124 W14X665 W12X106 W30X124 W14X605 
2 W12X106 W18X40 W14X665 W12X106 W21X44 W14X605 
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Table A.3 Member sizes of lateral-force resisting systems (continued) 

Name Floor Level 

Seismic Design (Beams) Seismic Design (Girders) 
Braces Beams Columns Braces Girders Columns 

Member size Member Size Member Size Member size Member Size Member Size 

30-9-6 

Roof HSS4-1/2X4-1/2X5/16 W30X116 W8X40 HSS4-1/2X4-1/2X5/16 W30X116 W8X40 
9 HSS7X7X5/8 W24X76 W12X96 HSS7X7X5/8 W24X76 W10X88 
8 HSS9X9X5/8 W30X116 W12X106 HSS9X9X5/8 W30X116 W10X88 
7 W10X77 W30X124 W14X257 W10X77 W30X124 W14X233 
6 W10X88 W30X99 W14X257 W10X88 W30X99 W14X233 
5 W12X96 W30X124 W14X455 W12X96 W30X124 W14X398 
4 W12X96 W18X35 W14X455 W12X96 W21X44 W14X398 
3 W12X96 W30X124 W14X665 W12X96 W30X124 W14X550 
2 W12X96 W18X35 W14X665 W12X96 W18X40 W14X550 

20-9-8 

Roof HSS3-1/2X3-1/2X1/4 W24X76 W8X40 HSS3-1/2X3-1/2X1/4 W24X76 W8X40 
9 HSS6X6X1/2 W16X40 W8X67 HSS6X6X1/2 W21X50 W8X67 
8 HSS7X7X1/2 W21X55 W10X68 HSS7X7X1/2 W24X62 W8X67 
7 HSS7X7X5/8 W18X55 W14X159 HSS7X7X5/8 W21X62 W14X145 
6 HSS8X8X5/8 W21X62 W14X159 HSS8X8X5/8 W24X68 W14X145 
5 HSS8X8X5/8 W21X68 W14X283 HSS8X8X5/8 W24X76 W14X283 
4 HSS9X9X5/8 W21X55 W14X283 HSS9X9X5/8 W24X68 W14X283 
3 HSS9X9X5/8 W21X62 W14X426 HSS9X9X5/8 W24X76 W14X426 
2 HSS9X9X5/8 W14X22 W14X426 HSS9X9X5/8 W18X35 W14X426 
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Table A.3 Member sizes of lateral-force resisting systems (continued) 

Name Floor Level 

Seismic Design (Beams) Seismic Design (Girders) 
Braces Beams Columns Braces Girders Columns 

Member size Member Size Member Size Member size Member Size Member Size 

20-9-6 

Roof HSS3-1/2X3-1/2X1/4 W24X76 W8X40 HSS3-1/2X3-1/2X1/4 W24X76 W8X40 
9 HSS5-1/2X5-1/2X3/8 W16X40 W8X67 HSS5-1/2X5-1/2X3/8 W18X46 W8X58 
8 HSS7X7X1/2 W30X99 W8X67 HSS7X7X1/2 W30X99 W8X58 
7 HSS7X7X1/2 W18X55 W14X159 HSS7X7X1/2 W21X62 W14X145 
6 HSS7X7X5/8 W24X62 W14X159 HSS7X7X5/8 W24X68 W14X145 
5 HSS7X7X5/8 W18X55 W14X283 HSS7X7X5/8 W21X62 W14X283 
4 HSS8X8X5/8 W21X55 W14X283 HSS8X8X5/8 W24X62 W14X283 
3 HSS8X8X5/8 W18X55 W14X398 HSS8X8X5/8 W21X62 W14X398 
2 HSS8X8X5/8 W12X19 W14X398 HSS8X8X5/8 W16X31 W14X398 
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Table A.4 Member sizes of gravity columns  

Name Floor Level 
Edge Column Corner Column 

Member size Member size 

30-3-8 

Roof W8X31 W8X31 

3 W8X35 W8X31 

2 W12X53 W8X31 

30-3-6 

Roof W8X31 W8X31 

3 W10X33 W8X31 

2 W10X49 W8X31 

20-3-8 

Roof W8X31 W8X31 

3 W8X31 W8X31 

2 W8X31 W8X31 

20-3-6 

Roof W8X31 W8X31 

3 W8X31 W8X31 

2 W8X31 W8X31 

30-9-8 

Roof W8X31 W8X31 

9 W8X31 W8X31 

8 W8X31 W8X31 

7 W8X40 W8X31 

6 W10X49 W8X31 

5 W12X58 W10X39 

4 W12X65 W10X45 

3 W12X72 W10X49 

2 W12X79 W12X53 

30-9-6-gc 

Roof W8X31 W8X31 

9 W8X31 W8X31 

8 W8X31 W8X31 

7 W8X35 W8X31 

6 W8X48 W8X31 

5 W10X49 W8X35 

4 W12X58 W8X40 

3 W12X65 W8X48 

2 W12X72 W10X49 
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Table A.4 Member sizes of gravity columns (continued) 

Name Floor Level 
Edge Column Corner Column 

Member size Member size 

20-9-8 

Roof W8X31 W8X31 

9 W8X31 W8X31 

8 W8X31 W8X31 

7 W8X31 W8X31 

6 W8X31 W8X31 

5 W8X31 W8X31 

4 W10X39 W8X31 

3 W10X45 W8X31 

2 W10X49 W8X31 

20-9-6 

Roof W8X31 W8X31 

9 W8X31 W8X31 

8 W8X31 W8X31 

7 W8X31 W8X31 

6 W8X31 W8X31 

5 W8X31 W8X31 

4 W8X35 W8X31 

3 W8X40 W8X31 

2 W10X45 W8X31 
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 PRECAST CONCRETE PLANK DESIGN 
 

 Flexural reinforcement and shear reinforcement design  
 

This appendix shows the design of the precast concrete planks and cast-in-place concrete 

slabs used in the prototype structures that are designed in Chapter 3 and represent office 

building occupancy. As per ASCE 7-10 (2010), in addition to dead load, floors should be 

designed for uniformly distributed live load and concentrated live load. The magnitudes 

of the dead load and uniform live load the prototype structures are subjected to are 

provided in Chapter 3. According to Table 4.1 in ASCE 7-10 (2010), the concentrated 

live load is assumed to be 2,000 lbs uniformly distributed over an area of 2.5 ft. by 2.5 ft. 

When used in design load combinations, this load should be multiplied by corresponding 

factors. Floors should be designed for the greater loading effects produced by the uniform 

live load and concentrated live load.  

 

The floor plan for the buildings designed with deconstructable composite floor systems is 

given in Figure 1.4. Assuming the tongue-and-groove joints illustrated in Figure 1.1 

transfer shear only, a one-plank strip may behave like a continuous beam with hinges at 

its ends and along its sides. However, a staggered two-plank strip has the capacity of 

transferring moment across all joints due to force transfer between the staggered planks. 

Conservatively, the planks and the reinforcement could be designed using twice the 

moment and shear obtained from continuous beam analysis. Alternatively, the load 

transfer between adjacent concrete planks and the required strengths for the planks could 

be determined from finite element analysis.  

 

Reinforcement is also designed for monolithic cast-in-place concrete slabs used in 

conventional composite floor systems. Solid concrete slabs, rather than composite slabs, 

are assumed. The design of solid concrete slabs is slightly different from the design of 

composite slabs. In composite slabs, metal deck serves as positive reinforcement, and 

welded wire fabric or reinforcing bars are placed above the deck as the temperature and 

shrinkage reinforcement. Under negative bending, the metal deck is not permitted to be 
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designed as compressive reinforcing steel, and the temperature and shrinkage 

reinforcement are normally insufficient for the negative bending moment over the steel 

supports. As a result, the concrete slab in the negative bending moment region may be 

designed as a conventional reinforced concrete slab. 

 

All designs use ACI 318-11.  

 

Parameters:  

 

Load:  

Uniform dead load = 92.5 psf 

Uniform live load = 80 psf 

Concentrated live load = 2,000 lbs 

Slab/Plank:  

Span = 10 ft. 

Depth = 6 in.  

Width = 24 in.  

Concrete: 

!!
" = 4000	&'( 

Reinforcement:  

Longitudinal reinforcement: No.4 

)# = 0.2	(,.$ 

!% = 60	.'( 

Other reinforcement: No.3  

)# = 0.11	(,.$ 

!% = 60	.'( 

Cast-in channels:   

!% = 235	234 ≈ 36	.'( 

 

Calculations:  
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1. Required flexural strength  

 

• Uniform loading  

 

Load combination (9-1) in ACI 318-11: 6& = 1.4 × 92.5 = 129.5	&'! 

Load combination (9-2) in ACI 318-11 : 6& = 1.2 × 92.5 + 1.6 × 80 = 239&'! 

Design line load for a two-foot wide plank = 239 × 2 = 478	&<! 

 

ACI Coefficients  

 

ACI 318-11 recommends coefficients for the calculation of moment and shear for a one-

way slab in Section 8.3.3, provided the following requirements are satisfied.  

1. There are two or more continuous spans. 

2. The spans are approximately equal, with the longer of the two adjacent spans not 

more than 1.2 times the length of the shorter one. 

3. The loads are uniformly distributed.  

4. The unfactored live load does not exceed three times the unfactored dead load. 

5. The members are prismatic.  

 

The coefficients, calculated using an influence line theory, take into consideration the 

loading patterns that lead to the maximum moment and shear in the slab. When the 

concrete planks or slabs are subjected to the uniform dead load (92.5 psf) and live load 

(80 psf), all these requirements are met in the design, and these coefficients could thus be 

used for the moment and shear calculation.  

 

Moment:  

The maximum positive moment: 

2&'(# = =)>6&<*
$
? =

1

14
× 478 ×

10$

1000
= 3.41	!@ − .(&' 

The maximum negative moment: 
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2&*+, = =)>6&<*
$
? =

1

10
× 478 ×

10$

1000
= 4.78	!@ − .(&' 

Shear: 

The maximum shear: 

B& = =-(6&<* 2⁄ ) = 1.15 × 478 × 10/2000 = 2.75	.(&' 

 

These required bending moment and shear force can be utilized for the design of a two-

foot-wide concrete strip in the conventional composite floor system, whereas a two-foot-

wide concrete plank in the deconstructable composite floor system could be 

conservatively designed using twice these required strengths. It should be noted that the 

center-to-center spacing between the steel supports is employed in the calculations. More 

accurate results could be obtained by using clear spans.  

 

Finite Element Analysis  

 

A three-dimensional shell model was developed in ABAQUS/CAE and analyzed in 

ABAQUS/Standard, as illustrated in Figure B.1. In this model, the concrete planks within 

a region of one bay (30 ft.) by three bays (90 ft.) of the prototype building were included. 

The shells were meshed with the linear, finite-membrane-strain, reduced-integration, 

quadrilateral shell elements (S4R). Since the girder planks are clamped to the steel 

girders along their lengths, all degrees of freedom of the girder planks were fully 

restrained in the FEM. The steel beam supports cannot fully restrain the rotation of the 

planks; therefore, all the steel beams were idealized as roller supports, with the exception 

of one edge beam that was treated as a pin support. Rigid-end zones were ignored in this 

analysis.  
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Figure B.1 Shell model of DfD floor system  

 

The dead load was applied to the whole region, while the loading patterns of the live load 

were defined to produce the maximum loading effects, as given in Figure B.2. There 

should be some negative bending moments at the end supports of the floor system due to 

the rotational resistance of the spandrel beams. Consequently, a distributed moment of 

6&<*
$
/24 was applied at the end supports of the model (Wight et al. 2009). In this linear 

analysis, the elastic modulus and Poisson’s ratio of the concrete planks were defined as 

4031 ksi and 0.15, respectively. Between adjacent concrete planks, tie constraints were 

utilized to allow shear force transfer, but the bending moment was released at the 

longitudinal and transverse joints.  

 

• Concentrated loading  

 

ASCE 7-10 (2010) requires that the concentrated load be distributed over an area of 2.5 ft. 

by 2.5 ft. Given that the width of the concrete planks is 2 ft., the distributed area of the 

concentrated force is simplified as a region of 2 ft. by 2 ft., which may result in a 

conservative design compared to the ASCE requirements. Figure B.3 illustrates the 

concentrated force locations where the maximum positive bending moment, maximum 

negative bending moment, and maximum shear were generated in the planks.  

 

 

Girder plank 

Beam plank 

Pin support 

Roller support 
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Case 1 

 
Case 2 

a) Maximum positive bending moment at mid-span of plank 

 
Case 3 

b) Maximum negative bending moment and shear force at support 
Note: The uniform live loading is applied at the shaded areas.  

Figure B.2 Pattern uniform live loading for DfD floor system  
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Case 1 

a) Maximum positive bending moment at mid-span of plank 

 
Case 2 

b) Maximum negative bending moment at support 

 
Case 3 

c) Maximum shear force at support 
Note: The concentrated live loading is applied at the shaded areas.  

Figure B.3 Pattern concentrated live loading for DfD floor system  
 

Table B.1 summarizes the design bending moment and shear force generated by the dead 

load and live load for the deconstructable concrete planks and conventional concrete 

slabs. The governing load combination is 1.2D + 1.6L. The strengths are given for a two-

foot-wide plank or concrete strip. Under uniform loading, the required strengths for the 

planks in the DfD floor system, which are obtained from the finite element analysis, are 

close to those calculated using the ACI coefficients. In the DfD floor system, due to 

deformation compatibility, the loading effects are distributed over a larger region and 

resisted by numerous planks, even though the concentrated force is applied on a single 



381 
 

plank. This conclusion could be validated by the strength comparisons shown in Figure 

B.4, which demonstrates the internal forces of the whole slab and of the plank subjected 

to the concentrated loading. The design of monolithic concrete slabs under concentrated 

loading could use a similar approach. According to Section 3.24.3.2 in AASHTO (2002), 

the distribution width, E, shall be (4 + 0.06S), but shall not exceed 7 ft. S is the span 

length given in Section 3.24.1. In this calculation, the distribution width is conservatively 

taken as 4.0 ft.  
 

Table B.1 Required strengths for concrete slab and plank design   

Loading type Floor system  
Moment (ft.-kips) 

Shear 
(kips) Positive  

Negative  
Case 1 Case 2 

Uniform  
DfD  2.74 3.74 4.30 2.63 

Conventional  
(ACI coefficients) 

2.99 
!"!#"#$/16 

3.41 
!"!#"#$/14 

4.78 
!"!#"#$/10 

2.75 
1.15("!#")/2 

Concentrated  
DfD 3.11 2.81 2.89 

Conventional  3.78  3.37 2.64 

 

In the finite element models, the stress outputs for the shell elements are bending stresses 

(S11 and S22) and in-plane shear stresses (S12). S11 and S22 represent bending stresses 

perpendicular to and parallel to the longitudinal direction of the planks, respectively. S11 

are longitudinal bending stresses due to the one-way slab behavior of the floor system, 

while S22 are transverse bending stresses induced by the vertical shear transferred from 

adjacent planks. S11 and S22 are illustrated in Figure B.5 for different loading scenarios.   
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a) Maximum positive bending moment at mid-span of plank (units: ft.-kips) 

 

 

b) Maximum negative bending moment at support (units: ft.-kips) 

 

 

c) Maximum shear force at support (units: kips) 
Figure B.4 Required strengths of DfD planks under concentrated live loading  

 

It is seen that S11 is greater than S22, indicating that transverse bending of the planks is 

not as significant as longitudinal bending. The maximum longitudinal bending stress is 

52.44 kips/ ft.2 (0.364 ksi), and the maximum transverse bending stress is 12.12 kips/ ft.2 

(0.084 ksi).  
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a) Uniform loading case 1 

 

 
b) Uniform loading case 2 
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c) Uniform loading case 3 

 

 
d)  Concentrated loading case 1  
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e) Concentrated loading case 2  

 

 
f) Concentrated loading case 3  

Note: The bending stresses at the bottom surfaces of the planks are shown in this figure. Tensile stresses 
are positive, and compressive stresses are negative.  

Figure B.5 Concrete plank bending stresses in different loading scenarios (units: kips/ft.2) 
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In addition to flexure, the concrete planks should be designed for torsion, which causes 

torsional shear stresses in the planks and might lead to torsional failure modes at the 

plank ends. Since the shell elements in the finite element models cannot output out-of-

plane shear stresses, the torsional shear stresses in the planks are not readily available. 

The maximum torsion in a plank could be conservatively estimated as: G = 3H =

1.6	.(&' × 0.5	!@. = 0.8	!@. −.(&'. This calculation assumes that the concentrated live 

load is equally supported by two adjacent concrete planks, and that the generated torsion 

is resisted only at one end support of the plank. According to Section 11.5.1 in ACI 318-

11, torsion effects could be ignored if the factored torsional moment is less than the 

following:  

G./ = IJK!!
" L
)!'
$

&!'
M = 0.75 × 1 × √4000 ×

(6 × 24)$

2 × (6 + 24)
= 1.37	!@. −.(&' 

It could be concluded that the torsion and resulting shear stresses induced by the 

concentrated live load can be neglected in the design of the planks.  

 

2. Flexural and shear reinforcement design  

 

Precast concrete plank  

 

Two Grade 60 No.4 bars are designed for negative bending of the plank, while positive 

bending is resisted by the cast-in channels. The cross sectional area of the channels is 

1.74 in.2, and the centroid of the channel sections is 0.96 in. above the bottom surface of 

the concrete plank. The concrete cover for the negative reinforcement is taken as 3/4 in.   

 

Positive moment capacity: 

 

Assume the location of the neutral axis (NA) is 1.6 in. from the top surface of the plank. 

Consider strain compatibility in the cross section (see Figure B.6). When the outmost 

concrete fiber reaches a crushing strain of 0.003, the strain in the negative reinforcement: 

O#
" = O!&

P − Q"

P
= 0.003 ×

1.6 − 1.0

1.6
= 0.001125	 
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Tensile force in the cross section: 

G# = )#!% = 1.74 × 2 × 36 = 125.28	.(&' 

Compressive force in the cross section: 

=#
" = )#

"!% = 0.4 × 0.001125 × 29000 = 13.05	.(&' 

=! = 0.85!!
"R4 = 0.85 × 0.85 × 4 × 24 × 1.6 = 110.976	.(&' 

G# ≈ =! + =#
" , therefore, the assumed NA location is acceptable.  

Nominal moment capacity:   

2* = G# SQ −
4

2
T − =#

" SQ" −
4

2
T 

= 125.28 × U6 − 0.96 −
0.85 × 1.6

2
V − 13.05 × U1 −

0.85 × 1.6

2
V = 45.17	!@ − .(&' 

Strain in the positive reinforcement when concrete reaches the crushing strain: 

O# = O!&
Q − P

P
= 0.003 ×

6 − 0.96 − 1.6

1.6
= 0.00645 > 0.005 

The section is tension-controlled; therefore, the strength reduction factor ∅ = 0.9. 
Available positive moment capacity: 

∅2* = 0.9 × 45.17 = 40.65 > 3.74	!@ − .(&' 

 
Figure B.6 Strain compatibility under positive bending  

 

Negative moment capacity:  

 

Assume the NA is 0.89 in. from the bottom surface of the plank. 

Strain in the positive reinforcement: 

c d'

d

&!" 

&#$  

&# 
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O#
" = O!&

P − Q"

P
= 0.003 ×

0.96 − 0.89

0.89
= 0.000236 

Tensile force in the cross section: 

G# = )#!% = 1.74 × 2 × 0.000236 × 29000 = 23.81.(&' 

G#
" = )#

"!% = 0.2 × 2	 × 60 = 24	.(&' 

Compressive force in the cross section: 

=! = 0.85!!
"R4 = 0.85 × 0.85 × 4 × (24 − 2 × 2.83) × 0.89 = 47.17	.(&' 

G#
" + G# ≈ =! , therefore, the assumed NA location is acceptable.  

Nominal moment capacity:   

2* = 23.81 × U0.96 − 0.89 ×
0.85

2
V + 24 × U5 − 0.89 ×

0.85

2
V = 10.40	!@ − .(&' 

Strain in the negative reinforcement when concrete reaches the crushing strain: 

O# = O!&
Q − P

P
= 0.003 ×

5 − 0.89

0.89
= 0.0139 > 0.005 

The section is tension-controlled.  

Available negative moment capacity: 

∅2* = 0.9 × 10.40	 = 9.36 > 4.30	!@ − .(&' 

 

 
Figure B.7 Strain compatibility under negative bending  

 

Cast-in-place concrete slab 

 

c

d

d'

&# 

&!" 

&#$  
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Use two Grade 60 No.4 bars as negative reinforcement and two Grade 60 No.4 bars as 

positive reinforcement for a two-ft.-wide concrete slab strip. The concrete cover is taken 

as 3/4 in. for both reinforcement. It is clear that the negative moment capacity of the strip 

is the same as its positive moment capacity.  

 

Positive moment capacity: 

 

Assume the location of the neutral axis (NA) is 0.62 in. from the top surface of the plank. 

Consider strain compatibility in the cross section (see Figure B.6). When the outmost 

concrete fiber reaches a crushing strain of 0.003, the strain in the negative reinforcement: 

O#
" = O!&

P − Q"

P
= 0.003 ×

1.0 − 0.62

0.62
= 0.0018 

Tensile force in the cross section: 

G# = )#!% = 0.4 × 60 = 24	.(&' 

G#
" = )#

"!% = 0.4 × 0.0018 × 29000 = 21.33	.(&' 

Compressive force in the cross section: 

=! = 0.85!!
"R4 = 0.85 × 0.85 × 4 × 24 × 0.62 = 43.00	.(&' 

G# + G#
" ≈ =! , therefore, the assumed NA location is acceptable.  

Nominal moment capacity:   

2* = G#
" SQ" −

4

2
T + G# SQ −

4

2
T 

= 24 × U6 − 1.0 −
0.85 × 0.62

2
V + 21.33 × U1 −

0.85 × 0.62

2
V = 10.78	!@ − .(&' 

Strain in the positive reinforcement when concrete reaches the crushing strain: 

O# = O!&
Q − P

P
= 0.003 ×

6 − 1.0 − 0.62

0.62
= 0.021 > 0.005 

The section is tension-controlled; therefore, the strength reduction factor ∅ = 0.9. 
Available positive moment capacity: 
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∅2* = 0.9 × 10.78 = 9.70 > 4.78	!@ − .(&' 

 

Shear capacity:  

 

Precast concrete plank  

∅B! = 0.75 × 2JK!!
"R0Q 

= 0.75 × 2 × √4000 × (24 − 2 × 2.83) × (6 − 0.96)/1000 = 8.70 > 2.89	.(&' 

Cast-in-place concrete slab 

∅B! = 0.75 × 2JK!!
"R0Q 

= 0.75 × 2 × √4000 × 24 × (6 − 1.0)/1000 = 11.38 > 2.75	.(&' 

Based on Section 11.4.6.1 in ACI 318-11, no shear reinforcement is required for solid 

slabs when B& is greater than 0.5	∅)! and less than ∅)!. 
 

3. Deflection Check 

 

Table 9.5(a) in ACI 318-11 provides the minimum thickness of one-way slabs unless 

deflections are calculated.  

End bay: 

Minimum plank thickness= Y/24 = 10 × 12/24 = 5.00 < 6	(,. 

Interior bay: 

Minimum plank thickness= Y/28 = 10 × 12/28 = 4.29 < 6	(,. 

Deflection check is not needed here.  

 

4. Detailing requirements 

 

Minimum reinforcement ratio for bending:  
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)#,)2* =
3K!!

"

!%
R0Q ≥

200

!%
R0Q 

Precast concrete plank  

For positive bending, )#,)2* = 200/36000 × 5 × (24 − 2 × 2.83) = 0.51 < 3.48	(,$ 

For negative bending, )#,)2* = 200/60000 × 5 × (24 − 2 × 2.83) = 0.31 < 0.4	(,$ 

The area of longitudinal reinforcement is adequate to prevent brittle failure due to 

cracking.  

 

Cast-in-place concrete slab 

For positive bending, )#,)2* = 200/60000 × 5 × 24 = 0.4	(,$ 

For negative bending, )#,)2* = 200/60000 × 5 × 24 = 0.4	(,$ 

The area of longitudinal reinforcement is adequate to prevent brittle failure due to 

cracking.  

 

Maximum spacing: 

 

The maximum spacing of bars used as primary flexural reinforcement in a one-way slab 

is three times the slab thickness or 18 in, whichever is smaller (Section 7.6.5 in ACI 318-

11).The maximum bar spacing is also governed by crack-control provisions (Section 

10.6.4 in ACI 318-11). 

' = 15 U
40000

!#
V − 2.5P! = 15 U

40000

40000
V − 2.5 × 0.75 = 13.1 > 12U

40000

!#
V = 12	(,. 

Where  

!# = the stress in the tension steel, which is taken as 2/3!% (psi) 

P! = the clear cover from the tension face of the slab to the surface of the reinforcement 

nearest to it (in.) 

Therefore, use 12 in.as the maximum spacing for the flexural reinforcement. 



392 
 

 

Shrinkage and temperature reinforcement: 

 

Precast concrete plank  

 

Since the precast concrete planks are only 2 ft. wide and much of the shrinkage occurs 

before the planks are assembled into the structure, the shrinkage and temperature 

reinforcement in the direction normal to the flexural reinforcement is permitted to be 

waived, according to Section 16.4.1 in ACI 318-11. The flexural reinforcement crosses 

the potential cracks perpendicular to the span of the plank, limiting the widths of the 

cracks, but the minimum flexural reinforcement in the plank should be at least equal to 

the amount required in Section 7.12.2.1 in ACI 318-11 for shrinkage and temperature.  

 

The minimum amount of shrinkage and temperature reinforcement is 	)# = 0.0018 ×

24 × 6 = 0.26	(,$, which is smaller than the amount of positive and negative flexural 

reinforcement. Hence, the shrinkage and temperature reinforcement is not needed in the 

planks.  

 

In reinforced concrete structures, bars are normally cut off where they are no longer 

required. In contrast, considering the reuse of deconstructed precast concrete planks in a 

new structure with a different layout, the potential maximum moment and shear force 

locations in the planks could change. As such, it may be assumed that any section of the 

precast concrete plank in the deconstructable floor system should be designed for the 

worst loading effects (i.e., maximum positive and negative bending moment and shear 

force). Consequently, the reinforcement may be placed through the length of the plank 

without cut-offs. 

 

Cast-in-place concrete slab  
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The minimum amount of shrinkage and temperature reinforcement is 	)# = 0.0018 ×

24 × 6 = 0.26	(,$. Provide No.4 bars at a spacing of 18 in., which is equivalent to a steel 

area of 0.27 in.2 in a two-ft.-wide concrete slab strip.  

 

The reinforcement layout for the cast-in-place concrete slabs is illustrated in Figure B.8. 

According to Section 12.11.1 in ACI 318-11, the bottom bars are continued 6 in. into the 

beam supports. For the interior supports, the negative moment points of inflection are at 

0.24<* from the supports. It is required in Section 12.12.3 in ACI 318-11 to extend the 

negative bars beyond the inflection points at least	Q ,	12Q3  and	<*/16. Therefore, the 

negative reinforcement should be extended from the supports at 

least 	0.24<* +\4](Q, 12Q3 , <*/16) = 0.24 × 120 +\4]	(5, 12 × 0.5,120/16) =

36.3	(,. Because the steel beam sizes vary, the clear span is conservatively taken as the 

center-to-center spacing between the beams. In addition, Section 12.12.2 in ACI 318-11 

requires that all the negative reinforcement must extend the development length,	<4, from 

the face of the support. The development length, <4 , is calculated as follows:  

<4 =
!%_._+

25J`*%
′
Q3 =

60000 × 1 × 1

25 × √4000
Q3 = 37.9Q3 = 19.0	(,. 

 
 

 
a) Precast concrete plank (cast-in channels used as positive reinforcement are not shown) 

 
b) Cast-in-place concrete slab 

Figure B.8 Reinforcement configurations 
 

Centerline CenterlineNo.4 at 12 in. No.4 at 12 in.

6 in. 6 in.

Centerline CenterlineNo.4 at 12 in. No.4 at 12 in.
No.4 at 12 in.

No.4 at 12 in. No.4 at 12 in.
No.4 at 18 in.

6 in. 6 in.

36 in. 36 in.
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 Shear key design  
 

Tongue-and-groove joints are recommended for connecting adjacent concrete planks. The 

short end joints are more vulnerable than the long end joints, since they are required to 

transfer shear forces generated due to one-way slab behavior. In this section, the 

preliminary dimensions of the shear keys are given, and the shear strength of the keys is 

also calculated.  

 

Multiple castellated shear keys are common in precast concrete segmental bridge 

constructions. Compared to epoxied joints, the construction of dry joints is not 

constrained by weather conditions and saves time. Two different mechanisms contribute 

to the shear strength of shear keys. The first mechanism is the frictional resistance when 

the contact surfaces attempt to move relative to each other. The second mechanism 

accounts for the support effects of the keys. Design equations, however, show significant 

variations in estimating the ultimate shear strength of shear keys. Research by Turmo et 

al. (2006) indicates that the AASHTO equation best predicts the strength. It is assumed in 

the AASHTO equation that no reinforcement is placed to reinforce the shear keys.  

 

Figure B.9 illustrates the preliminary configuration of the shear keys in the precast 

concrete planks. The shear strength of the shear keys is calculated using the AASHTO 

equation, and the strength of the concrete plank is assumed to be 4 ksi.  
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a) Proposed configuration  

 
b) Shear key dimensions at short end joints (units: inches) 

Figure B.9 Preliminary configuration of shear keys  
 

In AASHTO, the nominal design shear strength of shear keys is given as:  

 B& = )5 ∙ K!!
" ∙ (0.2048 ∙ b* + 0.9961) + 0.6 ∙ )#) ∙ b* (B.1) 

Where 

)5 = areas of all the keys of the failure plane (mm2) 

!!
" = concrete characteristic compressive strength (MPa) 

b* = average compressive strength at the joint plane (MPa) 

)#) = contact area between flat surfaces of the failure plane (mm2)  

 

For the precast concrete planks, it is assumed that no normal force exists between the 

shear keys. With a strength reduction factor of 0.75 applied to Equation (B.1), the 

available shear strength of the shear keys is calculated as the smaller of the following two 

equations:  

 
∅B& = 0.75 × 4 × 22 ×

25.4	$

106
× √27.58 × 0.9961 = 0.223	2c

= 50.13	.(&' 
(B.2.1) 
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∅B& = 0.75 × 1.5 × 22 ×

25.4	$

106
× √27.58 × 0.9961 = 0.0836	2c

= 18.80	.(&' 
(B.3.2) 

The available shear strength of the cross-section of the concrete plank is determined as:  

 
∅B! = 0.75 × 2JK!!

"R0Q = 0.75 × 2 × √4000 × 24 ×
6 − 0.96

1000

= 11.38		.(&' 
(B.4) 

It is shown that the shear keys at the short ends of the planks are capable of resisting 

much larger shear force than the planks. Hence, under shear forces, the concrete planks 

are likely to fail prior to the shear keys.   
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 SPECIMEN DRAWINGS 
 

This appendix contains the drawings of all the components in both the pushout tests and 

the beam tests, including shop drawings for the steel components, design drawings for the 

concrete specimens, details of the reinforcement, etc.  
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 Pushout tests  
 

C.1.1 Steel specimen shop drawings  

 
Figure C.1 Steel Section WT5x30 
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Figure C.2 Steel Section WT4x15.5 



400 
 

 
Figure C.3  Stiffened W6x25 Beam Assembly 
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Figure C.4 Stability Frame for WT5x30 
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Figure C.5 Stability Frame for WT4x15.5 
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Figure C.6 Stiffened Channel C15x50 
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Figure C.7 Reaction Angle 
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Figure C.8 Shim between Reaction Angle and Stiffened Channel for WT4x15.5 
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Figure C.9 Shim between WT4x15.5 and Clamp Tooth 
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C.1.2 Concrete specimen design drawings  

 
Figure C.10 Light Reinforcement Pattern 
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Figure C.11 Heavy Reinforcement Pattern for Two-Channel Specimens 
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Figure C.12 Heavy Reinforcement Pattern for Three-Channel Specimens 
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Figure C.13 Reinforcement Details 
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C.1.3 Cast-in channel drawing 

 
Figure C.14 Cast-in channel details  
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 Beam tests  
 

C.2.1 Steel specimen shop drawings  

 
Figure C.15 Steel Section W14x38 
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Figure C.16 Steel Section W14x26 
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Figure C.17 Steel Section W18x46 
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Figure C.18 Top Spreader Beam W14x132 
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Figure C.19 Bottom Spreader Beam W8x58 
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Figure C.20 Brace Section W18x86 
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Figure C.21 Brace Section W10x49 
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Figure C.22 Flange Tab for Column Base 
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Figure C.23 Web Tab for Column Base 
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Figure C.24 Cross Beam Adapter 
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Figure C.25 Beam Roller Support 
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Figure C.26 Beam Pin Support 
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Figure C.27 Plate under Bottom Spreader Beam 
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Figure C.28 6’’ Roller  
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Figure C.29 Clamp Plate for Braces 



427 
 

 
Figure C.30 Clamp Plate for Column Ends 
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Figure C.31 Brace Section WT4x17.5 
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Figure C.32 Clamp Plate for Braces 
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Figure C.33 Column End Shim 1 
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Figure C.34 Column End Shim 2 
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Figure C.35 Stub Beam W12x72 
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Figure C.36 Coupon Section W14x38 
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Figure C.37 Coupon Section W18x46 
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Figure C.38 Coupon Section W14x38 
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C.2.2 Concrete specimen design drawings  

 
Figure C.39 One-Channel Specimen  
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Figure C.40 One-Channel Specimen Reinforcement  
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Figure C.41 Two-Channel Specimen 
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Figure C.42 Two-Channel Specimen Reinforcement 
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Figure C.43 Three-Channel Specimen 
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Figure C.44 Three-Channel Specimen Reinforcement  
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Figure C.45 Reinforcement Details 
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C.2.3 Cast-in channel drawing 

 
Figure C.46 Cast-in channel details  
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 MILL CERTIFICATIONS 
 

This appendix contains the mill certifications for the specimen materials used in both the 

pushout tests and the beam tests. 
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 Pushout tests  
 

D.1.1 Steel frame  
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D.1.2 Halfen channels and bolts 
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451 
 

D.1.3 Lindapter clamps and washers 
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453 
 



454 
 



455 
 



456 
 



457 
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D.1.4 Reinforcement 

 

 



460 
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D.1.5 Concrete 
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 Beam tests 
 

D.2.1 Steel frame 
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D.2.2 Fully threaded rods 
 

45 in. long fully threaded rods used in beam test 1 
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46.5 in. long fully threaded rods used in beam test 1 



466 
 

46.5 in. long fully threaded rods used in other tests 
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D.2.3 Halfen channels and bolts  
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470 
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D.2.4 Lindapter clamps and washers 
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474 
 



475 
 



476 
 



477 
 

 



478 
 

D.2.5 Reinforcement  
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480 
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D.2.6 Concrete 

Pour 1

 

a 
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Pour 2 
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Pour 3 
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 EXPERIMENTAL RAW DATA 
 

This appendix contains all the raw data from the experimental programs. All the data was 

automatically converted to and output in engineering units within the data acquisition 

system. The data was saved and is plotted with initial offsets subtracted out. Long pauses 

that exhibited little appreciable change in value of the raw data were removed for clarity.  
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 Pushout test specimens  
 

E.1.1 Pretension tests  

 

  
M24 bolt test 1 M24 bolt test 2 

  
M24 bolt test 3 M20 bolt test 1 

  
M20 bolt test 2 M20 bolt test 3 

Figure E.1 Strain gage readings in bolt pretension tests  
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E.1.2 Pushout tests   

 

E.1.2.1  Actuator forces, actuator displacements and slips 

 

Two 110 kips actuators were used in the pushout tests. The plots titled “Actuator Force 

Variation” show the summation of the actuator forces, while the average of the actuator 

displacements is given in the figures titled “Actuator Displacement Variation”.  

 

  
Actuator force variation Actuator displacement variation 

  
Actuator force versus Actuator displacement Slip versus Time 

 Figure E.2 Actuator forces, actuator displacements and slips in Test 2-M24-2C-RH-LM 
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Actuator force variation Actuator displacement variation 

  
Actuator force versus Actuator displacement Slip versus Time 

Figure E.3 Actuator forces, actuator displacements and slips in Test 3-M24-2C-RL-LC 
 

  
Actuator force variation Actuator displacement variation 

  
Actuator force versus Actuator displacement Slip versus Time 

Figure E.4 Actuator forces, actuator displacements and slips in Test 4-M24-2C-RH-LM-S 
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Actuator force variation Actuator displacement variation 

  
Actuator force versus Actuator displacement Slip versus Time 

Figure E.5 Actuator forces, actuator displacements and slips in Test 5-M24-2C-RH-LC 
 

  
Actuator force variation Actuator displacement variation 

  
Actuator force versus Actuator displacement Slip versus Time 

Figure E.6 Actuator forces, actuator displacements and slips in Test 6-M24-2C-RH-LC-S 
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Actuator force variation Actuator displacement variation 

  
Actuator Force versus Actuator Displacement Slip versus Time 

Figure E.7 Actuator forces, actuator displacements and slips in Test 7-M24-3C-RH-LM 
 

  
Actuator force variation Actuator displacement variation 

  
Actuator force versus Actuator displacement Slip versus Time 

Figure E.8 Actuator forces, actuator displacements and slips in Test 8-M24-3C-RH-LC 
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Actuator force variation Actuator displacement variation 

  
Actuator force versus Actuator displacement Slip versus Time 

Figure E.9 Actuator forces, actuator displacements and slips in Test 9-M20-2C-RH-LM 
 

  
Actuator force variation Actuator displacement variation 

  
Actuator force versus Actuator displacement Slip versus Time 

Figure E.10 Actuator forces, actuator displacements and slips in Test 10-M20-2C-RH-LC 
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E.1.2.2  Beam strain gages  

 

After pretensioning the bolts, the flange strains were generally larger than the web strains, 

and the outside strains on the flanges were larger than the inside strains, because those 

locations are closer to the clamps. The strains on the flanges were usually tensile 

(positive values). The readouts fluctuated while the cyclic shear force was applied.  In 

Test 10-M20-2C-RH-LC, several gages behaved abnormally, as indicated by the drift of 

the readings while the test was paused.  

 

  
West section West section 

  
Middle section Middle section 

  
East section East section 

Figure E.11 Beam strain gage readings in Test 3-
M24-2C-RL-LC 

Figure E.12 Beam strain gage readings in Test 5-
M24-2C-RH-LC 
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West section West section 

  
Middle west section Middle section 

  
Middle east section East section 

 

 

East section  
Figure E.13 Beam strain gage readings in Test 8-

M24-3C-RH-LC 
Figure E.14 Beam strain gage readings in Test 

10-M20-2C-RH-LC 
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E.1.2.3 Bolt strain gages  

 

After pretensioning, the strain measurements from the gages away from the steel section 

were commonly smaller than those from the gages close to the section. During 

pretension, the substantial strain difference between the two gages attached on the same 

bolt came from the bending of the bolt. As the cyclic shear force was applied, fluctuation 

was observed in the strain measurements.  

 

  
Test 3-M24-2C-RL-LC Test 5-M24-2C-RH-LC 

  
Test 6-M24-2C-RH-LC-S Test 8-M24-3C-RH-LC 

  
Test 9-M20-2C-RH-LM Test 10-M20-2C-RH-LC 

Figure E.15 Bolt strain gage readings in pushout tests  
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E.1.2.4  Channel lip strain gages  

 

The readings from the rosette strain gages displayed a similar pattern as that observed 

from the bolt strain gages. The strains measured by the legs closer to the steel section 

were usually negative (compressive), while positive (tensile) strains were measured by 

the legs away from the steel section. Since the pretension force for the M20 bolt is 

smaller than that of the M24 bolt, the channel lip strains were smaller in the tests using 

M20 bolts. Because of different scales of the graphs, the variation of the strains due to the 

applied shear force seems to be more appreciable in the M20 bolt tests than in the M24 

bolt tests.  
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Channel 1 Channel 2 

  
Channel 3 Channel 4 

Figure E.16 Channel lip strain gage readings in Test 3-M24-2C-RL-LC 

  
Channel 1 Channel 2 

  
Channel 3 Channel 4 

Figure E.17 Channel lip strain gage readings in Test 5-M24-2C-RH-LC 
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Channel 1 Channel 2 

  
Channel 3 Channel 4 

  
Channel 5 Channel 6 

Figure E.18 Channel lip strain gage readings in Test 8-M24-3C-RH-LC 
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Channel 1 Channel 2 

  
Channel 3 Channel 4 

Figure E.19 Channel lip strain gage readings in Test 10-M20-2C-RH-LC 
 

E.1.2.5  Channel anchor strain gages  
 

  
Channels 1 and 3 Channels 2 and 4 

Figure E.20 Channel anchor strain gage readings in Test 3-M24-2C-RL-LC 
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Channels 1 and 3 Channels 2 and 4 

Figure E.21 Channel anchor strain gage readings in Test 5-M24-2C-RH-LC 

  
Channels 1,3 and 5 Channels 2,4 and 6 

Figure E.22 Channel anchor strain gage readings in Test 8-M24-3C-RH-LC 
 

E.1.2.6  Reinforcement strain gages  
 

  
Test 5-M24-2C-RH-LC Test 8-M24-3C-RH-LC 

Figure E.23 Reinforcement strain gage readings in pushout tests 
 

 Beam test specimens 
 

In some figures, the variations of the parameters are omitted during the removal of the 

shoring; therefore, these plots may not start from the origin of the graphs.   
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E.2.1 Actuator forces and actuator displacements  

  
Actuator force  Actuator force  

  
Actuator displacement  Actuator displacement  

  
Actuator force versus actuator displacement  Actuator force versus actuator displacement  
Figure E.24 Actuator forces and actuator 

displacements in Test 1-M24-2C-RH 
Figure E.25 Actuator forces and actuator 

displacements in Test 2-M24-1C-RL 
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Actuator force  Actuator force  

  
Actuator displacement  Actuator displacement  

  
Actuator force versus actuator displacement  Actuator force versus actuator displacement  
Figure E.26 Actuator forces and actuator 

displacements in Test 3-M20-3C-RL 
Figure E.27 Actuator forces and actuator 

displacements in Test 4-M20-1C-RL 
 

E.2.2 Beam deformation 

 

In all the plots shown in this section, downward vertical deflection is positive, and the 

horizontal movement is positive when the west (or east) end moves in the west (or east) 

direction. 
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Vertical deflection  Horizontal movement  

Figure E.28 Beam deformation in Test 1-M24-2C-RH 

  
Vertical deflection  Horizontal movement 

Figure E.29 Beam deformation in Test 2-M24-1C-RL 

  
Vertical deflection  Horizontal movement 

Figure E.30 Beam deformation in Test 3-M20-3C-RL 
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Vertical deflection  Horizontal movement 

Figure E.31 Beam deformation in Test 4-M20-1C-RL 
 

E.2.3 Beam rotation   

 

In all the tests, since the loading of the specimens was displacement-controlled, 

symmetry is seen in the rotation of the beams under flexure (i.e., IY1 and IY2). For Test 

4-M20-1C-RL, more rotation is seen at the east side than the west side, which could 

relate to the significant plastification at the east inner loading point section. Since the 

lateral braces prevented excessive lateral deformation of the concrete slabs, titling of the 

system was restrained, which is evidenced by the almost constant rotation shown by IX1 

and IX2.  
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Test 2-M24-1C-RL Test 3-M20-3C-RL 

 
Test 4-M20-1C-RL 

Note: IX indicates the tilting of the concrete slab; IY indicates the rotation of the beam under flexure. 1 and 
2 refer to the west and east side of the beam, respectively.  

Figure E.32 Loading structure rotation in beam tests 
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E.2.4 Slip of clamps 

  
Test 1-M24-2C-RH Test 2-M24-1C-RL 

  
Test 3-M20-3C-RL Test 4-M20-1C-RL 

 Figure E.33 Slip measurements in beam tests 
 

E.2.5 Rod tension   

 

In Figure E.34, the dashed lines divide each curve into two segments to distinguish the 

pretension phase from the beam test phase. During the pretension phase, if the tension 

variation of a rod was tracked, the DAQ would run until the process was complete. When 

the DAQ was switched on next time to measure the tension of a different bar, the 

currently recorded tension of the previously pretensioned bar was usually less than the 

previous tension measurement for the same bar (<15%). Restarting the DAQ is a cause of 

the offsets in the measurements. Meanwhile, the differences may reflect the actual rod 

tension change which could be induced by relaxation and the pretension of nearby bolts 

and rods. Therefore, the data is not post-processed to eliminate the offsets.  
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Test 1-M24-2C-RH Test 2-M24-1C-RL 

  
Test 3-M20-3C-RL Test 4-M20-1C-RL 

Figure E.34 Rod tension variation in beam tests 
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E.2.6 Steel section strain gages 

 

  
Sections 1 and 5 Sections 1 and 5 

  
Sections 2 and 4 Sections 2 and 4 

  
Section 3  Section 3 

Figure E.35 Steel beam strain readings in Test 1-
M24-2C-RH 

Figure E.36 Steel beam strain readings in Test 2-
M24-1C-RL 
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Sections 1 and 5 Sections 1 and 5 

  
Sections 2 and 4 Sections 2 and 4 

  
Section 3  Section 3 

Figure E.37 Steel beam strain readings in Test 3-
M20-3C-RL 

Figure E.38 Steel beam strain readings in Test 4-
M20-1C-RL 
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E.2.7 Concrete plank strain  

 

At very small loading, the sensors were not very responsive. During the 

loading/unloading cycles, the measurements did not return to zero after removing the 

loads, which could relate to the settling of the beam. In all the tests, bangs, which result 

from the slip between the steel beam and the concrete planks, led to beam vibration and 

abrupt changes in the measurements. 
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Sections 1 and 5 Sections 1 and 5 

  
Sections 2 and 4 Sections 2 and 4 

  
Section 3 (North) Section 3 (North) 

  
Section 3 (South) Section 3 (South) 

Figure E.39 Concrete plank strain Test 1-M24-
2C-RH 

Figure E.40 Concrete plank strain Test 2-M24-
1C-RL 
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Sections 1 and 5 Sections 1 and 5 

  
Sections 2 and 4 Sections 2 and 4 

  
Section 3 (North)  Section 3 (North) 

  
Section 3 (South) Section 3 (South) 

Figure E.41 Concrete plank strain in Test 3-
M20-3C-RL 

Figure E.42 Concrete plank strain in Test 4-
M20-1C-RL 
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E.2.8 Bolt strain gages 

 

The pretension phase and beam test phase are separated by the dashed lines in the 

following figures. In Test 1, Test 3 and Test 4, while pretensioning the bolts, some strain 

gages attached on the bolt shanks were debonded, and the measurements from the 

debonded gages during the beam tests are thus not shown in the plots. In all the tests, 

between the two gages attached on the same bolt, the axial strain measurement from the 

gage close to the steel section was generally smaller than that from the gage away from 

the beam. The former varied throughout the experiments, while the latter almost 

maintained the same value. All the strain gage measurements in Test 3 showed tiny 

changes.  
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West bolts West bolts (bolts at plank 1) 

  
Center bolts  Center bolts and bolts at planks 2 and 14 

  
East bolts East bolts (bolts at plank 15) 

Figure E.43 Bolt strain readings in Test 1-M24-
2C-RH 

Figure E.44 Bolt strain readings in Test 2-M24-
1C-RL 
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West bolts West bolts (bolts at plank 1) 

 

 

 

Other bolts Center bolts and bolts at planks 2 and 14 

  
East bolts  East bolts (bolts at plank 15) 

Figure E.45 Bolt strain readings in Test 3-M20-
3C-RL 

Figure E.46 Bolt strain readings in Test 4-M20-
1C-RL 
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E.2.9 Channel lip strain gages  

 

The deformation of the channel lips was mainly generated while the bolts were 

pretensioned. During the beam tests, the lip strains appeared to vary concurrently with the 

bolt axial strains.  Since the slip of the center bolts was trivial, the axial forces of the bolts 

held. Consequently, the changes of the lip strains were not considerable. At the beam 

ends, the axial strains of the bolts decreased at large slips, and the lip strains varied 

accordingly. Several gages opened up during the tests, and the readings from these gages 

are thus not plotted in the graphs.  
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West plank  West plank  

  
Middle plank  Middle plank  

  
East plank  East plank  

Test 1-M24-2C-RH Test 4-M20-1C-RL 
Figure E.47 Channel lip strain readings in beam tests 
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E.2.10 Channel anchor strain gages  

 

The readings from the strain gages attached on the channel anchors indicate the 

deformation of the channel anchors. Throughout the tests, most of the strain 

measurements did not vary considerably.  

 

  
West end (plank 1) 

 
Middle (plank 8) 

 

 
East end (plank 15) 
Test 2-M24-1C-RL 

Figure E.48 Channel anchor strain readings in beam tests 
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E.2.11 Reinforcement strain gages  

 

  
Planks 1 and 15 Planks 1 and 15 

  
Planks 5 and 11  Planks 5 and 11  

  
Plank 8 Plank 8 

Test 1-M24-2C-RH Test 4-M20-1C-RL 
Figure E.49 Reinforcement strain readings in beam tests 
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 DATA REDUCTION 
 

Using procedures provided in this appendix, useful quantities are extracted from the raw 

data displayed in Appendix E.  
 

 Pushout tests  
 

The strategies for handling abnormal strain gage data are as follows:  

 

(1) Small drifts in strain values were commonly seen in the strain gage measurements 

in the cyclic tests that lasted for days, and they were eliminated for the subsequent 

data by subtracting the differences between the readings after pausing the test on 

the previous day and the readings before resuming the test on the next day.   

 

(2) In Test 5-M24-2C-RH-LC, a tiny portion of the raw data was lost during the first 

loading cycle of the loading history due to crash of the DAQ system. After 

reviewing the existing data, it was believed that the offset in the gage readings 

before and after the crash was insignificant. Since the missing data belonged to 

one of the elastic cycles, the effect of those data on interpreting the results was 

less important, and therefore no change was made to the raw data.   

 

(3) A few gages debonded or displayed erratic readings. These gages are not included 

in the plots in Appendix E. When these gages are essential for calculations, a 

substitute is found which potentially has the same measurement. For example, 

when gage EFSO was dead in Test 3-M24-2C-RL-LC, gage EFNO was utilized 

along with other gages on the south side to estimate the axial force at the east 

section. However, a reasonable substitute does not exist for gage 3c in Test 8-

M24-3C-RH-LC. Quantities, such as tensile stress and shear stress, were not 

computed for this anchor.   
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(4) Spikes were occasionally seen in the strain gage measurements. The readings, 

however, became normal afterwards. For those gages, the raw data with spikes 

was used for calculations. As a result, the processed data also shows spikes which 

should be disregarded, such as the spike in channel anchor strain ε%7 and stress 

σ%7	due to the measurement from gage 3b in Test 3-M24-2C-RL-LC. 

 

(5) After strain gage calibration, several gages still exhibited readings as large as 100 

microstrains. The whole measurements from those gages were offset such that the 

readings started from zero. Subsequent strain measurements and data reduction 

were not affected.  

 

(6) Erratic readings from bolt strain gages were minimally manipulated, because the 

calculated inelastic stress is dependent on the deformation history.  The pretension 

of bolt 3 in Test 6-M24-2C-RH-LC-S was calculated using the south strain gage 

data only. The sharp drop shown in the south strain gage attached on bolt 4 was 

removed, since the measurement became normal afterwards. When estimating the 

tension of bolt 4 in Test 10-M20-2C-RH-LC, only the north strain gage data was 

used.  

 

F.1.1 Load distribution among clamps  
 

In the clamping system, the shear force distribution among the clamps can be indicated 

by the axial force variation along the length of the steel beam. Using the strain 

measurements from the gages attached on the steel beam, the axial force at different cross 

sections of different specimens is calculated in this section.  

 

In order to calculate the axial force at the gaged beam sections, three assumptions are 

made: (1) plane sections remain plane; (2) the axial stress is uniform along the flange and 

web thickness; (3) since the axial force mainly flows through the flange, the contribution 

from the top plates welded on the web is neglected. The process is shown below:  
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Contribution from the web: 

 Φ8 =
3(O9 − O6)

Q − @:
 (F.1) 

 Φ; =
3(O< − O=)

Q − @:
 (F.2) 

 O.8 = O9 +Φ8
Q − @:

3
 (F.3) 

 O.; = O< +Φ;
Q − @:

3
 (F.4) 

 O38 = O6 −Φ8(@: +
Q − @:

3
) (F.5) 

 O3; = O= −Φ;(@: +
Q − @:

3
) (F.6) 

 30 =
(O.8 + O.; + O38 + O3;)

4
gQ@0 (F.7) 

Contribution from the flange:  

 3: =
(O> + O$ + O7 + O?)

4
g(R: − @0)@: (F.8) 

Figure F.1 shows the definition of the notation. The axial force variation at different cross 

sections for different specimens is plotted in Figure F.2 through Figure F.5. In these plots, 

positive values represent tensile forces, and negative values represent compressive forces. 
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Figure F.1 Strain gage locations and numbering for WT sections  

  

West section West section 

  

Middle section Middle section 

 
 

East section East section 
Figure F.2 Axial force variation for cross sections 

in WT beam in Test 3-M24-2C-RL-LC 
Figure F.3 Axial force variation for cross sections 

in WT beam in Test 5-M24-2C-RH-LC 
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West section West section 

  

Middle west section Middle section 

 
 

Middle east section East section 

 

 

East section  
Figure F.4 Axial force variation for cross sections 

in WT beam in Test 8-M24-3C-RH-LC 
Figure F.5 Axial force variation for cross sections 

in WT beam in Test 10-M20-2C-RH-LC 
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F.1.2 Bolt pretention force variation 
 

Since the tension of the T-bolts directly affects the shear strength and behavior of the 

clamps, numerous bolts were instrumented with strain gages to track the bolt tension 

variation throughout the tests. Due to the nonlinear behavior of the bolts, the conversion 

from the measured inelastic strains to inelastic stresses with the Chaboche model is 

demonstrated in this section.  

 

In the Chaboche model without isotropic hardening, the nonlinear kinematic strain 

hardening rule determines how the yield surface is translated in the stress space following 

the backstresses. The hardening law for each backstress is  

 Qh5 =
=5

b@
(i − h5)QO+A

'B
− j5h5QO+A

'B  (F.9) 

Where =5  is the initial kinematic hardening modulus; j5  is the rate at which the 

kinematic hardening modulus decreases with increasing plastic strain. Both are 

independent parameters and can be calibrated with monotonic coupon testing data. b@ is 

the size of the yield surface; O+A
'B  is the equivalent plastic strain. The overall backstress is 

calculated as:  

 h = kh5

8

5C>

 (F.10) 

Where c is the number of backstresses.  

 

The conversion from measured inelastic strains to inelastic stresses was conducted in 

ABAQUS/Standard with a single three-dimensional, linear, reduced integration solid 

element, as shown in Figure F.6. Material properties assigned to the element included 

elastic modulus and Possion’s ratio, which were 30900 ksi and 0.3, respectively.  The 

kinematic hardening behavior of the material was defined by specifying half-cycle data. 

In ABAQUS, the input stress and strain are true stress and true plastic strain. However, 

the stress and strain obtained from tensile coupon testing are nominal stress and nominal 

strain, which are calculated based on the undeformed configuration of the coupons. The 
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relationship between the two types of strain and stress values is shown in Equations (F.11) 

and (F.12) (ABAQUS 2011).  

 

 

Figure F.6 Stress analysis model   
 

  O.D&+ = <,	(1 + O*()) (F.11) 

 b.D&+ = b*()(1 + O*()) (F.12) 

The true plastic strain is thus calculated as  

 O.D&+
'B

= O.D&+ − b.D&+/g (F.13) 

The input yield stress and plastic strain values provided in Table F.1 were based on a 

stress-strain relationship that is the average of the four tested stress-strain curves, as 

shown in Figure F.7. Three backstresses were defined to adequately characterize the 

variation of the strain hardening modulus. In the finite element model, nodes 1, 2, 5, and 

7 were restrained from moving in the Z direction, while the bottom nodes were fixed in 

the Y direction, and nodes 2 and 3 were prevented from translating in the X direction. 

The strain measurements were used as the displacement assigned to the top nodes.  

  

X

Y

Z

1 

2 

3 

4 

5 

6 

7 

8 



525 
 

 
Table F.1 Pushout test bolt stress and strain 

Stress (ksi) Strain  
Engineering True Engineering True 

105.900 106.27 0.0035 0.00000 
113.475 113.93 0.0040 0.00031 
118.525 119.24 0.0060 0.00212 
121.475 122.69 0.010 0.00598 
123.500 125.23 0.014 0.00985 
125.200 127.45 0.018 0.01372 
127.075 129.87 0.022 0.01756 
127.825 130.89 0.024 0.01948 
130.200 134.37 0.032 0.02715 
130.850 135.30 0.034 0.02906 
131.675 136.68 0.038 0.03287 
132.350 137.91 0.042 0.03668 
132.875 138.99 0.046 0.04048 

 

 
Figure F.7 Pushout test bolt stress-strain curves  
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F.1.2.1 Pretension test  

 

Using measured bolt strains, the stress-strain relationships and the bolt stresses at 

different number of turns of the nut are illustrated in Figure F.8. 

 

  
M24 bolt test 1 M24 bolt test 2 

  
M24 bolt test 3 M20 bolt test 1 

  
M20 bolt test 2 M20 bolt test 3 

Figure F.8 Bolt material loading and unloading behavior in pretension tests 
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F.1.2.2 Pushout test  

 

Using measured bolt strains, the tension variation of the instrumented bolts in several 

tests is illustrated in Figure F.9. The loading/unloading behavior of the bolt material 

during the tests is given in Figure F.10. 

 

  
Test 3-M24-2C-RL-LC Test 5-M24-2C-RH-LC 

  
Test 6-M24-2C-RH-LC-S Test 8-M24-3C-RH-LC 

  
Test 9-M20-2C-RH-LM Test 10-M20-2C-RH-LC 

Figure F.9 Bolt axial force variation in pushout tests 
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Test 3-M24-2C-RL-LC Test 5-M24-2C-RH-LC 

  
Test 6-M24-2C-RH-LC-S Test 8-M24-3C-RH-LC 

  
Test 9-M20-2C-RH-LM Test 10-M20-2C-RH-LC 
Figure F.10 Bolt material loading and unloading behavior in pushout tests 

 

F.1.3 Forces acting on channel anchors  

 

Several channel anchors were instrumented with rosette strain gages to determine the 

tension and shear forces the anchors were subjected to throughout the pushout tests. The 

conversion from the measured anchor strains to the anchor stresses is demonstrated in 

this section.  

 

Two-dimensional strain transformation is shown in Figure F.11. The orientation of the 

three legs in a rosette strain gage attached on a channel anchor is shown in Figure F.12. A 
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coordinate system is also defined for the transformed strains. Given the three strain 

measurements from a rosette strain gage, the axial and shear strain can be calculated 

using the following equations.   

 

 

 

Figure F.11 Strain transformation between different coordinates  

 
Figure F.12 Rosette strain gage orientation and defined coordinate system  
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 O% = O3 (F.19) 

 jE% = OF − O! (F.20) 

Where 

OF , O3 , O! = strain measurements from the rosette strain gages 

OE , O% , OE% = strain components with respect to the defined coordinate system 

 

The stress-strain relationship for elastic elements in a two-dimensional plane stress state 

is provided in Equations (F.21) through (F.24). The Von Mises yield criterion in Equation 

(F.25) is utilized to ascertain that the anchors are elastic.  

 
o

bE
b%
pE%

q =
g

1 − r$
o

1 r 0
r 1 0
0 0 (1 − r)/2

qo

OE
O%
jE%

q (F.21) 

 
bE =

g

1 − r$
(OE + rO%) (F.22) 

 
b% =

g

1 − r$
(O% + rOE) (F.23) 

 pE% = sjE% (F.24) 

 
bGH = `bE

$ + b%
$ − bEb% + 3pE%

$ (F.25) 

Where 

g = modulus of elasticity  

s = shear modulus  

r = Possion’s ratio 

 

When the anchor material was inelastic, the strains were converted into stresses using the 

single element model shown in Figure F.6. To prevent rigid body motion of the element, 

the same boundary conditions described in Section F.1.2 were defined.  The transformed 

axial strain in the y direction (i.e., 	O% ) was assigned to the top nodes, while the 
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transformed axial strain in the x direction (i.e.,	OE) and shear strain (i.e.,	jE%) were applied 

to nodes 1 and 4 and nodes 7 and 8, respectively. The displacement of nodes 5 and 6 was 

the summation of 	OE	and	jE%. The material stress-strain relationship given in Table 4.10 

in Chapter 4, which is obtained from tensile coupon testing, was employed for the 

anchors. The variation of the anchor strain and stress is plotted in Figure F.13 through 

Figure F.15.  

 

  
Anchors 1 and 3 Anchors 2 and 4 

Strain components 

  
Anchors 1 and 3 Anchors 2 and 4 

Stress components 
Figure F.13 Anchor strain and stress variation in Test 3-M24-2C-RL-LC 
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Anchors 1 and 3 Anchors 2 and 4 

Strain components 

  
Anchors 1 and 3 Anchors 2 and 4 

Stress components 
Figure F.14 Anchor strain and stress variation in Test 5-M24-2C-RH-LC 
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Anchors 1 and 5 Anchors 2, 4 and 6 

Stress components 
Figure F.15 Anchor strain and stress variation in Test 8-M24-3C-RH-LC 
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 Beam tests 
 

The strategies for handling abnormal linear potentiometer measurements and strain gage 

data are as follows:  

 

(1) When the specimen was left unloaded overnight, small drifts were commonly 

seen in the strain gage measurements. These drifts were eliminated by subtracting 

the differences between the readings after pausing the test on the previous day and 

the readings before resuming the test on the next day.   

 

(2) Although significant differences may exist in the strain measurements between 

the uniaxial gages attached on the north side of the steel web and those attached 

on the south side of the web, the average strain measurements were utilized for 

data reduction unless one of the two strain gages was debonded.  

 

(3) If the concrete strain measurement was drifted significantly overnight or was 

distinctly different from all the other gages, it was disregarded, and a counterpart 

was used as a substitute.  For example, in Test 1-M24-2C-RH, the reading from 

linear potentiometer C3ST2 continued increasing while the load was removed, 

and this measurement was replaced with that from C3NT2.  

 

(4) A few gages displayed erratic readings. These gages are not included in the plots 

in Appendix E. When these gages are essential for data reduction, a substitute is 

found which potentially has the same measurement. For example, gage AMNc in 

Test 2-M24-1C-RL was discarded because of its erratic reading. Gage AMSc was 

thus utilized along with the other gages to estimate the forces the anchor was 

subjected to.  

 

(5) Erratic readings from bolt strain gages were minimally manipulated, because the 

calculated inelastic stress is dependent on the deformation history.   
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F.2.1 Error in vertical and horizontal deflection measurements 

 

When the beams deflected, the locations where the vertical and horizontal deflections 

were measured moved not only in the vertical direction but also in the horizontal 

direction. As a result, the error of the measurements has to be evaluated or corrected.   

 

The measurements at the beam ends can be modified using Equations (F.26) and (F.27). 

A diagram is shown in Figure F.16a to illustrate the relationships between the parameters. 

The comparison between the measured end displacements and modified end 

displacements is plotted in Figure F.17. 

 (Y/ − t)(42:2+4)
$ + B)(42:2+4

$ = (Y/ − t)+F#&D+)+*.)
$ (F.26) 

 (Y- + B)(42:2+4)
$ + t)(42:2+4

$ = (Y- + B)+F#&D+)+*.)
$ (F.27) 
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a) Displacement measurements at beam ends 

 
b) Vertical displacement measurement along beam length 

Note: Red lines are strings; solid black dots are magnetic hooks attached to steel beams and strings.   
Figure F.16 Measurement error calculation 
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Specimen 1-M24-2C-RH Specimen 2-M24-1C-RL 

  
Specimen 3-M20-3C-RL Specimen 4-M20-1C-RL 

Figure F.17 Measured displacements and modified displacements 
 

During testing, it was observed that locations V0 through V3 moved westwards, while 

the other locations moved eastwards. The calculation of the vertical displacement 

measurement errors is given in the diagram in Figure F.16b and Equation (F.28). For 

locations V1 through V5, only the residual horizontal deformation was measured after 

terminating the test, as shown in Table F.2. It is assumed that the horizontal displacement 

varied linearly with the vertical displacement throughout the tests. 

 
Table F.2 Residual horizontal movements at various locations of beam specimens (units: inches) 

Specimen # V1 V2 V3 V4 V5 
1-M24-2C-RH 1.65 1.61 0.67 -0.39 -0.16 
2-M24-1C-RL 1.60 1.60 0.89 -0.05 -0.17 
3-M20-3C-RL 2.13 2.13 1.14 -0.19 -0.24 
4-M20-1C-RL 2.28 2.00 1.18 -0.20  -0.12 

Note: Errors may exist in the measurements at V4 and V5 sections. Positive values indicate westward 
movement, and negative values indicate eastward movement.  
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B+DD(D =		

Y- − `∆E
$ + (Y- − ∆%)

$

∆%
− 1 (F.28) 

The relative vertical displacement measurement error variation along with the beam 

deformation is shown in Figure F.18. From these figures, it is found that the errors 

increase with increasing vertical deflections, and the error increase is more quickly at the 

ultimate state of the beams. The maximum error is less than 7% in Specimen 3-M20-3C-

RL, which is negligible. In addition, since the measurements of the ultimate deflections 

are less important than those for the serviceable deflections, the vertical displacement 

measurements of all the beam specimens are used without any modification.  

  

  
Specimen 1-M24-2C-RH Specimen 2-M24-1C-RL 

  
Specimen 3-M20-3C-RL Specimen 4-M20-1C-RL 

Figure F.18 Relative vertical deflection measurement errors 
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F.2.2 Beam end rotation calculation  
 

The behavior of the beam specimens is demonstrated using load-center deflection curves 

as well as moment-end rotation curves. During the beam tests, the beam end rotations 

were not measured directly. Instead, they are calculated in this section using the vertical 

displacement measurements at the ends of the beams.  

 

The deformation at the roller end of a composite beam specimen is illustrated in Figure 

F.19. The beam end extension is assumed to be rigid, and the beam end rotation is thus 

determined as:   

 m = 	arctan	(	
B)(42:2+4

t)(42:2+4 + 12
) (F.29) 

Although the horizontal movement at the pin end of the beam is minimal and t)(42:2+4 

in Equation (F.29) could be omitted, Equation (F.29) is still used to calculate the rotation 

at the pin end of the beam.  

 

B)(42:2+4 and t)(42:2+4 are calculated in Section F.2.1 and shown in Figure F.17. The 

variation of the end rotations of the beam specimens is plotted in Figure F.20. The 

average of the two rotations at the roller end and the pin end is used in the moment-end 

rotation curves.  

 

 
Figure F.19 Beam end rotation calculation 
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Specimen 1-M24-2C-RH Specimen 2-M24-1C-RL 

  
Specimen 3-M20-3C-RL Specimen 4-M20-1C-RL 

Figure F.20 End rotation variation of beam specimens  
 

F.2.3 Beam 3 center deflection extrapolation 

 

By the time the full stroke of the center string pot, which measures the center deflection 

of the beam, was reached, the load-deflection curve still ascended slowly. It was thus 

decided to continue deflecting the beam until the beam almost touched the concrete 

strong floor or the load plateaued. Although the center deflection was not measured after 

the center string pot was disabled, it is extrapolated in this section using the displacement 

measurements from the other sensors. 

 

As plotted in Figure F.21, linear relationships can be assumed between the center 

deflection and the other vertical displacement measurements, particularly at large 

deflections. The midspan deflection is thus extrapolated using the other deflections, and 

the average of the extrapolated curves indirectly represents the center deflection of the 

beam after disabling the center string pot, as illustrated in Figure F.22. Hence, both the 
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direct vertical deflection measurement from the center string pot and the indirect vertical 

deflection measurement extrapolated from the other sensors are used in the load-center 

deflection curve of this specimen.  

 

  
Figure F.21 Other vertical deflections versus 

center deflection Figure F.22 Extrapolated center deflection  
  

F.2.4 Effective width calculation  

 

As discussed in Section 5.4, the compressive strains along the width of the center 

concrete plank were measured with displacement sensors. To calculate the effective 

width of the beam specimens, the compressive stress distribution needs to be calculated 

from the compressive strain distribution.  

 

The stains were converted to stresses by implementing the concrete constitutive model 

proposed by Popovics (1973) and given in Equations (4.22) and (4.23) in Chapter 4.  The 

strain corresponding to the peak compressive stress was defined as 0.003, and the 

crushing strain was set as 0.005. In Test 3-M20-3C-RL, concrete crushing happened at 

the center plank of the beam, and concrete spalling was seen at the top surface of the 

center plank where the displacement sensors were attached. As a result, the measured 

compressive strains were overestimated, and some strain measurements were as large as 

0.0075. The data was processed until the measured strain reached 0.005. The compressive 

strain and stress variations at the center concrete plank are plotted for all the specimens in 

Figure F.23 through Figure F.26.  
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Strain variation  Stress variation  

Figure F.23 Center concrete plank compressive strain and stress variation in Test 1-M24-2C-RH 

  
Strain variation  Stress variation  

Figure F.24 Center concrete plank compressive strain and stress variation in Test 2-M24-1C-RL 

  
Strain variation  Stress variation  

Figure F.25 Center concrete plank compressive strain and stress variation in Test 3-M20-3C-RL 
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Strain variation  Stress variation  

Figure F.26 Center concrete plank compressive strain and stress variation in Test 4-M20-1C-RL 
 

F.2.5 Bolt tension variation  

 

Numerous bolts were instrumented with uniaxial strain gages and rosette strain gages to 

track the bolt tension variation throughout the beam tests. The measured inelastic strains 

are converted to inelastic stresses in this section.  

 

The stress-strain curves for the M24 and M20 bolts used in the beam tests are illustrated 

in Figure F.27. A stress-strain curve is developed to represent the average stress-strain 

relationship of the six round coupons. The stress and strain values for the representative 

stress-strain curve are provided in Table F.3. The methods of converting the strain 

measurements to bolt axial stresses can be found in Sections F.1.2 and F.1.3.  

 

The bolt tension variation is plotted in Figure F.28 for the bolts in all the beam 

specimens. Rosette strain gages were attached on the shanks of some bolts to ascertain 

the influences of the shear strain resulting from the torque during bolt pretension and the 

shear force while the beam was loaded. The comparison between the curves that account 

for the shear strain and the corresponding curves that ignore the shear strain indicates that 

the calculated axial stress is usually a little smaller when considering the shear strain. 

Figure F.29 shows the loading/unloading behavior of the bolt material. When the shear 

strain is considered, the axial stress versus axial strain relationship does not follow the 

uniaxial stress-strain curve.   
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Figure F.27 Beam test bolt stress-strain curves  

 
Table F.3 Beam test bolt stress and strain 

Stress (ksi) Strain  
Engineering True Engineering True 

105.900 106.271 0.0035 0.0000 
115.600 116.062 0.004 0.00021 
123.417 124.157 0.006 0.00194 
126.400 127.664 0.010 0.00579 
128.933 130.738 0.014 0.00964 
130.683 133.036 0.018 0.01351 
132.300 135.211 0.022 0.01736 
133.067 136.260 0.024 0.01928 
135.700 140.042 0.032 0.02694 
136.233 140.865 0.034 0.02885 
137.167 142.379 0.038 0.03266 
137.900 143.692 0.042 0.03646 
138.483 144.854 0.046 0.04026 
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Test 1-M24-2C-RH Test 2-M24-1C-RL 

 

 

 
Test 3-M20-3C-RL Test 4-M20-1C-RL 

Figure F.28 Bolt tension variation in beam tests 
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Test 1-M24-2C-RH Test 2-M24-1C-RL 

 

 

 
Test 3-M20-3C-RL Test 4-M20-1C-RL 

Figure F.29 Bolt material loading and unloading behavior in beam tests 
 

F.2.6 Axial force and bending moment at a cross section  

 

In this section, the actual moment at a section denotes the external moment which is 

produced by the self-weight of the specimen and the actuator forces and determined using 

moment equilibrium, while the calculated moment at a section describes the internal 

moment attained with strain measurements and moment integration. The comparison 

between the two moments is used to validate the readings from the strain gages.   
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At the instrumented sections, the internal forces can be calculated using either actuator 

forces or strain measurements. The calculation of the internal moment using the steel 

section strain measurements is illustrated in Figure F.30. The curvature of the steel 

section was deduced from the strain measurements along the depth of the section. Plane 

sections were assumed to remain plane, and the presumed strain distribution was linear. 

The slope .@ and the y-intercept .> were thus obtained using linear regression, as given 

in Equations (F.30) and (F.31).  

 .@ =
(,∑ |2O2

*
2C> ) − (∑ |2

*
2C> )(∑ O2)

*
2C>

,∑ |2
$*

2C> − (∑ |2
*
2C> )$

 (F.30) 

 .> = (kO2

*

2C>

− .k|2

*

2C>

)/, (F.31) 

Where  

, = number of strain gage measurements 

O2 = the ith strain measurement 

|2 = the location of the ith strain measurement measured from the bottom surface of the 

steel section 

 

Another two assumptions were made:  

 

(1) During the unloading phase, the measured steel strains could decrease, and elastic 

unloading was assumed. The interaction among different stresses was 

disregarded. For example, the gaged steel sections were under combined flexure 

and shear, but the influence of the shear force on the axial strain measurements 

was ignored. From tensile coupon testing, the uniaxial constitutive models for the 

steel beams were obtained which consisted of three regions, namely, the elastic 

region, the plateau region, and the strain hardening region.  

 

(2) The radii at the flange-to-web joints in a steel section were ignored. In other 

words, the section was simplified as three rectangles that represented the two 
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flanges and the web. The measured dimensions were used to calculate the axial 

force and bending moment at the cross section.  

When calculating the axial force and moment, the steel section was divided into multiple 

small rectangles which were similar to the shaded region in Figure F.30.  This region had 

a width of R2 and a height of	ℎ2. The average strain of the region was obtained using the 

linear regression model. Based on the uniaxial stress-strain curves of the materials and 

the strain history, the stress was found which corresponded to the average strain. The 

axial force of the shaded region was thus calculated as the multiplication of the stress by 

the area of the region, and the moment was taken with respect to the bottom surface of 

the steel section. For the steel beam, the flanges and web were divided into 4 and 40 

layers, respectively. The resultant compressive force in the concrete plank was calculated 

using force equilibrium, and the magnitude was equal to the resultant axial tension in the 

steel section. However, the position of the compression could not be readily determined 

and might vary throughout the test.  

  
 

O2 = .@Q2 + .> 

~# =k~2 =kb2R2ℎ2 

~! = ~# 

2 =k22 =k~2Q2 + ~!Q!  

Figure F.30 Internal force calculation for a composite beam section 
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In the beam specimens, the resultant compression in the concrete planks is anticipated to 

rise as the beam deflects, because adjacent concrete planks gradually separate at the 

bottom and contact at the top edges. Therefore, if the compression in the plank is 

assumed to be stationary in the moment calculation, the calculated moment cannot match 

the actual moment throughout the whole test. Nonetheless, the axial tension of the steel 

section is not dependent on the location of the resultant compression. For all the gaged 

sections, a lower bound moment and an upper bound moment were calculated. When 

determining the lower bound moment, the resultant forces were located at the centroid of 

the planks. To obtain the upper bound moment, it was assumed that the resultant 

compression in the concrete planks acted at the top edges where concrete crushing 

usually occurred during the tests. The calculated moment and actual moment are 

compared for all the sections and illustrated in Figure F.31 through Figure F.34.  

 

Before the actuator loading is applied, under self-weight, the actual moment is 

approximately 650 in.-kips at sections 1 and 5, 981 in.-kips at sections 2 and 4, and 1170 

in.-kips at section 3. These moments are larger than the upper bound and lower bound 

moments calculated according to the strain gage measurements. It is possible that the 

beam was not completely shored during construction, and the self-weight was partially 

taken by the beam itself, which was not captured by the strain gages. In other words, 

under self-weight, the actual strains at the gaged locations could be underestimated by the 

strain gage measurement. In each graph in Figure F.31 through Figure F.34, the actual 

moment curve is drawn twice, one shown in green and the other one in black. They are 

offset such that the green curve and the black curve start from the same value as the 

lower bound moment curve and the upper bound moment curve, respectively.  

 

It is observed from Figure F.31 through Figure F.34 that:  

 

• Beam 1: At section 1, during the loading/unloading cycles, the lower bound 

moment is very close to the actual moment. The difference between the two 

moments grows until the measurement from gage 1NBF increases more quickly 

than the other gages, and the calculated lower bound moment finally exceeds the 
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actual moment. For section 5, the lower bound moment matches the actual 

moment very well until the reading of gage 5NBF increases dramatically which 

may indicate localized deformation of the region where gage 5NBF is attached. 

The sharp strain increase starts at a strain of 1605 µε, close to the yielding strain 

of 1647 µε. At section 2, the upper bound moment is very close to the actual 

moment during the three 40% cycles. For the rest of the testing, the actual 

moment lies between the lower bound moment and the upper bound moment. 

Similarly, at section 4, minimal differences are seen between the upper bound 

moment and the actual moment during the three 40% cycles.  At a strain of 1422 

µε, the reading from gage 4NBF increases abruptly, which results in the sudden 

change in the calculated moment. The localized deformation happens at a strain of 

1422 µε, smaller than the yielding strain of 1647 µε. For the same reason, when 

the beam is unloaded, the calculated moment is much larger than the actual 

moment. The comparison at the ultimate state indicates the resultant compression 

is located between the centroid and the top edge of the plank, which may relate to 

the crushing between planks 10 and 11. When calculating the internal moment, 

the debonded gages on section 3 were excluded, and only gages 3NTF, 3STF, 

3NTW, and 3SBF were utilized. It is shown that the actual moment is between the 

two extremes during the 40% cycles. Because of gage 3SBF, the calculated 

moment increases much faster than the actual moment at data point 7000. The 

moment comparison at the end of the test appears to imply the compression in the 

center plank is close to the mid-height of the plank, which contradicts the 

anticipation that the compressive force rises as the test proceeds.  

 

• Beam 2: At sections 1 and 5, during the three 40% cycles, the actual moment lies 

between the lower bound moment and the upper bound moment. The differences 

between the lower bound moment and the calculated moment gradually vanish.  

In the end, both calculated moments are much larger than the actual moment, 

suggesting that the compression in the planks is below the centroid of the planks, 

which is counterintuitive. For section 2, the upper bound moment is close to the 

actual moment until the 80% cycle. Afterwards, the actual moment is slightly less 
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than the lower bound moment. At section 4, the upper bound moment matches the 

actual moment during the 40% cycles. Since the 80% cycle, the actual moment of 

section 4 is smaller than the calculated moment. Around 1500 µε (data point 

171000), the reading of gage 4SBF grows faster than the other gages, and this 

may overestimate the calculated moment. Eventually, the lower bound moment is 

about 10% larger than the actual moment. At section 3, the actual moment is close 

to the upper bound moment during the 40% cycles and at the end of the test. 

Minor concrete crushing happened between planks 8 and 9 later in the test, but the 

resultant compression may still stay at the top edge of plank 8 (section 3). At a 

strain of 1391 µε (data point 167000), measurements from both gages at the 

bottom flange increase more quickly than the other gages on the same section. 

When the load on the beam is removed, large differences are found between the 

actual moment and the calculated moment.  

 
• Beam 3: At sections 1 and 5, during the loading/unloading cycles, when the beam 

is loaded, the error between the lower bound moment and the actual moment is 

around 5%, but the error is much larger when the load is removed. In the end, the 

lower bound moment is about 10% larger than the actual moment. For sections 2 

and 4, the upper bound moment is close to the actual moment during the three 

40% cycles. Afterwards, the actual moment is smaller than the calculated moment 

for both sections until the end of the test. At the end of the test, the upper bound 

moment at section 2 matches the actual moment, while the actual moment of 

section 4 is fairly close to the lower bound moment. Although minor concrete 

crushing occurred between planks 5 and 6 at a deflection of 11.5 in., the resultant 

compression may not descend. For section 3, the difference between the upper 

bound moment and the calculated moment is small during the 40% cycles. 

Eventually, the actual moment lies between the upper bound moment and lower 

bound moment, indicating the descending of the resultant compression in the 

plank, which could be related to the localized concrete crushing at the top edge of 

the center plank.  
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• Beam 4: At sections 1 and 5, the difference between the actual moment and the 

lower bound moment is relatively small throughout the test. The reading of gage 

1SBF increases dramatically at a strain of 1311 µε, smaller than the yield strain of 

1630 µε. As a result, the calculate moment is much greater. For section 2, the 

upper bound moment is closer to the actual moment during the 40% cycles. The 

difference between the lower bound moment and the actual moment gradually 

reduces, and the actual moment eventually falls between the lower bound moment 

and the upper bound moment. For section 4, the upper bound moment matches the 

actual moment during the 40% cycles and the 60% cycle. At 1120 µε (data point 

65300), the reading of 4SBF grows much more quickly than the other gages, and 

thus the calculated moment is overestimated. The lower bound moment is close to 

the actual moment at the end of the test, which may be due to the crushing 

between planks 10 and 11 at a deflection of 3.8 in. At section 3, the difference 

between the actual moment and the upper bound moment is minimal during the 

40% cycles and the 60% cycle, while the actual moment is close to the lower 

bound moment at the 80% cycle. After the cycles are completed, the actual 

moment matches the upper bound moment.  
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Section 2 Section 2 

  
Section 3 Section 3 

  
Section 4 Section 4 

  
Section 5 Section 5 

Figure F.31 Actual moment versus calculated 
moment in Test 1-M24-2C-RH 

Figure F.32 Actual moment versus calculated 
moment in Test 2-M24-1C-RL 
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Section 1 Section 1 

  
Section 2 Section 2 

  
Section 3 Section 3 

  
Section 4 Section 4 
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Section 5 Section 5 

Figure F.33 Actual moment versus calculated 
moment in Test 3-M20-3C-RL 

Figure F.34 Actual moment versus calculated 
moment in Test 4-M20-1C-RL 

 

The axial force variation of the instrumented steel sections is provided in Figure F.35. As 

discussed in Section 5.6.9 in Chapter 5, based on force equilibrium, the net tension 

difference between two steel sections is equal to the resultant shear resistance of the 

clamps placed between these two sections. The variation of the average shear resistance 

of the clamps in each of the six regions illustrated in Figure 5.80 in Chapter 5 is plotted in 

Figure F.36.   
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Test 1-M24-2C-RH Test 2-M24-1C-RL 

  
Test 3-M20-3C-RL Test 4-M20-1C-RL 
Figure F.35 Calculated axial forces at the instrumented steel sections 
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Test 1-M24-2C-RH Test 2-M24-1C-RL 

  
Test 3-M20-3C-RL Test 4-M20-1C-RL 

Figure F.36 Shear resistance variation of clamp in different regions (per connector) 
 

F.2.7 Location of neutral axis in steel beam  

 

Since the axial strain at a neutral axis (NA) is zero, the NA in the steel section can be 

located using the strain measurements of the steel section. The position of the NA can be 

found using Equation (F.32) and Equations (F.30) and (F.31). The variation of the NA 

location, which is measured from the bottom flange of the steel section, is depicted in 

Figure F.37 through Figure F.40.   

 |8I = −.>/.@ (F.32) 

In Tests 1-M24-2C-RH and 3-M20-3C-RL, the NA at section 3 gradually rises into the 

concrete plank. Extrapolated with the strains of the steel beam, the NA is eventually 

above the top surface of the concrete plank. The unrealistic shifting of the extrapolated 

NA could be due to neglecting the slip existing at the steel/concrete interface.    
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Sections 1 and 5 Sections 1 and 5 

  
Sections 2 and 4 Sections 2 and 4 

  
Section 3 Section 3 

Figure F.37 Locations of neutral axes in steel 
sections in Test 1-M24-2C-RH 

Figure F.38 Locations of neutral axes in steel 
sections in Test 2-M24-1C-RL 
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Sections 1 and 5 Sections 1 and 5 

  
Sections 2 and 4 Sections 2 and 4 

  
Section 3 Section 3 

Figure F.39 Locations of neutral axes in steel 
sections in Test 3-M20-3C-RL 

Figure F.40 Locations of neutral axes in steel 
sections in Test 4-M20-1C-RL 

 

F.2.8 Forces acting on channel anchors 

 

In Test 2-M24-1C-RL, several channel anchors were instrumented with rosette strain 

gages to estimate the tensile and shear forces the anchors were subjected to. Section F.1.3 
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provides details on the calculation of the tensile and shear stresses. The calculated anchor 

strains and stresses are shown in Figure F.41. 

 

  
Strain components Stress components 

West end 

  
Strain components Stress components 

Middle   

  
Strain components Stress components 

East end  
Figure F.41 Anchor strain and stress variation in beam test  
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 SELECTION OF REACTION ANGLES IN 
PUSHOUT TESTS 

 
In the pushout tests, the steel reaction angles are selected for the concrete plank specimen 

to simulate the support provided by adjacent concrete planks in a composite beam, which 

could vary considerably depending on the location of the concrete plank in the beam. 

Two scenarios in a 30 ft. long composite beam are illustrated Figure G.1. In the beam, the 

end plank bears against the rest of the planks on the left half of the beam, while the plank 

next to the middle plank is supported by half of the middle plank. Hence, for an 

intermediate plank, the bearing stiffness provided by adjacent planks is between these 

two extremes. 

 
Figure G.1 Two scenarios in a composite beam 

 

Shown in Figure G.2, three simplified elastic finite element models were developed to 

calculate the bearing stiffness for the concrete plank. The two scenarios illustrated in 

Figure G.1 were simulated in models a and b, with model a and b representing the plank 

next to the middle plank and the end plank, respectively. The bearing stiffness of the 

selected steel angle was calculated in model c. In models a and b, the thickness of the 

supporting plank was adjusted to 4 in., which is equal to the height of the angle leg. One 

surface of the supporting plank was restrained from moving in all directions, since this is 

the plane of symmetry in the composite beam. Unlike the other two models, the bottom 

surface of the reaction angle was restrained in model c, representing the testing condition. 

Surface tractions were applied on the concrete plank surface. The width of the loading 

region mimics the width of a steel beam. The elastic modulus and Poisson’s ratio for the 

concrete plank were taken as 3605 ksi and 0.15, while these two parameters were 29000 

ksi and 0.3 for the angle section.   
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The calculated stiffness for the three models is 3385 kips/in, 658 kips/in and 2149 kips/in, 

respectively. Because the bearing stiffness of the steel reaction angle falls between the 

two extremes, the angle is an appropriate choice.  

  
a) Plank next to center plank 

 
b) End plank 

 

 
c) Steel reaction angle 

Figure G.2 Finite element models developed for bearing stiffness comparison 
 

Bottom surface fully restrained  

Fully restrained surfaces presenting the 
plane of symmetry in a composite beam 

Region where surface traction is applied   
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 SHEAR FORCE TRANSFER FOR 
COMPOSITE DIAPHRAGMS, LIFTING INSERTS, AND 

FULLY THREADED RODS DESIGN 
 

 Shear force transfer for composite diaphragms  
 

In the prototype structures outlined in Chapter 3, the clamps between the steel beams and 

concrete slabs are determined based on the design of the composite beams and girders 

under gravity loading. It is not clear whether the number of clamps is adequate to transfer 

the in-plane diaphragm forces to the lateral force-resisting systems (LFRS). Hence, the 

shear resistance of the clamps connecting the composite diaphragm and LFRS is 

compared to the inertia force generated in the diaphragm in this section. The 30-9-6 and 

30-3-6 structures, which are presented in Chapter 3 and shown in Figure H.1, are used as 

examples.  

 

The in-plane diaphragm forces for the prototype structures are calculated in accordance 

with ASCE 7-10. The basic information of the prototype structures is repeated here. Low 

gravity loading is employed to represent office occupancy, which is a uniform load of 

92.5 psf dead load (32 psf for roof) and 80 psf live load. High gravity loading 

corresponds to storage warehouse, which is designed for a uniform load of 92.5 psf dead 

load (32 psf for roof) and 250 psf live load. The weights of the partitions and walls, 

which are 20 psf and 15 psf equivalent, respectively, are also taken into account for 

seismic force calculation. The building is presumed to be located in Los Angeles. The site 

is classified as site D. Special concentrically braced frames (SCBF) (AISC 2016b) are 

chosen as the lateral force-resisting systems. 
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Note: The red lines show the lateral force-resisting systems. 

Figure H.1 Prototype structure floor plan 
 

Diaphragm force calculation as per ASCE 7-10 
 

According to ASCE 7-10 Section 12.10.1.1, the diaphragm should be designed for 

inertial forces determined as the maximum of approaches (1) and (2), as outlined below: 

(1) The design seismic force from the structural analysis of LFRS. This is commonly 

taken as the force from the Equivalent Lateral Force Procedure, where  

 ~E = =-E� (H.1) 

 =-E =
6EℎE

5

∑ 62ℎ2
5*

2C>
 (H.2) 

(2) The diaphragm design force ~'E, where 

 ~'E =
∑ ~2
*
2CE

∑ 62
*
2CE

6'E (H.3) 

             but not less than  

 ~'E,)2* = 0.2ÄJ;Å+6'E (H.4) 

             and not need exceed 

 ~'E,)2* = 0.2ÄJ;Å+6'E (H.5) 
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Each diaphragm should be designed to resist the peak response at that floor level. 

However, it is conservative to design the LFRS using the sum of the peaks at all levels, as 

the peaks at different levels do not occur simultaneously due to higher modes. Thus, the 

lateral forces in Approach 1, which are determined from the analysis of the vertical 

elements in the LFRS, could underestimate the diaphragm forces.  

 

Low gravity:  

 

Diaphragm force obtained based on Approach 1: 

 

According to Table 12.6-1 in ASCE 7-10, the Equivalent Lateral Force (ELF) procedure 

is permitted to be used for the building.  

 

The period of the building is calculated as:  

 

GF = =.ℎ*
E = 0.02 × 117@.<9 = 0.71	' 

 

The seismic response coefficient is determined as: 

 

=# =
ÄJ;

S
Ç
Å+
T
=
2ÄH;

3 S
Ç
Å+
T
=
2~FÄ;

3 S
Ç
Å+
T
=
2 × 1.0 × 2.0

3 ×
6
1.0

= 0.222 

≤
ÄJ>

G S
Ç
Å+
T
=

2~-Ä>

3G S
Ç
Å+
T
=
2 × 1.5 × 0.75

3 × 0.71 ×
6
1.0

= 0.176 

 

=# ≥ 0.044ÄJ;Å+ = 0.044 × 1.33 × 1.0 = 0.059 ≥ 0.01 

 

=# = 0.176 

 

The weight of the building is: 
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� = 294 + 1032 × 8 = 8550	.(&' 

 

The base shear is determined as:  

 

~E = =-EB = 0.176 × 8550 = 1505	.(&' 

 
Vertical force distribution:  

 

Level "1 (kips) ℎ1(ft.) ℎ12 "1ℎ12 731 81(kips) 
Roof 294 117 188 55380 0.070 105.222 

9 1032 104 165 170772 0.216 324.468 
8 1032 91 143 147443 0.186 280.143 
7 1032 78 121 124447 0.157 236.450 
6 1032 65 99 101832 0.129 193.481 
5 1032 52 77 79668 0.101 151.369 
4 1032 39 56 58056 0.073 110.308 
3 1032 26 36 37166 0.047 70.616 
2 1032 13 17 17339 0.022 32.944 
   Total 792103 1 1505 

 

Diaphragm force obtained based on Approach 2: 

 

Using Equation (H.3), the estimated maximum force induced at a diaphragm level is 

calculated as follows: 

 

Level "1 (kips) ∑ "0"
041 (kips) 80(kips) ∑ 80"

041  (kips) 851(kips) 
Roof 294 294 105.222 105.222 105.222 

9 1032 1326 324.468 429.69 334.419 
8 1032 2358 280.143 709.833 310.665 
7 1032 3390 236.450 946.283 288.072 
6 1032 4422 193.481 1139.764 265.996 
5 1032 5454 151.369 1291.133 244.307 
4 1032 6486 110.308 1401.441 222.986 
3 1032 7518 70.616 1472.057 202.070 
2 1032 8550 32.944 1505.001 181.656 

 

Minimum diaphragm design force: 

 

~'E,)2* = 0.2ÄJ;Å+6'E = 0.2 × 1.33 × 1.0 × 1032 = 274.51	.(&' 
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Maximum diaphragm design force: 

 

~'E,)2* = 0.4ÄJ;Å+6'E = 0.4 × 1.33 × 1.0 × 1032 = 549.02	.(&' 

 

The diaphragm design force is 334.42	.(&'  in both directions, which is between the 

minimum and maximum diaphragm design force. The equivalent uniform loading is 

334.42	.(&' 90	!@.⁄ = 3.72	.(&'/!@.  

 

High gravity:  

 

Diaphragm force obtained based on Approach 1: 

 

According to Table 12.6-1 in ASCE 7-10, the Equivalent Lateral Force (ELF) procedure 

is permitted to be used for the building.  

 

Period of the building:  

 

GF = =.ℎ*
E = 0.02 × 39@.<9 = 0.31	' 

 

Seismic response coefficient: 

 

=# =
ÄJ;

S
Ç
Å+
T
=
2ÄH;

3 S
Ç
Å+
T
=
2~FÄ;

3 S
Ç
Å+
T
=
2 × 1.0 × 2.0

3 ×
6
1.0

= 0.222 

≤
ÄJ>

G S
Ç
Å+
T
=

2~-Ä>

3G S
Ç
Å+
T
=
2 × 1.5 × 0.75

3 × 0.31 ×
6
1.0

= 0.403	 

 

=# ≥ 0.044ÄJ;Å+ = 0.044 × 1.33 × 1.0 = 0.059 ≥ 0.01 

 

=# = 0.222 
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Weight of the building: 

 

� = 294 + 1488 × 2 = 3270	.(&' 

 

Base shear:  

 

~E = =-EB = 0.222 × 3270 = 725.9	.(&' 

 

Vertical force distribution:  

 
Level "1 (kips) ℎ1(ft.) ℎ12 "1ℎ12 731 81(kips) 
Roof 294 39 39.0 11466 0.161 119.761 

3 1488 26 26.0 38688 0.559 404.092 
2 1488 13 13.0 19344 0.280 202.046 
   Total  69498 1.0 725.900 

 

Diaphragm force obtained based on Approach 2: 

 

Using Equation (H.3), the estimated maximum force induced at a diaphragm level is 

calculated as follows: 

 
Level "1 (kips) ∑ "0"

041 (kips) 80(kips) ∑ 80"
041  (kips) 851(kips) 

Roof 294 294 119.761 119.761 119.761 
3 1488 1782 404.092 523.853 437.426 
2 1488 3270 202.046 725.900 330.318 

 

Minimum diaphragm design force: 

 

~'E,)2* = 0.2ÄJ;Å+6'E = 0.2 × 1.33 × 1.0 × 1488 = 395.81	.(&' 

 

Maximum diaphragm design force: 

 

~'E,)2* = 0.4ÄJ;Å+6'E = 0.4 × 1.33 × 1.0 × 1488 = 791.62	.(&' 

 



568 
 

The diaphragm design force is 437.43	.(&'  in both directions, which is between the 

minimum and maximum diaphragm design force.  The equivalent uniform loading is 

4.86	.(&'/!@.  

 

Figure H.2 shows the floor that has the largest diaphragm force in each structure. The 

steel sections are labelled which connect the diaphragms to the LFRS. For the 30-9-6 

structure, the collector beams are W18x35 sections which have a percentage of composite 

action of 61.1%, while the girders that belong to the LFRS use W24x76 sections which 

are designed as non-composite sections. For the 30-3-6 structure, the collector beams are 

W21x55 sections which have a percentage of composite action of 38.9%, while the 

girders that belong to the LFRS use W30x99 sections which are designed as non-

composite sections. All the girders that are a part of the LFRS have a minimum 

composite action of 25% (Sabelli et al. 2011).  

 

In the 30-9-6 structure, the total shear resistance of the clamps that transfer the diaphragm 

force to the perimeter frame is calculated as:  

 

kÑ = (0.611 × 50 × 10.3 × 4 + 0.25 × 22.4 × 50 × 2) × 0.8 = 1455	.(&'

> 334	.(&' 

 

In the 30-3-6 structure, the total shear resistance of the clamps that transfer the diaphragm 

force to the perimeter frame is calculated as:  

 

kÑ = (0.389 × 50 × 16.2 × 4 + 0.25 × 29 × 50 × 2) × 0.8 = 1588	.(&'

> 437	.(&' 

 

Similar to the 25% strength reduction seen in steel headed stud anchors under cyclic 

loading (Pallarés et al 2009), a 20% strength reduction is proposed for the clamps (see 

Section 4.5.4.2 for further discussion). The comparison indicates that the clamps 

designed for gravity loading are adequate to transfer the diaphragm force. As the 
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resistance of the clamps is much larger than the design diaphragm force, it could be 

inferred that the slip of the clamps is negligible under design earthquakes.  

 

  
a) 9th floor in the 30-9-6 frame  b) 3rd floor in the 30-3-6 frame 

Figure H.2 Member sizes for the exterior girders and collector beams   
 

 Lifting points on concrete planks  
 

In this work, it was necessary to use lifting hooks to transport the precast concrete planks 

in the beam specimens. When detailing these precast concrete components, calculations 

are thus required to ensure that the components have sufficient strength to resist 

temporary loading during form removal, transportation, erection, etc.   

 

In this work, the lifting inserts are placed at the two outer fifth points of the planks to 

minimize the maximum bending moment induced by handling. It is expected that the 

most critical handling for these planks is to pull the specimens out of the formwork. Two 

sections are deemed to govern: (1) the section with the largest bending moment; (2) the 

section with the smallest moment of inertia, which is the section containing the cutouts 

and embedded PVC pipe. The maximum tensile stress in the concrete planks is 

conservatively calculated with the maximum bending moment and the section with the 

smallest moment of inertia.   

 

W18x35 

W18x35 

W24x76 

W21x55 

W21x55 

W30x99 

W18x35 

W24x76 

W18x35 W21x55 

W30x99 

W21x55 
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The following calculations identify that the tensile stress in a concrete plank induced by 

its self-weight during lifting of the concrete plank is below the modulus of rupture of the 

concrete plank, which indicates that the selected lifting points are effective.  

 

Parameters:  

 

Concrete plank:  

Plank length < = 8	!@.  

Plank depth Q = 6	(,. = 0.5	!@.  

Plank width R = 2	!@.  

Density Ö = 150	<R'/!@7 

 

Calculation:  

 

Figure H.3 illustrates the moment diagram of a concrete plank under its self-weight. The 

maximum positive bending moment is generated at the center section of the plank, while 

the maximum negative bending moment occurs at the lifting points.  

 

 
 

Figure H.3 Moment diagram of a concrete plank under gravity loading  (units: lb-ft) 
 

The maximum bending moment in the panel is: 

 

2'(# =
1

40
Ü<$ =

1

40
ÖRℎ<$ =

1

40
× 150 ×

6

12
× 2	 × 8$ = 240	<R − !@ 

 

Figure H.4 illustrates the section with the smallest moment of inertia. 

 

The location of the elastic neutral axis (measured from the bottom of the section) in this 

section is:   

-1
92

.

24
0.

-1
92

.
-1

92
.
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| =
19 × (6 − 1.05) × 3 − 2.81 × 1.91 × 2 × 1.91/2

19 × 6 − 2.81 × 1.91 × 2 − 1.05 × 19
= 3.26	(,. 

 

The sectional moment of inertia (without considering the cast-in channels) is:  

 

Å =
1

12
× 19 × (67 − 1.057) + 19 × (6 − 1.05) × (3.26 − 3)$

− 2 ×
1

12
× 1.917 × 2.81 − 2 × 1.91 × 2.81 × U3.26 −

1.91

2
V

$

= 286.2	(,? 

 

 
Figure H.4 Section with the smallest moment of inertia (units: inches) 

 

The tensile stress in the panel is thus:  

 

!. =
2'(#

Å
P =

240 × 12 × 3.26

286.2
= 32.80	&'( 

 

According to Table 5.5 in Chapter 5, the concrete planks reached a compressive strength 

of at least 3,500 psi by the time the specimens were lifted.  

 

The modulus of rupture of the concrete planks may be taken as:  

 

!D = 7.5JK!!
" = 7.5 × √3500 = 444	&'( 

 

19

6

2.81

1.91
1.05

Duct for PVC pipe 

Cast-in channels 
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A multiplier is employed to account for formwork suction and impact. Conservatively, 

1.7 is selected from Table 8.3.1 in PCI Design Handbook (2010). In addition, a safety 

factor of 1.5 is recommended in the handbook for the modulus of rupture.  

 

With the multiplier, the maximum tensile stress  = 1.7 × 32.80 = 56	&'( 

 

With the safety factor, the modulus of fracture of the planks = 444/1.5 = 296 ≫ 56	&'( 

 

The above calculation shows that the selected lifting points are effective.  

 

 Selection of fully threaded rods  
 

The design of a composite diaphragm commonly assumes that bending of the diaphragm 

is resisted by the steel chords, and the diaphragm has to be designed for the shear force 

(Sabelli et al. 2011). In the deconstructable composite diaphragm, the shear force is 

resisted by the friction between adjacent planks, and then resisted by the steel rods 

provided that the friction is overcome and the steel rods start to bear against the concrete 

planks. The selection of the threaded rods is based on the in-plane diaphragm force 

calculated in Section H.1. 

 

When the lateral force-resisting system is at the exterior of the structure, as shown in 

Figure H.1, the maximum shear demand occurs at the collectors. The largest required 

shear flow between the planks is 437.43	.(&' 2⁄ 90⁄ !@. = 2430	<R'/!@. 

 

The shear friction analogy can be adapted to select the threaded rods, and a shear friction 

coefficient of 0.6 given in Section 11.6.4.3 of ACI 318-11 may be valid. However, a 

frictional coefficient of 1.0 is assumed when choosing the threaded rods in the composite 

beam tests. The higher frictional coefficient leads to smaller rods with less pretensioning 

force, which makes the assembly of the test specimens easier. More importantly, in real 

practice, an interlocking mechanism can be achieved with intermittent tongue-and-groove 

joints, or the concrete surfaces can be purposely roughened. A higher coefficient of 
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friction can thus be justified. In addition, the flexural behavior of the composite beam 

specimens under gravity loading is not believed to be strongly affected by the pretension 

force in the rods.  

 

Based on the calculations in Section H.1, using dual-certified ASTM A36-14/A529-05 

Grade 50 rods with a nominal yield strength and a nominal tensile strength of 50 ksi and 

70 ksi, respectively, 5/8 in. fully threaded rods are selected. The normal force between 

the planks is taken as the lower value determined from the limit states of tensile yielding 

and tensile rupture.  

 

The stress area of a 5/8 in. thread rod is: 

= 0.785(à −
0.9743

,
)$ = 0.785 × (0.625 −

0.9743

11
)$ = 0.226	(,.$ 

Where 

à =	nominal bolt diameter  

, =	number of threads per inch 

 

The limit state of tensile yielding:  

 

∅.3* = ∅.~%), = 0.9 × 50 × 0.226	 = 10.17	.(&' 

 

The limit state of tensile rupture:  

 

∅.3* = ∅.~&)+ = 0.75 × 70 × 0.226	 = 11.87	.(&' 

 

If the spacing between the rods is 4 ft., the available shear flow between the planks =

10170	<R' 4	!@.⁄ = 2543 > 2430 <R' !@⁄ .	 
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 MOMENT OF INERTIA OF A COMPOSITE 
BEAM SECTION 

 

When the design of a composite beam is controlled by deflection, a reasonable evaluation 

of the moment of inertia of the composite section is necessary. In the AISC 360-16 

commentary (2016), several types of moment of inertia are defined. When the composite 

beam behaves elastically, an equivalent moment of inertia,	Å+A&2-	, is used, which is the 

moment of inertia of the transformed section. If the beam is a partially composite beam, 

Å+A&2-	  is interpolated between the moment of inertia of the steel section and the 

equivalent moment of inertia of the fully composite section. However, Leon et al. (1993) 

indicates that the deflection of a composite beam under serviceability cannot be estimated 

accurately with		Å+A&2-; therefore, an effective moment of inertia,	Å+::, is recommended 

which is taken as 0.75	Å+A&2- . A lower bound moment of inertia,	ÅLM 	, is also suggested, 

which neglects the contribution of the concrete in the tensile zone to the overall stiffness 

of the beam. It is demonstrated that  ÅLM also gives a good estimate of the elastic stiffness 

of the composite beam (Leon et al. 1993).  The values of these moment of inertia are 

calculated below.  

 

• Equivalent moment of inertia  

 

The location of the elastic neutral axis is measured from the bottom surface of the steel 

section and computed using Equation (I.1). The cast-in channels and supplementary 

reinforcement placed around the anchors are ignored in the calculation.   

|N8I =

@R+::
,

SQ +
@
2
T + )#

Q
2
+ c.3

1
4
nQ.3

$ (Q + à.3) + c33
1
4
nQ33

$ (Q + à33)

@R+::
,

+ )# + c.3
1
4
nQ.3

$ + c33
1
4
nQ33

$
 (I.1) 

Where 

R+:: = effective width of the concrete plank (in.) 

Q = nominal height of the steel section (in.) 
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Q33 = nominal bottom transverse bar diameter (in.) = 0.375 in. 

Q.3 = nominal top transverse bar diameter (in.) = 0.375 in. 

!!
" = concrete compressive strength (psi) 

, = modulus ratio = g#/g! 

@ = nominal thickness of the concrete plank (in.) = 6 in. 

)# = nominal area of the steel section (in2.) 

à33 = nominal distance between the bottom bars and the top surface of the steel section 

(in.) = 2.19 in. 

à.3 = nominal distance between the top bars and the top surface of the steel section (in.) 

= 5.19 in. 

g# = elastic modulus of the steel section (psi) 

g! = elastic modulus of the concrete plank (psi) = 57000K!!"  

c33 = number of bottom transverse bars = 5 

c.3 = number of top transverse bars = 21 

 

The transformed moment of inertia of a fully composite section is then given in Equation 

(I.2). 

 
Å.D = Å# + )# U|N8I −

Q

2
V

$

+
1

12,
R+::@

7 +
@R+::

,
UQ +

@

2
− |N8IV

$
 

+c.3
1

4
nQ.3

$ (Q + à.3 − |N8I)
$ + c33

1

4
nQ33

$ (Q + à33 − |N8I)
$ 

(I.2) 

Where 

Å#	= nominal moment of inertia for the structural steel section (in4.) 

 

When the section is partially composite, the equivalent moment of inertia could be 

approximated with Equation (C-I3-3) given in the AISC 360-16 commentary (2016). 

 Å+A&2- = Å# + âL
∑Ñ*

=:
M (Å.D − Å#) (I.3) 

Where 
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∑Ñ*	= strength of steel anchors between the point of maximum positive moment and the 

point of zero moment to either side (kips)  

=:	= compressive force in concrete slab for fully composite beam; smaller of  )#~% and 

0.85!!")! (kips) 

)! = area of concrete slab within the effective width (in2.) 

 

• Lower bound moment of inertia  

 

The equations for the elastic neutral axis and moment of inertia are given in Equations 

(C-I3-1) and (C-I3-2) in the AISC 360-16 commentary (2016).  

 äN8I =

)#Q7 +
∑Ñ*
~%

(2Q7 + Q>)

)# +
∑Ñ*
~%

 (I.4) 

 ÅLM = Å# + )#(äN8I − Q7)
$ +

∑Ñ*

~%
(2Q7 + Q> − äN8I)

$ (I.5) 

Where  

Q> = distance from the compressive force in the concrete to the top surface of the steel 

section (in.) 

Q7 = distance from the resultant steel tensile force for full section tension yield to the top 

surface of the steel section (in.) =	Q/2 

 

 
Figure I.1 Lower bound moment of inertia (reproduced from AISC 2016a) 
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The different values for moment of inertia are shown in Table I.1. In this table, the 

nominal clamp strengths employ the strengths predicted with Equation (4.27) in Chapter 

4, and the tested clamp strengths use the strengths obtained from the pushout tests 

presented in Chapter 4. The predicted shear strengths of the M24 and M20 clamps are 

19.15 kips and 13.25 kips, respectively, while the tested shear strengths of the M24 and 

M20 clamps are 22.13 kips and 13.83 kips, respectively. In Chapter 5, these values of 

	ÅLM 	  are used to calculate the estimated elastic stiffness of the composite beams 

specimens, which are then compared to the measured elastic stiffness from the 

experiments. An effective width of 90 in. is used in the calculations in Table I.1; Chapter 

5 has further discussion about appropriate effective widths to use for computing moment 

of inertia of these beams. 

 
Table I.1 Moment of inertia calculation  

Parameters 
Nominal Tested 

Beam 
 1 

Beam 
2 

Beam 
 3 

Beam 
 4 

Beam 
1 

Beam 
 2 

Beam 
 3 

Beam 
 4 

:67 (psi) 5,000 5,000 5,000 5,000 5,780 6,630 5,420 6,670 
:8 (psi) 50,000 50,000 50,000 50,000 52,500 52,500 46,900 49,000 
;9 (ksi) 29000 29000 29000 29000 29800 29800 30000 29500 
;6 (ksi) 4030 4030 4030 4030 4333 4641 4196 4686 

n 7.20 7.20 7.20 7.20 6.88 6.42 7.15 6.30 
4:;; (in.) 90 90 90 90 90 90 90 90 
<9 (in2.) 11.2 11.2 7.69 7.69 11.2 11.2 7.69 7.69 
d (in.) 14.1 14.1 13.9 13.9 14.1 14.1 13.9 13.9 

1<=>	(in.) 15.89 15.89 16.06 16.06 15.93 16.00 16.07 16.15 
><=>	(in.) 12.86 11.15 13.21 10.79 12.75 11.04 13.24 10.86 
?9 (in4.) 385 385 245 245 385 385 245 245 
??@ (in4.) 1622 1622 1183 1183 1638 1661 1189 1222 
@?@ (in3.) 102.08 102.08 73.66 73.66 102.82 103.81 73.99 75.67 
∑A" (kips) 421.3 229.8 477 159 486.2 265.2 496.8 165.6 
7; (kips) 560 560 384.5 384.5 588 588 360.3 377.7 
<6 (in2.) 540 540 540 540 540 540 540 540 
?:A!03 1458 1178 1183 848 1524 1242 1184 892 
@9 (in3.) 54.6 54.6 35.3 35.3 54.6 54.6 35.3 35.3 
@:;; (in3.) 95.78 85.02 73.66 59.97 98.45 87.65 73.99 62.03 

?BC 1146 918 848 612 1188 958 853 631 
?BC/?:A!03 0.79 0.78 0.72 0.72 0.78 0.77 0.72 0.71 
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 COMPOSITE BEAM STRENGTH AND 
STIFFNESS CALCULATION 

 

For assessing the performance of the composite beams in Chapter 5, calculations of the 

flexural strength and stiffness of these beams are needed. These calculations are 

demonstrated using Specimens 2-M24-1C-RL, 3-M20-3C-RL, and 4-M20-1C-RL as 

examples and outlined in this appendix. These three beams represent a partially 

composite beam with a neutral axis lying in the steel flange, a fully composite beam, and 

a partially composite beam with a neutral axis lying in the steel web, respectively. Tested 

material properties are used in the following calculations.  

 

• Specimen 2-M24-1C-RL 

 

Parameters:  

 

Beam span:  

Length = 30 ft. 

Slab:  

Slab depth = 6.0 in.  

Slab width = 96 in.  

Concrete: 

!!
" = 6632	&'( 

g! = 57000 × √6632 = 4641914	&'( 

Steel section: W14x38 

)# = 11.2	(,.$ 

Q = 14.1	(,.  

Q7 = Q/2 = 14.1/2 = 7.05	(,. 

@: = 0.515	(,. 

R: = 6.77	(,. 

@0 = 0.31	(,. 
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!%: = 50.07	.'( 

!%0 = 56.63	.'( 

): = 2R:@: = 2 × 6.77 × 0.515 = 6.97	(,.$	 

)0 = )# − ): = 11.2 − 6.97 = 4.23	(,.$ 

Clamps:	 

Ñ* = 22.1	.(&' 

, = 30	 

 

Calculations:  

 

1. Percentage of composite action  

 

The percentage of composite action is calculated for the maximum moment 

section which is located at one of the two inner loading points. 

 

The percentage of composite action of the beam is calculated as: 

 

∑Ñ* ():!%: + )0!%0) = 12 × 22.1/	(6.97 × 50.07 + 4.23 × 56.63) 	= 45.1%⁄  

 

2. Experimental flexural strength of the beam  

 

From the moment diagram illustrated in Figure J.1, it is seen that under the 

applied actuator loads the largest required flexural strength occurs at one of the 

two inner loading points of the beam. The variation of the bending moment at the 

center section and the two inner loading point sections is plotted in Figure J.2. In 

addition, the self-weight of the composite beam and loading structures also 

generates bending moment at these sections. The maximum bending moment at 

these sections is given in Table J.1. 
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Figure J.1 Moment diagram for Beam 2  
 

  
Figure J.2 Bending moment at center and inner loading point sections due to actuator loading 

 
Table J.1 Breakdown of bending moment (units: ft.-kips) 

Sections Applied actuator 
loads 

Weight of 
composite beam  

Weight of loading 
structures Total 

West inner loading point 374.68 72 22.5 469.2 
Center 361.71 75 22.5 459.2 

East inner loading point 355.58 72 22.5 450.1 
 

Therefore, the available flexural strength of the beam is 469.2 ft.-kips.  

 

3. Predicted flexural strength of the beam 

 

3.1 The strength of shear connectors placed between zero and maximum moment 

sections is equal to  

 

kÑ* = 12 × 22.1 = 265.2	.(&' 
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3.2 Calculate the effective width of the concrete planks   

 

R+ =
1

4
l!	RH4\	'&4, =

1

4
× 360 = 90	(,. < 96	(,.		 

 

3.3 Calculate the compressive force, C, in the concrete plank at the ultimate state. 

This force is the smallest of  

 

=> = 3% = )#!% = 6.97 × 50.07 + 4.23 × 56.63 = 588.5	.(&' 

 

=$ = 0.85)!!!
" = 0.85 × 90 × 6 × 6632/1000 = 3044	.(&' 

 

=7 =kÑ* = 265.2	.(&' 

 

= = min S)#!% , 0.85)!!!
",kÑ*T = 265.2	.(&' 

 

3.4 Calculate the depth of the equivalent rectangular concrete stress block 

 

4 =
=

0.85R+!!
" =

265.2

0.85 × 90 × 6.632
= 0.523	(,. 

 

Q> = 6.0 − 0.523/2 = 5.74	(,. 

 

3.5 Determine the location of the neutral axis in the steel beam  

 

Because 	=> − 2R:@:!%: = 588.5 − 6.97 × 50.07 = 239.5	.(&' < 265.2	.(& , the 

neutral axis lies in the top steel flange.  

 

Q$ =
1

2

	=> − =

2R:!%:
=
1

2
×

588.5 − 265.2

2 × 6.77 × 50.07
= 0.238	(,. 
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3.6 Calculate the flexural strength of the beam  

 

2 = =(Q> + Q$) + 3%(Q7 − Q$) 

= 265.2 × (5.74 + 0.238) + 588.5 × (7.05 − 0.238) = 466.2	!@ − .(&' 

       

4. Predicted stiffness of the beam 

 

The stiffness of the beam is estimated using the lower bound moment of inertia of 

the composite beam section, which is given in Table I.1 in Appendix I. For a 

beam under four concentrated forces applied at equal spacing, the stiffness can be 

calculated with the following equation.   

 

. =
gÅ

0.01575<7
=

29800 × 958

0.01575 × 3607
= 38.9	.(&'/(,. 

 

• Specimen 3-M20-3C-RL 

 

Parameters:  

 

Beam span:  

Length = 30 ft. 

Slab:  

Slab depth = 6.0 in.  

Slab width = 96 in.  

Concrete: 

!!
" = 5420	&'( 

g! = 57000 × √5420 = 4196377	&'( 

Steel section: W14x26 

)# = 7.69	(,.$ 

Q = 13.9	(,.  

Q7 = Q/2 = 13.9/2 = 6.95	(,. 
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@: = 0.42	(,. 

R: = 5.03	(,. 

@0 = 0.255	(,. 

!%: = 45.57	.'( 

!%0 = 48.43	.'( 

): = 2R:@: = 2 × 5.03 × 0.42 = 4.23	(,.$	 

)0 = )# − ): = 7.69 − 4.23 = 3.46	(,.$ 

Clamps:	 

Ñ* = 13.8	.(&' 

, = 90	 

 

Calculations:  

 

1. Percentage of composite action  

 

The percentage of composite action is calculated for the maximum moment 

section which is located at one of the two inner loading points. 

 

The percentage of composite action of the beam is calculated as: 

 

∑Ñ* ():!%: + )0!%0) = 36 × 13.8/	(4.23 × 45.57 + 3.46 × 48.43) 	= 137.9%⁄  

 

2. Experimental flexural strength of the beam  

 

The variation of the bending moment at the center section and the two inner 

loading point sections under actuator loading is plotted in Figure J.3. The 

maximum bending moment at these sections is given in Table J.2. 
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Figure J.3 Bending moment at center and inner loading point sections due to actuator loading 

 
Table J.2 Breakdown of bending moment (units: ft.-kips) 

Sections Applied actuator 
loads 

Weight of 
composite beam  

Weight of loading 
structures Total 

West inner loading point 269.16 72 22.5 363.7 
Center 266.30 75 22.5 363.8 

East inner loading point 265.72 72 22.5 360.2 
 

Therefore, the available flexural strength of the beam is 363.8 ft.-kips.  

 

3. Predicted flexural strength of the beam 

 

3.1 The strength of shear connectors placed between zero and maximum moment 

sections is equal to  

 

kÑ* = 36 × 13.8 = 496.8	.(&' 

 

3.2 Calculate the effective width of the concrete planks   

 

R+ =
1

4
l!	RH4\	'&4, =

1

4
× 360 = 90	(,. < 96	(,.		 

 

3.3 Calculate the compressive force, C, in the concrete plank at the ultimate state. 

This force is the smallest of  
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=> = 3% = )#!% = 4.23 × 45.57 + 3.46 × 48.43 = 360.3	.(&' 

 

=$ = 0.85)!!!
" = 0.85 × 90 × 6 × 5420/1000 = 2488	.(&' 

 

=7 =kÑ* = 496.8	.(&' 

 

= = min S)#!% , 0.85)!!!
",kÑ*T = 360.3	.(&' 

 

3.4 Calculate the depth of the equivalent rectangular concrete stress block 

 

4 =
=

0.85R+!!
" =

360.3

0.85 × 90 × 5.42
= 0.869	(,. 

 

Q> = 6.0 − 0.869/2 = 5.566	(,. 

 

3.5 Determine the location of the neutral axis in the steel beam  

 

Since this specimen is a fully composite beam, only one neutral axis exists which 

lies in the concrete plank. Therefore, Q$ = 0. 

 

3.6 Calculate the flexural strength of the beam  

 

2 = =(Q> + Q$) + 3%(Q7 − Q$) 

= 360.3 × (5.566 + 0) + 360.3 × (6.95 − 0) = 375.8		!@ − .(&' 

       

4. Predicted stiffness of the beam 

 

The stiffness of the beam is estimated using the lower bound moment of inertia of 

the composite beam section, which is given in Table I.1 in Appendix I. For a 
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beam under four concentrated forces applied at equal spacing, the stiffness can be 

calculated with the following equation.   

 

. =
gÅ

0.01575<7
=

30000 × 853

0.01575 × 3607
= 34.8	.(&'/(,. 

 

• Specimen 4-M20-1C-RL 

 

Parameters:  

 

Beam span:  

Length = 30 ft. 

Slab:  

Slab depth = 6.0 in.  

Slab width = 96 in.  

Concrete: 

!!
" = 6670	&'( 

g! = 57000 × √6670 = 4655194	&'( 

Steel section: W14x26 

)# = 7.69	(,.$ 

Q = 13.9	(,.  

Q7 = Q/2 = 13.9/2 = 6.95	(,. 

@: = 0.42	(,. 

R: = 5.03	(,. 

@0 = 0.255	(,. 

!%: = 48.37	.'( 

!%0 = 50.03	.'( 

): = 2R:@: = 2 × 5.03 × 0.42 = 4.23	(,.$	 

)0 = )# − ): = 7.69 − 4.23 = 3.46	(,.$ 

Clamps:	 

Ñ* = 13.8	.(&' 
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, = 30	 

 

Calculations:  

 

1. Percentage of composite action  

 

The percentage of composite action is calculated for the maximum moment 

section which is located at one of the two inner loading points. 

 

The percentage of composite action of the beam is calculated as: 

 

∑Ñ* ():!%: + )0!%0) = 12 × 13.8/	(4.23 × 48.37 + 3.46 × 50.03) 	= 43.8%⁄  

 

2. Experimental flexural strength of the beam  

 

The variation of the bending moment at the center section and the two inner 

loading point sections under actuator loading is plotted in Figure J.4. The 

maximum bending moment at these sections is given in Table J.3. 

 

  
Figure J.4 Bending moment at center and inner loading point sections due to actuator loading 
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Table J.3 Breakdown of bending moment (units: ft.-kips) 

Sections Applied actuator 
loads 

Weight of 
composite beam  

Weight of loading 
structures Total 

West inner loading point 256.98 72 22.5 351.5 
Center 241.66 75 22.5 339.2 

East inner loading point 229.58 72 22.5 324.1 
 

Therefore, the available flexural strength of the beam is 351.5 ft.-kips.  

 

3. Predicted flexural strength of the beam 

 

3.1 The strength of shear connectors placed between zero and maximum moment 

sections is equal to  

 

kÑ* = 12 × 13.8 = 165.6	.(&' 

 

3.2 Calculate the effective width of the concrete planks   

 

R+ =
1

4
l!	RH4\	'&4, =

1

4
× 360 = 90	(,. < 96	(,.		 

 

3.3 Calculate the compressive force, C, in the concrete plank at the ultimate state. 

This force is the smallest of  

 

=> = 3% = )#!% = 4.23 × 48.37 + 3.46 × 50.03 = 377.7	.(&' 

 

=$ = 0.85)!!!
" = 0.85 × 90 × 6 × 6670/1000 = 3062	.(&' 

 

=7 =kÑ* = 165.6	.(&' 

 

= = min S)#!% , 0.85)!!!
",kÑ*T = 165.6	.(&' 
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3.4 Calculate the depth of the equivalent rectangular concrete stress block 

 

4 =
=

0.85R+!!
" =

165.6

0.85 × 90 × 6.67
= 0.324	(,. 

 

Q> = 6.0 − 0.324/2 = 5.838	(,. 

 

3.5 Determine the location of the neutral axis in the steel beam  

 

Because 	=> − 2R:@:!%: = 377.7 − 4.23 × 48.37 = 173.1	.(&' > 165.6	.(& , the 

neutral axis lies in the steel web.  

 

According to AISC 2016a, the steel section is idealized as the model illustrated in 

Figure J.5.  This model assumes that  

 

): = !<4,éH	4èH4 = R:@:	 

)0 = 6HR	4èH4 = (Q − 2.)@0 

ê4+' = . − @: 

êFD+F = >)# − 2): − )0?/2 

 

 
Figure J.5 Idealized W-shape steel section (reproduced from AISC 2016a)  
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Assume the neutral axis lies in ê4+'. The location of the neutral axis is calculated 

as:  

Q$ = @: +
	=> − 2R:@:!%: −∑Ñ*

2!%:
êFD+F
ê4+'

 

= 0.42 +
173.1 − 165.6

2 × 48.37 ×
7.69 − 4.23 − (13.9 − 2 × 0.82) × 0.255

2 × (0.82 − 0.42)

= 0.606

< 0.82	(,. 

 

3.6 Calculate the flexural strength of the beam  

 

Take moment with respect to the location of the resultant concrete plank 

compression. All the notations used in the following equation are illustrated in 

Figure J.6. 

 

2 = 3% U
Q7

2
+ Q>V − 2R:@:!%: U

@:

2
+ Q>V − (3% − 2R:@:!%: −kÑ*)(Q> +

Q$ + @:

2
) 

= 377.7 × (6.95 + 5.84) − 204.61 × (0.21 + 5.84) − 7.5 × (5.84 +
0.61 + 0.42

2
) 

= 295.4		!@ − .(&' 

    

 
Figure J.6 Composite beam flexural strength calculation (Neutral axis in steel web) 
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4. Predicted stiffness of the beam 

 

The stiffness of the beam is estimated using the lower bound moment of inertia of 

the composite beam section, which is given in Table I.1 in Appendix I. For a 

beam under four concentrated forces applied at equal spacing, the stiffness can be 

calculated with the following equation.   

 

. =
gÅ

0.01575<7
=

29500 × 631

0.01575 × 3607
= 25.3	.(&'/(,. 
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 DIAPHRAGM BEHAVIOR OF 
DECONSTRUCTABLE COMPOSITE FLOOR SYSTEMS 

 

The material presented in this appendix is published in the following paper:  

 

Wang, L., Webster, M. D., and Hajjar, J. F. (2015). "Diaphragm Behavior of 
Deconstructable Composite Floor Systems," Proceedings of the 8th International 
Conference on Behavior of Steel Structures in Seismic Areas (STESSA 
2015),Shanghai, China, July 1-3, 2015, China Architecture & Building Press, 
Beijing, China. 

 

A series of preliminary finite element analyses has been conducted to study the 

diaphragm behavior of the deconstructable composite floor system. All the finite element 

models were developed in ABAQUS/CAE and analyzed in ABAQUS/Explicit. The 

analyses presented here employed the explicit method to solve quasi-static problems by 

applying cyclic loads sufficiently slowly to render the dynamic response negligible.  

 

 Finite element model and mesh  
 

The finite element model, illustrated in Figure K.1, represents half of a 30 ft. by 30 ft. 

diaphragm, which is composed of staggered precast concrete planks that are compressed 

together using threaded rods and then clamped to the steel beams. A similar test setup 

was utilized by Easterling and Porter (1994) to investigate composite diaphragms. Steel 

beams with sizes W14x30 and W12x19, acting as the chords in the diaphragm, were 

selected to represent potential beam sizes in a gravity system, and the shear connectors 

were designed accordingly. A W18x40 member was chosen as the steel girder that is part 

of the seismic force resisting system along the perimeter. The number of connectors 

between the steel girder and girder plank was varied to explore different failure modes. 

No reinforcement was used in the planks in these simulations. 

 

Cast-in channels were meshed with both eight-node reduced integration brick elements 

(C3D8R) and six-node reduced integration triangular prism elements (C3D6R), while the 
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steel beams and concrete planks were meshed with C3D8R only. The complex geometry 

of the clamps and the bolts, modelled in detail in this work, necessitated use of four-node 

tetrahedron elements (C3D4).  

   

 
 

Figure K.1  Deconstructable composite diaphragm finite element model  
 

K.1.1 Boundary conditions, load applications and contact 
 

A symmetric boundary condition, as show in Figure K.1, was defined such that nodes on 

these surfaces were prevented from translating in the X direction and rotating in the Y 

and Z directions. The ends of the steel girder were restrained from moving vertically to 

avoid rigid body motion of the system.  

 

The loading history in these analyses was divided into three steps. Compression between 

planks was simulated by applying pressure on all the side surfaces of the diaphragm slab 

except for the surface where the boundary condition was defined, which is acceptable 

unless the response in the vicinity of the rods is studied. Bolt pretension was then 

obtained by assigning a thermal expansion coefficient and temperature change to the 

bolts, creating thermal shrinkage and generating tensile forces in the shanks because of 

the constraints at the bolt ends. The steel girder was then subjected to cyclic loading 

using displacement control in the Z direction. The displacement history is provided in 

Precast concrete planks 

Girder plank 

W12x19 

W12x19 

W14x30 

Loading surface of the steel girder 
W18x40 

Symmetric boundaries 
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Figure K.2. All the loadings were applied slowly and smoothly to minimize dynamic 

effects and obtain a quasit-static solution.   

 

The contact behavior between surfaces was defined in the normal direction with “Hard 

contact” and in the tangential direction using a penalty formulation. The frictional 

coefficient was taken as 0.3 for all the surfaces. General contact was selected to 

automatically define potential contact surfaces.   

 

 
Figure K.2 Displacement loading history for computational models 

 

K.1.2 Material models   
 

• Material model for concrete  

 

Concrete tensile cracking and compressive crushing were accounted for using the 

concrete damaged plasticity model provided in ABAQUS. The tensile stress-strain 

relationship is linear elastic until the cracking stress is reached, and a softening stress-

strain curve follows representing the formation of cracking. The compressive stress-strain 

response is linear elastic until the initial yield stress. The subsequent response is 

characterized by strain hardening and strain softening beyond the ultimate stress. Under 

cyclic loading, this concrete model can capture opening and closing of cracks observed in 

tests by allowing for stiffness recovery when the load is reversed. The compressive 

stress-strain curve in BS EN 1992-1-1, provided in Equation (K.1), was employed for this 

analysis. The elastic modulus was calculated using Equation (K.2). The Poisson’s ratio 

was taken as 0.2. 
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b! 	

!!)
=

.ë − ë$

1 + (. − 2)ë
 (K.1) 

g!) = 22(
!!)

10
)@.77 (K.2) 

Where, 

!!)= mean value of concrete cylinder compressive strength (MPa) 

b!= concrete compressive stress (MPa) 

ë =
O!

O!>
 

O!= concrete compressive strain 

O!>= concrete compressive strain corresponding to peak stress !!) 

O!> = 0.7!!)
@.7> ≤ 2.8 

. =
1.05g!) × O!>

!!)
 

 

The default parameters specified in ABAQUS for the concrete damaged plasticity model 

were used to characterize the plastic behavior under general stress and stress state. The 

parameters include: dilation angle =	38°, eccentricity = 0.1.	ê!, the ratio of the second 

invariant of the stress deviator on the tensile meridian to that on the compressive 

meridian at initial yield at a given first invariant of stress such that the maximum 

principal stress is negative, is equal to 0.67. The ratio of biaxial compressive yield stress 

to uniaxial compressive yield stress 	b3( b!(⁄  is taken as 1.16. 

 

Concrete damage variables characterize stiffness degradation when the specimen is 

unloaded from any point on the softening branch. The damage variables range from zero 

for an undamaged model to one, exhibiting complete loss of strength and stiffness. 

Concrete tensile damage à!  and compressive damage à.  were derived using the 

following expressions: 
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à! = 1 − b!/!!  (K.3) 

à. = 1 − b./!.  (K.4) 

Because mesh sensitivity exists for concrete with little or no reinforcement, tension 

stiffening is defined in terms of a stress-displacement curve rather than a stress-strain 

curve to eliminate localization issues.  

• Material models for steel beams, channels and bolts  

 

An elastic-perfectly-plastic material model is defined for the steel beams and channels. 

The nominal yield stress for the steel beams and channels is taken as 345 MPa. The 

elastic modulus is taken as 200 GPa for all of these components. The mechanical 

behavior is assumed to be the same in both tension and compression. A typical stress-

strain curve for Grade 8.8 bolt material is provided in Kulak et al. (1987) and used for the 

analysis, as seen in Figure K.3.   

 

  
a) Concrete cyclic compressive behavior  b) Concrete cyclic tensile behavior  

  
c) Steel cyclic behavior d) Bolt material 

Figure K.3 Material stress-strain curves 
 



597 
 

 Analysis results     
 

The parameters of the computational models for the diaphragm system are listed in Table 

K.1, including the compressive stress between adjacent planks and the number of shear 

connectors between the steel girder and girder plank. The different compressive stresses 

in the table correspond to different spacing between the threaded rods. For example, 

when the threaded rods are placed at a distance of 4 ft., an equivalent compressive stress 

of 1.5 MPa is assumed. Although the steel girder is designed as a bare steel section, at 

least twenty shear connectors are needed to ensure a minimum of 25% composite action 

(AISC 2016a). The spacing of the clamps is reduced from 3 ft. to 2 ft. when 28 clamps 

are used for the steel girder.  

 
Table K.1 Analytical model parameters 

Model Number Compressive stress (MPa) Number of shear connectors 
1 1.5 28 
2 1.5 20 
3 3.0 28 
4 3.0 20 
5 6.0 28 
6 6.0 20 

 

The cyclic load-displacement curves are plotted in Figure K.4. The limit state for the first 

four models is joint sliding due to diaphragm shear; therefore, the compression between 

adjacent planks is directly related to the ultimate strength. The hysteresis loops are almost 

identical for Model 1 and Model 2, even though the number of shear connectors varies. 

Small, but slightly different, slip between the steel girder and girder plank is found for 

Models 3 and 4, which could explain that the hysteresis curves for the two models are 

very much alike, but differences do exist. Because the clamping stress between the planks 

is doubled, the peak strength of Model 3 (Model 4) is twice that of Model 1 (Model 2). 

Distinct load-displacement curves are plotted for Model 5 and Model 6, as their limit 

state is slip of the clamps between the steel girder and girder plank. The number of shear 

connectors affects the ultimate strength of the diaphragms. After doubling the clamping 

stress, the strength increase of Model 3 is larger than Model 4, which is reasonable since 

Model 4 has fewer clamps and slip happens earlier than Model 3. All the diaphragms 
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demonstrate ductile behavior with no strength and stiffness degradation. All the limit 

states observed from the simulations are shown in Figure K.5. 

 

   
Figure K.4 Load-displacement curves 

 

 

 

Joint sliding  Rotation of clamps 

 
Localized concrete tensile damage 

Figure K.5 Limit states of deconstructable composite diaphragm models 
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In the diaphragm models, the moment at the symmetric boundaries is shared by the steel 

chords and the concrete slab in accordance with their relative stiffness. Figure K.6 shows 

the ratio of the moment distributed to steel to the moment resisted by concrete for all the 

models during the cyclic loading process. The ratios for Models 1 and 2 are almost the 

same, since they have the same limit state. More force flows into concrete in Models 3 

and 5 than Models 4 and 6. As the compressive stress between the concrete planks 

increases, less force flows into the steel framing. It can be concluded that the majority of 

the external force follows the stiffer load path and flows into the concrete slab, and the 

rest goes through the steel chords that are bent about their weak axes. 

 

   
Figure K.6 Steel moment to concrete moment ratio 

 

While diagonal cracking may be seen in monolithic concrete diaphragms, this failure 

mode is uncommon in precast concrete diaphragms, since the joint between the 

diaphragms provides a weak link in the system. This argument is validated by the 

minimal concrete tensile damage observed in the diaphragm models. Joint opening due to 

diaphragm bending, another potential limit state for a precast concrete diaphragm, did not 

occur for the models developed.   
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